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Abstract 

Research conducted after the 1994 Northridge earthquake in the U.S. and the 1995 Kobe earthquake in Japan 

led to the development of today’s pre-qualified beam-to-column connections for capacity-designed steel 

moment resisting frames (MRFs). Welded moment connections feature weld backing bars that should be 

removed after the execution of complete joint penetration groove welds at the bottom beam flange-to-column 

flange joint. On the other hand, advancements in steel and weld materials, as well as fabrication techniques, 

allow for the exploitation of simplified weld details at this location. In welded moment connections for seis-

mic applications, the participation of the beam-to-column web panel zones in the energy dissipation is gener-

ally limited during an earthquake event. In such a design context, beam local buckling is likely even at mod-

est lateral drift demands, thereby engendering structural repair costs in the aftermath of earthquakes. The 

primary reasons for such a seismic design practice are twofold. The first one relates to known limitations of 

panel zone design models that compromise our ability to effectively balance the seismic design of fully re-

strained beam-to-column connections. The second one relates to the panel zone kinking that could increase 

the fracture potential of beam-to-column connections. However, recent experiments in the literature provide 

controversial results regarding the same matter. 

This doctoral thesis aims at advancing the state-of-knowledge regarding the seismic design and behavior of 

steel MRFs with highly dissipative panel zones. A new panel zone design model was first developed. This 

model addresses the limitations of all available panel zone models in the literature. The model was validated 

thoroughly with about 100 available experiments that encompass a broad range of geometric parameters. The 

panel zone model can effectively enable a balanced seismic design of welded moment connections with ine-

lastic panel zones. One step further, this thesis revisited the current detailing of welded connections. Simpli-

fications in their fabrication process were proposed by intentionally keeping a customized beveled backing 

bar in place, without impairing the connection’s ductility under cyclic loading. The proposed connection 

weld detail is substantiated by continuum finite element analyses and full-scale experiments on welded mo-

ment connections with highly dissipative panel zones. It is demonstrated that, contrary to the current design 

paradigm, a stable hysteretic response is achieved up until lateral drift demands of at least 7% rad, thereby 

diminishing the cyclic deterioration in story shear resistance. As such, the seismic stability of steel MRFs is 

only governed by global P-Delta effects. Quantitative seismic response characteristics of steel MRFs with 

highly dissipative panel zones through large-scale systel-level parametric studies were also provided. It is 

shown that steel MRFs with highly inelastic panel zones, have up to two times lower mean annual frequency 

of collapse than corresponding results with steel MRFs designed with the current status quo. It is also 
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demonstrated that steel MRFs with inelastic panel zones, enjoy up to 50% reduction in residual story drift 

ratios at a design-basis earthquake; their beam-to-column connections do not experience fractures due to 

panel zone kinking; and local buckling in steel beams is very limited even at low probability of occurrence 

seismic events. 

Keywords 

Steel moment resisting frames, Panel zones, Panel zone models, Full-scale experiments, Welded beam-to-

column connections, Beveled weld backing bars, Seismic stability, Structural repairs, Collapse risk. 
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Résumé 

Les différents études menées après les séismes de Northridge aux Etats-Unis en 1994 et de Kobe au Japon en 

1995 ont conduit au développement des liaisons poutre-poteau actuellement utilisées lors du dimensionne-

ment en capacité des cadres métalliques (MRF). Les connections rigides soudés, qui constituent l’objectif 

principal de cette thèse de doctorat, comportent des plaques d’appuis de soudure qui doivent être retirées 

après la réalisation d’une soudure à pénétration complète à la jonction entre l’aile inférieure de la poutre et 

celle de la colonne. D’autre part, les progrès réalisés dans le domaine de l’acier, des matériaux de soudure et 

des techniques de fabrication permettent aujourd’hui d’exploiter des détails de soudure simplifiés. Lors d’un 

événement sismique, la quantité d’énergie dissipée par les angles de cadre rigides est généralement limitée. 

Avec une telle conception, le voilement des poutres est probable même à des déplacements inter-étages mo-

destes, ce qui engendre des coûts de réparation structurelles post-sismique. Deux sont les raisons principales 

qui justifient une telle pratique en conception parasismique. La première est liée aux limites présentés par les 

modèles utilisés pour dimensionner les angles de cadre rigides, ce qui nous obligent de les dimensionner 

élastiquement. La deuxième concerne la grande ampleur des déformations au cisaillement que les angle de 

cadre peut subir pendant un séisme, ce qui peut causer une augmentation du potentiel de fracture des assem-

blages poutre-poteau. Cependant, des études conduits récemment fournissent des résultats controversés sur 

ce même sujet. 

Cette thèse de doctorat vise à faire progresser l'état des connaissances concernant la conception et le compor-

tement sismique des MRF en acier avec des angles de cadres à haute énergie de dissipation. Un nouveau 

modèle de dimensionnement des angles de cadre a d'abord été développé. Ce modèle aborde les limites des 

modèles d'angles de cadre disponibles dans la littérature. Le modèle a été validé de manière approfondie en 

utilisant environ 100 tests expérimentaux qui englobent un large éventail de paramètres géométriques. Le 

modèle d’angle de cadre proposé permet de dimensionner les connexions rigides soudées poutre-poteau en 

considérant un angle de cadre inélastique. De plus, cette thèse a aussi revisité les détails actuels des assem-

blages soudés. Des simplifications liés à leur fabrication ont été proposées en gardant intentionnellement en 

place une plaque d'appui biseautée personnalisée, sans altérer la ductilité de la connexion sous chargement 

cyclique. Le détail de soudure proposé est étayé par des analyses aux éléments finis et des essais à grande 

échelle sur des connexions poutre-poteau rigides soudées avec des angles de cadres à haute énergie de dissi-

pation. Il est démontré que, contrairement à la conception actuelle, une réponse hystérétique stable est obte-

nue jusqu'à des déplacement inter-étage d'au moins 7 % rad, diminuant ainsi la détérioration cyclique de la 

résistance au cisaillement de l'étage. Ainsi, la stabilité sismique des MRF en acier n'est gouvernée que par les 
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effets P-Delta globaux. Grâce à des études paramétriques, la thèse de doctorat a également fourni des carac-

téristiques quantitatives de la réponse sismique des MRF en acier avec des angles de cadre à haute énergie de 

dissipation. Il est démontré que les MRF en acier composé d’angles de cadres à haute énergie de dissipation 

ont une fréquence annuelle moyenne d'effondrement jusqu'à deux fois inférieure par rapport aux résultats 

obtenu avec des MRF en acier conçus selon les approches courantes. Il est également démontré que les MRF 

en acier avec des angles de cadre inélastiques bénéficient d'une réduction allant jusqu'à 50 % des déplace-

ments inter-étage relatifs résiduels lors d'un tremblement de terre de référence ; leurs assemblages poutre-

poteau ne subissent pas de fractures dues à de grandes déformations de cisaillement des angles de cadre ; et 

le voilement des poutres en acier est très limité même à des événements sismiques à faible probabilité d'oc-

currence. 

Mots-clés 

Cadre rigide en acier, Angle de cadre, Modèle d’angle de cadre, Essais à grande échelle, Connexions soudées 

poutre-poteau, Plaque d’appuis de soudure, Stabilité sous charge sismique, Réparations structurelles, Proba-

bilité d'effondrement. 
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 Introduction 

1.1 Research background 

Steel moment-resisting frames (MRFs) are commonly used as lateral load-resisting systems in seismic re-

gions. Steel MRFs can sustain high ductility demands if proper structural detailing is employed along with 

principles of capacity design (Fardis 2018; Uang and Bruneau 2018). In capacity-designed steel MRFs, ine-

lastic deformations are mostly concentrated near the steel beam ends and the first story column fixed ends 

(AISC 2016a; BCJ 2016; CEN 2004a; CSA 2019). Design rules applied to steel MRF beam-to-column con-

nections after the 1994 Northridge earthquake in California and the 1995 Kobe earthquake in Japan, limited 

the participation of the beam-to-column panel zones in the energy dissipation of beam-to-column connec-

tions. In this context, cyclic deterioration in flexural strength of steel beams due to local buckling is antici-

pated even at modest lateral drift demands (Lignos and Krawinkler 2013). This is a challenging issue from a 

repairability standpoint. 

Surveys in steel MRF buildings after the 1994 Northridge earthquake highlighted that pre-Northridge fully 

restrained welded unreinforced flange-bolted web (WUF-B) beam-to-column connections (see Fig. 1.1) with 

highly inelastic panel zones and deep beams (i.e., beam depths of more than 500mm) experienced premature 

fractures (FEMA 2000a; Youssef et al. 1995). 

 

Figure 1.1 Typical pre-Northridge fully restrained welded unreinforced flange-bolted web (WUF-B) beam-

to-column connection detailing. 

Commonly observed fracture types for the same connections are shown in Figs. 1.2 and 1.3. Referring to Fig. 

1.1, the presence of the weld backing bar was creating a geometric notch in the bottom beam flange, leading 

detail
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to high strain demands nearby that region. This notch, in combination with the inelastic panel zone kinking 

(see Fig. 1.3), necessitated high toughness requirements in the column and weld materials (Whittaker et al. 

1998), particularly for connection designs that featured deep beams (Chi et al. 1997). The fracture toughness 

of the weld material, which comprised semi-automatic, self-shielded, flux-cored arc welding process 

(FCAW-SS) was found to be fairly poor (Chi et al. 2000; FEMA 2000a), thereby leading to fractures in the 

weld material and the heat affected zone (see Fig. 1.2a and Fig. 1.3, Types 1 and 2). Moreover, the inferior 

fracture toughness through the column thickness direction was found to be inadequate compared to the frac-

ture toughness requirements in this location (Krawinkler 1995). This often lead to divot fracture (see Fig. 

1.2b and Fig. 1.3, Types 4, 8) and fracture through the column flange and web material (Miller 1998) as 

shown in Fig. 1.3 (i.e., Types 3, and 5-6). 

  

(a) fracture in the beam flange to column flange 

heat affected zone 

(b) divot fracture 

Figure 1.2 Characteristic beam-to-column connection fractures in Northridge 1994 earthquake [original im-

age courtesy: Prof. M. D. Engelhardt]. 

 

Figure 1.3 Schematic illustration of the beam-to-column connection fractures in Northridge 1994 earthquake 

[image adapted from Krawinkler et al. (1971); Tremblay et al. (1995)]. 

The non-optimized weld access hole geometry often caused high stress concentration near the beam flanges, 

thereby resulting in tearing nearby this location (Ricles et al. 2000) as shown in Fig. 1.3 (see Type 7). Final-

ly, the tendency towards scrap-based steel production and inferior quality control resulted in uncertainty in 
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the upper bound yield stress of the respective steel beams (FEMA 2000a; Tremblay et al. 1995). As a result, 

the yield stress of the weld metal was often under-matched with respect to the base metal’s yield stress. As a 

consequence, this often leads to brittle fracture at the beam flange-to-column flange weld material. 

The above findings constitute a great contribution for the further development of today’s prequalified beam-

to-column connections. Experimental studies on WUF-B connections with improved welding procedures, 

weld and base metal materials as well as an optimal access hole geometry (Han et al. 2007; Stojadinović et 

al. 2000) showed that this configuration was still inadequate to meet the established seismic performance 

requirements. As such, a tendency towards welded unreinforced flange-welded web (WUF-W) connections 

was established, based on experimental work (Lee et al. 2002, 2005c; b; Ricles et al. 2000, 2002a; b) and 

corroborating finite element studies (Chi et al. 1997; El-Tawil et al. 1998; Lu et al. 2000; Mao et al. 2001). A 

typical post-Northridge WUF-W connection, which is shown in Fig. 1.4, leverages a weld metal with im-

proved fracture toughness requirements for the execution of the complete joint penetration (CJP) weld be-

tween the beam flange-to-column flange connection. An optimized access hole geometry is also employed 

with rigorous specifications in the bottom beam flange weld backing bar. Moreover, an essentially elastic 

panel zone design is preferred in order to minimize strain localization due to kinking at the beam flange-to-

the column face interface. 

 

Figure 1.4 Typical post-Northridge fully restrained welded unreinforced flange-welded web (WUF-W) 

beam-to-column connection detailing. 

Figure 1.5a illustrates test results of a WUF-W beam-to-column connection designed as per AISC (2016a; b; 

c) with elastic panel zones (Shin 2017). At a lateral drift demand of 3% rad, local buckling initiates within 

the dissipative zone of the steel beam(s), while at 4% rad, there is prominent story shear resistance degrada-

tion. Cyclic deterioration of flexural strength increases the earthquake-induced collapse risk of steel MRFs 

(Lignos and Krawinkler 2011). Moreover, at modest lateral drift demands, the need of structural repairs at 

the steel MRF beam ends may be imperative (see Fig. 1.5a). 

Research (Chi and Uang 2002; Ricles et al. 2004b) suggests that once local geometric instabilities occur in 

the beam ends, the adjacent column is subjected to increased twisting demands, thereby compromising its 
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lateral load resistance (Elkady and Lignos 2018a; Ozkula et al. 2017). To limit the deformations within the 

beam-to-column panel zone, thick doubler plates may be imperative [e.g., Ricles et al. (2000); Sato et al. 

(2007); Shin (2017)]. Oftentimes, this involves welding near the k-area of steel columns and could potential-

ly cause fabrication problems (Barsom and Pellegrino 2000; Nikolaidou et al. 2013). 

  

  

  

(a) elastic panel zone design (b) highly inelastic panel zone design 

Figure 1.5 Welded unreinforced flange-welded web beam-to-column connection test results - First row: 

global response; Second row: panel zone response; Third row: connection caption at lateral drift demand of 

4% rad [images adopted from Shin (2017)]. 

From a life-safety standpoint, beam-to-column connections designed according to AISC 358-16 (AISC 

2016c) meet the prequalification criteria. While ensuring the life-safety is the utmost objective of current 

building seismic provisions, the impact of seismic events on direct and indirect financial losses has gained 

attention over the past decade (Aslani and Miranda 2005; Bonowitz 2009; Comerio 2006; FEMA 2012; Por-
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ter 2021; Ramirez and Miranda 2012). Along these lines, methodologies to quantify the time to recovery by 

means of structural and nonstructural element repairs and downtime have evolved (FEMA 2012, 2018; Fur-

ley et al. 2021; Terzic et al. 2021). Hwang and Lignos (2017) used the loss estimation methodology by 

Ramirez and Miranda (2012) and found that in low- to mid-rise steel MRFs designed in high seismicity 

zones, structural repairs due to beam-to-column connection damage attributable to local buckling in the steel 

beam ends is on the order of 20% of the total replacement cost of a steel frame building during a design-basis 

earthquake (i.e., 10% probability of occurrence over a 50 year service life) without considering downtime. In 

this regard, prior research has focused on limiting damage on structural building components to minimize 

functional recovery (Molina Hutt et al. 2021). 

Minimizing structural damage in buildings reduces the financial losses in the advent of mainshock-

aftershock seismic excitations (Song et al. 2014). Moreover, from a collapse safety standpoint, mobilizing a 

non-degrading component hysteretic response such as that in Fig. 1.5b decreases the collapse risk in the 

mainshock-aftershock earthquake sequences (Li et al. 2014; Shokrabadi et al. 2018). Within such a context, 

existing concepts for steel MRF beam-to-column connection seismic designs should be revisited, so as to 

minimize structural repairs and downtime in the aftermath of earthquakes. 

Back in the early 1970s, experimental studies on inelastic panel zone beam-to-column connections demon-

strated the beneficial aspects of panel zone shear yielding (Fielding and Huang 1971; Krawinkler et al. 1971; 

Krawinkler and Popov 1982; Popov et al. 1985). Figure 1.6a depicts a characteristic example of the stable 

panel zone hysteretic response. In this test, the beam-to-column connection reached 6% rad lateral drift de-

mands (see Fig. 1.6b) without major damage in the steel beams of the beam-to-column connection. On the 

other hand, the results should be carefully interpreted due to scale effects that did impact the overall beam-

to-column connection performance in steel MRF buildings during the 1994 Northridge earthquake (Mahin 

1998; Malley 1998). 

  

(a) panel zone response (b) global response 

Figure 1.6 Beam-to-column connection test results with inelastic panel zone (Krawinkler 1978). 
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More recent studies on WUF-W beam-to-column connection tests (Kim and Lee 2017; Lee et al. 2005b; Lin 

et al. 2000; Rahiminia and Namba 2013; Shin 2017) with highly inelastic panel zones (i.e., shear distortions 

higher than 10𝛾𝑦, where 𝛾𝑦 is the panel zone distortion at yield) demonstrated a satisfactory connection per-

formance without significant strength and stiffness deterioration at 6% rad lateral drift demands. Figure 1.5b 

depicts a stable hysteretic response up to 6% rad lateral drift demands of one of those connections, which can 

be directly contrasted with the current design paradigm (see Fig. 1.5a). Referring to Fig. 1.5b, the ultimate 

failure mode involved beam flange fracture in the CJP weld. The story shear resistance in this beam-to-

column connection without doubler plates is marginally smaller compared to the nominally identical beam-

to-column connection with doubler plates highlighted in Fig. 1.5a. In the former, the beam participation to 

the lateral drift demands is nearly three times less than that of the latter. As such, the associated twist de-

mands in the adjoining column were greatly reduced in this case. 

Despite the promising performance of beam-to-column connections with inelastic panel zones (i.e., distor-

tions higher than 1 − 4𝛾𝑦), balancing their shear resistance relative to the shear demand of the adjoining steel 

beams relies on the availability of reliable panel zone strength models for design. Available panel zone stiff-

ness and strength models (Kim et al. 2015; Kim and Engelhardt 2002; Krawinkler 1978; Lee et al. 2005c) in 

the literature exhibit a number of limitations. This is particularly evident in cases where column cross sec-

tions feature thick flanges (thickness higher than 50mm) as suggested in the literature (Brandonisio et al. 

2012; El-Tawil et al. 1999; Kim and Engelhardt 2002; Krawinkler 1978; Lee et al. 2005c; Qi et al. 2020; 

Soliman et al. 2018). Indicatively, a comparison between the predicted (AISC 2016b) and measured panel 

zone behavior is shown in Fig. 1.6a for available experimental data. Another reason why beam-to-column 

connection designs that promote panel zone yielding are not favoured is an existing perception that allowing 

for panel zone shear yielding in steel MRF beam-to-column connections, a soft story collapse mechanism 

may be triggered (Castro et al. 2005; Tsai and Popov 1990). 

Regardless of the advancement in the performance of current fully restrained prequalified welded unrein-

forced flange beam-to-column connections, their fabrication is time consuming due to the rigorous specifica-

tions in the beam flange to column face welding (FEMA 2000a; Miller 2017; Popov et al. 1998). The speci-

fications include removal of the bottom beam flange backing bar, weld root back gouging, ultrasonic testing 

to inspect potential deficiencies and fillet weld reinforcement of the outer bottom beam flange fiber to col-

umn face connection. On the other hand, quality control and fabrication technique improvements lead to 

simplifications in other structural details such as column splices (Shaw et al. 2015; Stillmaker et al. 2016), 

and continuity and doubler plate detailing in fully restrained beam-to-column connections (Reynolds and 

Uang 2022). 

Steel making practices, to date, offer high performance steel materials (Kanno 2016) with improved mechan-

ical properties depending on the application. For instance, for structural details that utilize plates with thick-

nesses higher than 38mm, lamellar tearing may occur due to the high strains imposed in the through-
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thickness plate direction (i.e., Z-direction) during the cooling process of the welding procedure (AISC 

2016a). In this case, steel-making practices offer increased through-thickness properties by limiting the sul-

fur content, which is one of the main causes of anisotropy in steels. By limiting sulfur, the brittleness reduces 

and the weldability is improved. Figure 1.7 indicates that high performance steel ensures increased reduction 

in area property (ASTM 2018a) by controlling the sulfur content. High performance steel with improved 

through-thickness direction properties does not only eliminate the steel anisotropy, but also increases the 

fracture toughness in all directions (Barsom and Korvink 1998; Malley and Frank 2000; Miki et al. 2002). In 

Europe, it is suggested that Z35 quality class be met according to CEN (2004b) for connections subjected to 

high though-thickness strains. Within this context, divot fracture (see Fig. 1.2b) that could potentially be an 

issue in post-Northridge WUF-W connections (Lin et al. 2000) may be alleviated. 

The general consensus from the above findings is that today’s fabrication and material advancements could 

be further exploited for the seismic design of fully restrained welded beam-to-column connections that pro-

mote panel zone shear yielding. Structural detailing simplifications at the beam flange to column face con-

nections may also be possible. 

 

Figure 1.7 Reduction of area in the through-thickness direction versus sulfur content for conventional and 

high performance steel (data from nipponsteel.com). 

1.2 Problem statement and research objectives 

The previous section suggests that the current status quo in prequalified WUF-W beam-to-column connec-

tions may necessitate structural repairs in the aftermath of earthquakes. Depending on the building occupan-

cy, downtime may be appreciable. Moreover, the beam end local instabilities lead to increased twist demands 

in steel MRF columns, thereby compromising their lateral load-carrying capacity. To ensure limited inelastic 

deformations within the beam-to-column panel zone, thick doubler plates may be imperative. On the other 

hand, by engineering the beam-to-column connections so as to balance the energy dissipation between the 

panel zone and the steel beams, a stable beam-to-column hysteretic response can be achieved for seismic 

intensities with a low probability of occurrence. At the same instance, the column twist demands and the 

https://www.nipponsteel.com/en/product/
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welding complexity in the doubler plates can be tolerated. Motivated by the above, this thesis aims at ad-

vancing the state-of-the-art in fully restrained WUF-W beam-to-column connections in modern steel MRFs 

designed in seismic regions. The main research objectives of this doctoral thesis are summarized as follows, 

• Develop a reliable model for the seismic design of steel MRF panel zones for balancing the overall 

seismic performance of beam-to-column connections under cyclic loading. 

• Develop simplified structural detailing rules for fully restrained WUF-W beam-to-column connections 

by waiving some of the current weld specifications at the beam flange-to-column flange location. 

• Conduct full-scale beam-to-column connection experiments to validate the proposed concepts and to 

characterize the ultimate failure modes of the proposed connections at large lateral drift demands asso-

ciated with structural collapse. 

• Conduct system-level studies of steel MRF buildings that utilize variable targeted panel zone inelastic 

deformations to benchmark their seismic collapse risk and their expected repairability requirements 

within the framework of performance-based earthquake engineering. 

1.3 Thesis outline 

This doctoral thesis comprises seven chapters, including the introduction and the conclusions. Four of them 

are part of peer-reviewed journal articles; two of them are already published and two are under review. One 

more article is planned to be submitted as a peer-reviewed journal paper. For the chapters that are reproduced 

from journal articles, detailed information is provided at the beginning of each chapter regarding the list of 

authors, their contribution and the full bibliographic information of the published article. A set of appendices 

complements the experimental program described in Chapter 5 and the system-level study described in 

Chapter 6. 

Chapter 2 summarizes the state-of-the-art in experimental research of fully restrained beam-to-column con-

nections. The collected test data emphasize on beam-to-column connections that feature inelastic panel 

zones. A comprehensive database is assembled for this purpose and is made publicly available, together with 

fully digitized panel zone and subassembly global hysteretic responses. The gathered dataset aids the beam-

to-column connection performance assessment and the evaluation of available panel zone models, some of 

which are currently used in the seismic design of steel MRFs. The assembled database constitutes a valuable 

source for validation of multi-fidelity finite element models. This chapter is reproduced from the peer-

reviewed journal article by Skiadopoulos and Lignos (2021). 

Chapter 3 proposes a mechanics-based panel zone model for the seismic design of steel unreinforced beam-

to-column connections. The model is informed by continuum finite element analyses for a broad range of 

panel zone geometries. Comparisons with pertinent experimental data presented in Chapter 2 suggest that the 

developed panel zone model provides a remarkable accuracy in predicting the panel zone stiffness and 

strength, while it tackles limitations of all available panel zone models in the literature. The effect of the 
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column axial load and the utilization of doubler plates on the panel zone response are interrogated. This 

chapter is reproduced from the journal article by Skiadopoulos et al. (2021). 

Chapter 4 revisits the current detailing of welded unreinforced flange-welded web beam-to-column connec-

tions as part of steel MRFs. The rigorous and resource-consuming bottom beam flange backing bar treatment 

necessitates its removal, weld root back gouging, thorough crack inspection and fillet reinforcement. Given 

the improved quality control as well as the weld and base metal specifications and practice to date, simplifi-

cations in the fabrication process are proposed by a beveled backing bar configuration. An optimized beveled 

unreinforced backing bar configuration is developed that minimizes the fracture potential at the beam flange 

to column face connection detail. This chapter is reproduced from the accepted peer-reviewed manuscript by 

Skiadopoulos and Lignos (2022a). 

Chapter 5 presents the experimental results of fully restrained WUF-W beam-to-connection full scale subas-

semblies. Their beam-to-column web panel zones, which were designed with the proposed model from 

Chapter 3, achieve highly inelastic panel zone shear distortions. Moreover, the beam flange to column face 

weld detailing is based on the recommendations that were developed as part of Chapter 4. Two loading pro-

tocols are employed in the testing program; the reversed cyclic symmetric loading protocol (AISC 2016a), 

and the SAC near-fault loading protocol, followed by a collapse-consistent lateral loading history. The re-

sults suggest that WUF-W beam-to-column connections with the proposed structural detailing achieve supe-

rior lateral drift demands (above 7% rads) without practically experiencing nonlinear geometric instabilities. 

While the weld backing bars were kept in place after the completion of demand-critical groove welds in the 

beam flange-column flange, these did not experience fractures. 

Chapter 6 proposes a modeling approach to explicitly simulate the hysteretic response of panel zones in steel 

MRFs. The fracture potential in inelastic beam-to-column connections is considered based on numerical 

model updating. The adopted modeling approach, which is thoroughly validated with available experimental 

data, is incorporated into system-level nonlinear simulations in order to quantify the seismic demands of 

prototype steel MRFs with variable panel zone targeted inelastic distortions. The steel MRFs range from 4 to 

20 stories. The seismic collapse risk of the examined steel MRFs is first quantified and compared with that of 

steel MRF designs that follow the current design paradigm. Hazard curves for local and global engineering 

demand parameters are developed in the context of performance-based earthquake engineering. These tools 

are employed to examine the effect of the panel zone inelasticity on the seismic stability and the expected 

level of structural repairs at pertinent seismic intensities of interest to the engineering profession. This chap-

ter is reproduced from the accepted peer-reviewed manuscript by Skiadopoulos and Lignos (2022b). 

Chapter 7 summarizes the primary conclusions of this study. Limitations as well as suggestions for future 

work are discussed. 
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A series of appendices supplement the experimental data described in Chapter 5 and the system-level study 

described in Chapter 6. These appendices include the drawings of the experimental setup, the lateral support 

system and the instrumentation plan described in Chapter 5. The ultrasonic test certificates together with the 

welding procedure specification and pertinent information regarding the material properties of the weld and 

base metal are also summarized in the appendices. Finally, a brief design summary of the steel MRF designs 

presented in Chapter 6 is also provided. 
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2.1 Introduction 

Modern capacity-designed steel moment resisting frames (MRFs) in seismic regions comprise beam-to-

column connections that usually experience limited inelastic behavior in their panel zone web joint during an 

earthquake. Related experimental studies (Kim and Lee 2017; Lee et al. 2005a, 2002; Lin et al. 2000; Rahi-

minia and Namba 2013; Shin and Engelhardt 2013a; Tsai and Chen 2000) that examined the behavior of 

beam-to-column connections designed with either weak panel zones or with a more balanced design ap-

proach, suggest that a properly detailed beam-to-column joint may reach up to high lateral drift demands 

(e.g., 6%), without experiencing much strength and stiffness deterioration as shown in Fig. 2.1a. This agrees 

with early seminal work on the topic (Fielding and Huang 1971; Ghobarah et al. 1992; Krawinkler et al. 

1971; Popov et al. 1985; Popov and Pinkney 1969; Slutter 1981; Tsai and Popov 1988). On the other hand, 

premature fracture due to excessive panel zone kinking should be prevented at modest lateral drift demands 

(Chi et al. 1997; El-Tawil et al. 1999; Lu et al. 2000; Mao et al. 2001; Ricles et al. 2004b). This may be 

achieved by properly balancing the panel zone shear strength with respect to the shear demand coming from 

the intersecting beam(s) and column. 

  

  

(a) weak panel zone design (b) strong panel zone design 

Figure 2.1 Comparison of panel zone and subassembly responses: (a) weak [test data digitized from SPEC-6, 

Ricles et al. (2004b)]; and (b) strong [test data digitized from SPEC-3, Ricles et al. (2004b)] panel zone de-

sign. 
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The state-of-the-art in panel zone strength modeling (Kim and Engelhardt 2002; Krawinkler 1978; Lee et al. 

2005c; Lin et al. 2000), which is adopted in current seismic provisions worldwide (AISC 2016b; CEN 2005) 

may lead to an appreciable panel zone shear strength overestimation (Brandonisio et al. 2012; El-Tawil et al. 

1999; Jin and El-Tawil 2005; Kim and Engelhardt 2002; Krawinkler 1978; Lee et al. 2005c; Qi et al. 2018; 

Soliman et al. 2018). In lieu of the absence of a robust panel zone strength model, the current design para-

digm (AISC 2016b; CEN 2005) tends to concentrate the inelastic deformations in steel or composite steel 

beams by means of flexural yielding followed by inelastic local buckling, which may be challenging to repair 

in the aftermath of earthquakes depending on the level of strength and stiffness deterioration as shown in Fig. 

2.1b. From a collapse risk standpoint, this may be an important consideration in mainshock-aftershock series. 

In the above discussion, the role of the slab is essential. Particularly, the composite action increases the strain 

demand on the bottom flange of a beam, thereby increasing the fracture potential at the same location (Hajjar 

et al. 1998; Kim and Lee 2017; Leon et al. 1998). This effect is more apparent in shallow composite steel 

beams due to the neutral axis shifting towards the upper beam flange (Jones et al. 2002). On the other hand, 

the panel zone demand decreases while the beam’s effective depth increases due to the presence of the slab 

(Elkady and Lignos 2014; Kim and Engelhardt 2002).  

Following the 1994 Northridge and the 1995 Kobe earthquakes, generous resources were allocated with em-

phasis on experimental earthquake engineering to comprehend the above challenges in beam-to-column con-

nections by means of full-scale physical testing (Malley 1998; NSF 2004). In line with the cyclic inelastic 

behavior of panel zone joints in steel MRFs, over 100 experiments have been conducted since the early 1970. 

The general consensus is that most of the aforementioned data are getting lost over time. They are largely 

available only in technical reports (often only in hard copies); hence, they cannot be efficiently reused by the 

research and practice communities. Such dataset constitutes a valuable resource to comprehend the behavior 

of beam-to-column connections featuring inelastic panel zones by means of simulation-based engineering 

science and to potentially lead to new paradigms in beam-to-column seismic connection design.  

To address the knowledge gap, this chapter describes a compiled inelastic experimental panel zone database, 

including the methodology undertaken to digitize and systematically document the available experimental 

data. The assembled database of physical experiments, including the digitized force-story drift ratio and de-

duced panel zone shear force-inelastic shear distortion relations, along with pertinent material and geometric 

properties are publicly available through the Zenodo data storage repository (doi: 

http://www.doi.org/10.5281/zenodo.3689756, Skiadopoulos and Lignos 2020). A comprehensive synthesis 

of the database is also presented herein, including a number of limitations of available panel zone strength 

models used in seismic design of modern steel MRFs. A number of recommendations for continuum finite 

element (CFE) modeling of beam-to-column connections with inelastic panel zones is provided through 

comprehensive model validation examples. The CFE models are also made publicly available. 

http://www.doi.org/10.5281/zenodo.3689756,%20Skiadopoulos%20and%20Lignos%202020
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2.2 Assembled database description 

The collected database comprises 100 tests of steel beam-to-column connection subassemblies, which were 

mostly subjected to symmetric cyclic loading histories. The test data is gathered from 24 experimental pro-

grams on both pre- and post-Northridge connection typologies. While hollow structural sections are not un-

common in columns, the focus herein is on beam-to-column connections comprising wide-flange cross sec-

tions. Referring to Fig. 2.2, the test configurations involved exterior and interior beam-to-column connec-

tions that were either loaded from the beam(s) (see Figs. 2.2a and 2.2c) or the column (see Figs. 2.2b and 

2.2d). The connection types are depicted in Fig. 2.3. These mainly comprise: 

• Welded unreinforced flange-welded web connection (WUF-W) (Fig. 2.3a). 

• Reduced beam section connection (RBS) (Fig. 2.3b). 

• Welded unreinforced flange-bolted web connection (WUF-B) (Fig. 2.3c). 

• Bolted flange plate connection (BFP) (Fig. 2.3d). 

• Welded flange plate connection (WFP) (Fig. 2.3e). 

• Kaiser bolted bracket connection (KBB) (Fig. 2.3f). 

• Bolted unstiffened and stiffened extended end-plate connection (BEEP) (Fig. 2.3g). 

• Welded unreinforced flange-welded web composite steel beam connection with or without RBS (Fig. 

2.3h). 

  

(a) exterior, loaded from beam (b) exterior, loaded from column 

  

(c) interior, loaded from beams (d) interior, loaded from column 

Figure 2.2 Typical cruciform subassembly test configurations. 
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(a) WUF-W (b) RBS (c) WUF-B (d) BFP 

    

(e) WFP (f) KBB (g) BEEP (h) composite steel beam 

Figure 2.3 Representative beam-to-column connection typologies included in the assembled inelastic panel 

zone database. 

The assembled dataset includes 23 exterior (Figs. 2.2a and 2.2b) and 16 interior (Figs. 2.2c and 2.2d) pre-

Northridge connections with bare steel beams (FEMA 1997; Fielding and Huang 1971; Ghobarah et al. 

1992; Kim et al. 2015; Kim and Lee 2017; Krawinkler et al. 1971; Popov et al. 1985; Slutter 1981). These 

mainly involved self-shielded flux-cored arc (FCAW-SS) complete joint penetration (CJP) welds in the beam 

flange-to-column face connections. These welds featured a E70T-4 weld electrode. The backing bars at both 

beam flanges were left in place after welding. In these tests, the access hole geometry of Fig. 2.4a was adopt-

ed. Two experimental programs (Kim and Lee 2017; Uang et al. 2000) employed retrofitted pre-Northridge 

connection configurations with a composite slab in place. A summary of the gathered data is shown in Table 

2.1 including basic material and geometric characteristics of the respective test specimens (i.e., connection 

type, presence of slab, presence of reduced beam section, beam depth, 𝑑𝑏, panel zone aspect ratio, 𝑑𝑏/𝑑𝑐 and 

column steel grade). 

  

(a) pre-Northridge  (b) post-Northridge 

Figure 2.4 Typical access hole geometries. 
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Table 2.1 Summary of pre-Northridge beam-to-column connection detailing testing programs in the assem-

bled database (in alphabetical order). 

Reference 
Connection 

type 
Slab RBS 𝑑𝑏 (mm) 𝑑𝑏/𝑑𝑐 

Column steel 

grade 

FEMA (1997) WUF-B - - 754-912 2.0-2.2 A572 Gr. 50 

Fielding and Huang (1971) WUF-W - - 629 1.6 A36 

Ghobarah et al. (1992) BEEP - - 358/406 1.0-1.3 not reported 

Kim et al. (2015) KBB - - 912 2.3 A572 Gr. 50 

Kim and Lee (2017) Retrofit  Yes - 500 1.3 SM490 

Krawinkler et al. (1971) WUF-B - - 254/348 1.3-1.5 A36 

Popov et al. (1985) WUF-B - - 457-476 0.9-1.0 A572 Gr. 50 

Slutter (1981) WUF-B - - 602 1.7 A36 

Uang et al. (2000) Retrofit Yes - 912 1.9 A36 

Similarly, 47 post-Northridge connection tests with bare steel beams are included in the assembled database 

(Chi and Uang 2002; Ciutina and Dubina 2008; Engelhardt et al. 2000; Kosarieh and Danesh 2016; Lee et al. 

2005a, 2002; Rahiminia and Namba 2013; Ricles et al. 2000, 2004b; Sato et al. 2007; Schneider and Teera-

parbwong 2000; Shin 2017; Stojadinović et al. 2000; Tsai and Chen 2000). Nine subassemblies with steel 

beams composite with a reinforced concrete slab (Engelhardt et al. 2000; Ricles et al. 2004b) were also col-

lected. One test involved a composite steel beam as part of a sub-system with two wide-flange steel columns 

(Del Caprio et al. 2014, 2016). 

Thirty-two (32) of the collected specimens include doubler plates to control the anticipated inelastic panel 

zone web shear distortion. Post-Northridge connection doubler plates, which were mainly fabricated from 

A572 Gr. 50 steel (nominal yield stress, 𝑓𝑦 = 345MPa), were mostly attached to the respective column web 

with CJP welds of either E70T-1 or E71T-8 weld electrode. Horizontal doubler plate and plug welds (see 

Fig. 2.3a) were employed, when necessary, according to AWS (2016). 

The distinction between pre- and post-Northridge beam-to-column connections is associated with the con-

nection detailing and welding specifications. These mainly include: 

• Removal of the bottom backing bar and fillet weld reinforcement of the beam flange-to-column face CJP 

root weld in the latter connection typology.  

• Rigorous specification and practice for welding in the latter connection typology in accordance with 

AWS (AWS 2016; Barsom et al. 2000; Johnson 1997; Miller 2017). Beam flange-to-column face welds 

are deemed demand critical. From the approved processes for such welds, typically FCAW-SS is utilized 

and from the permitted weld electrodes, E70T-6 and E70TG-K2. 

• Improved access hole geometry for minimizing stress concentrations according to Ricles et al. (2002a) 

subsequent to the SAC studies (Ricles et al. 2000). This is shown in Fig. 2.4b. 

• While the WUF-B connection was the common practice prior to Northridge 1994 earthquake, this is not 

anymore the case for intermediate and special MRFs according to AISC (2016c). 
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The assembled dataset of post-Northridge beam-to-column connections, together with pertinent geometric 

and material characteristics, are summarized in Table 2.2. 

Table 2.2 Summary of post-Northridge beam-to-column connection detailing testing programs in the assem-

bled database (in alphabetical order). 

Reference 
Connection 

type 
Slab RBS 𝑑𝑏 (mm) 𝑑𝑏/𝑑𝑐  

Column steel 

grade 

Chi and Uang (2002) WUF-B - Yes 912 1.3 A992 Gr. 50 

Ciutina and Dubina (2008) WUF-W - - 360 1.2 S235 

Del Caprio et al. (2014) WUF-W Yes Yes 353 1.1 A572 Gr. 50 

Engelhardt et al. (2000) 
WUF-W/ 

WUF-B 
Yes Yes 912 2.0-2.1 A572 Gr. 50 

Kosarieh and Danesh (2016) WFP - - 400 1.1 S235 

Lee et al. (2002) WUF-W - - 617 1.5-1.6 A992 Gr. 50 

Lee et al. (2005a) WUF-W - Yes 600/700 1.5-1.6 SM490 

Rahiminia and Namba (2013) WUF-W - - 400 1.3 SM490A 

Ricles et al. (2000) WUF-W - - 912 2.0-2.1 A572 Gr. 50 

Ricles et al. (2004b) WUF-W Yes Yes 757/912 1.1-1.3 A572 Gr. 50 

Sato et al. (2007) BFP - - 757/780 1.9 A992 Gr. 50 

Schneider and Teeraparbwong 

(2000) 
BFP - - 602/754 1.6-1.9 A572 Gr. 50 

Shin (2017) WUF-W/BFP - - 599-912 0.9-2.0 A992 Gr. 50 

Stojadinović et al. (2000) WUF-B - - 754 2.0 A572 Gr. 50 

Tsai and Chen (2000) WUF-W - Yes 600 2.0 A572 Gr. 50 

2.2.1 Beam/column material and geometric characteristics 

Figure 2.5 shows histograms depicting important material and geometric parameters of the assembled inelas-

tic panel zone database. While most of the pre-Northridge tests employed WUF-B connections, the post-

Northridge connections mainly employed WUF-W (with/without RBS) and BFP/WFP connections (see Fig. 

2.5a). Referring to Fig. 2.5b, the gathered beam-to-column connections feature beam-to-column depth aspect 

ratios, 𝑑𝑏/𝑑𝑐, ranging from 0.9 to 2.3. The columns employ both stocky and deep cross sections with flange 

thicknesses, 𝑡𝑐𝑓, ranging from 10 to 80mm as shown in Fig. 2.5c. The variation of the above parameters is of 

particular interest for the assessment of existing panel zone strength models as well as the development of 

new ones. From Fig. 2.5d, the beam depths, 𝑑𝑏, range from 250 to 900 mm and the respective shear span-to-

beam depth ratios, 𝐿𝑜/𝑑𝑏 (𝐿𝑜: beam shear span from column face to beam inflection point, as per Fig. 2.2) 

range from about 2.5 to 8 (see Fig. 2.5e). Since 𝑑𝑏 and 𝐿𝑜/𝑑𝑏 affect the fracture potential of beam-to-column 

connections (El-Tawil et al. 1999; FEMA 2000a), the variation of these parameters aids the beam-to-column 

connection performance assessment discussed hereinafter. Referring to Fig. 2.5f, while the significant major-

ity of pre-Northridge connections are comprised of A36 (nominal yield stress, 𝑓𝑦 = 250MPa) steel beams, the 

ones in post-Northridge connections employ A572 or A992 Gr 50 steel (𝑓𝑦 = 345MPa) or equivalent. The 

collection process includes the measured geometric and material properties of the respective steel beams and 

columns, when available. 
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(a) (b) (c) 

   

(d) (e) (f) 

   

(g) (h) (i) 

Figure 2.5 Histograms depicting geometric and material properties of the assembled inelastic panel zone 

experimental data. 

Since the beam-to-column connection cyclic performance is highly dependent on the construction detailing, 

such as the presence of the weld backing bar, the weld electrode and the access hole geometry (FEMA 

2000a), this information is also reported in the assembled database. Referring to Fig. 2.5g, the variation of 

beam-to-column face weld electrodes (mainly E70T-4, E70T-6, E71T-1 and E71T-8) is significant. Finally, 

nearly 60 specimens (mainly in post-Northridge connections) have the bottom beam flange backing bar re-

moved, according to AWS (2016). 

With regard to the composite action, the slab and deck geometry, the concrete and reinforcement material 

properties as well as the shear stud geometric and material properties are systematically collected. The above 

parameters are useful to infer the degree of composite action and, thus, the composite steel beam plastic 

flexural resistance according to current design standards (AIJ 2007, 2010; AISC 2016c; a; CEN 2004c; a). 

Referring to Fig. 2.5h, the total slab depth, ℎ𝑡, of the collected dataset varies from 80 to 180mm. Nine tests 
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have a deck rib oriented in parallel to the beam, while in the rest, the deck rib is oriented perpendicular to the 

steel beam. Finally, the measured cylinder concrete compressive strength varies from 21 to 47 MPa. In most 

of the collected tests, the 28 days compressive strength was reported by the experimentalists. The degree of 

composite action as per AISC (2016a; b), ranges from 7-49% . Finally, from the collected tests, 25 employ 

one doubler plate, while seven employ two. The doubler plate thickness, 𝑡𝑑𝑝, ranges from 4-20mm as shown 

in Fig. 2.5i. 

Figure 2.6 shows the measured 𝑅𝑦 (i.e., ratio of the measured yield stress to specified minimum yield stress) 

boxplots for all the beams and column materials. The central line represents the median, while the bottom 

and top box edges the 25th and 75th percentiles of the collected sample. Extreme values (i.e., ‘-’ symbol) and 

outliers (i.e., ‘+’ symbol) are also depicted in the boxplots. According to the US practice, the recommended 

𝑅𝑦 value (i.e., 𝑅𝑦 = 1.1) for A572 and A992 Gr 50 steels is consistent with the collected data, whereas for 

A36 steel, the proposed value of 1.5 according to AISC (2016a) seems to be well above those obtained from 

the data (i.e., 1.25). The same applies for European steel (i.e., for S235), where a value of 𝑅𝑦 = 1.4 is rec-

ommended (Braconi et al. 2013). However, in this case the number of material data was only limited to six. 

 

Figure 2.6 Measured 𝑅𝑦 boxplots for the beam and column steel materials. 

2.2.2 Panel zone material and geometric characteristics 

To quantify the panel zone shear resistance, based on available panel zone models (see Fig. 2.7a), its material 

and geometric characteristics are identified. Thus, the beam and column cross-sectional (see Fig. 2.7b) and 

material properties (as described in the previous section) along with the doubler and continuity plate geomet-

ric (see Fig. 2.7c) and material properties are systematically documented in the database. 

If doubler plates are present, their number, 𝑛𝑑𝑝, their thickness, 𝑡𝑑𝑝, their measured yield stress, 𝑓𝑦𝑑𝑝, and 

the distance between the plug welds (if applicable) (see Fig. 2.7c) are archived in the database. The continui-

number of material data
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+ outliers

min/max values
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ty plate thickness, 𝑡𝑐𝑝, and the depth, 𝑑𝑐𝑝, (see Fig. 2.7c) are also documented. The material properties of 

these plates are not collected because they were not available, in most of the respective experimental reports. 

 

 
  

(a) Krawinkler model (b) cross section (c) connection geometry (d) action forces 

Figure 2.7 Panel zone: (a) model (Krawinkler 1978); (b) cross-sectional characteristic dimension; (c) connec-

tion characteristic dimensions; and (d) action forces. 

In WUF-W and WUF-B connections, it is assumed that their effective depth equals 𝑑𝑒𝑓𝑓 = 𝑑𝑏 − 𝑡𝑐𝑓. In 

KBB connections, 𝑑𝑒𝑓𝑓 is defined from the centroidal distance between the bolt groups of the two brackets 

(AISC 2016c), meaning 𝑑𝑒𝑓𝑓 = 𝑑𝑏 + 𝑑ℎ (see Fig. 2.3f). In BEEP connections, studies have shown that rib 

stiffeners increase the lever arm, thus decreasing the demand in the panel zone (D’Aniello et al. 2017). How-

ever, the collected connections (Ghobarah et al. 1992) are all unstiffened. We assume that 𝑑𝑒𝑓𝑓 = 𝑑𝑏 − 𝑡𝑏𝑓 

holds true in this case. For bare beam interior subassemblies, the beam effective depth is the same for the two 

column faces (i.e., 𝑑𝑒𝑓𝑓
+ = 𝑑𝑒𝑓𝑓

− ). For composite steel beams under sagging, the effective depth is assumed to 

be, 𝑑𝑒𝑓𝑓
+ = 𝑑𝑏 + ℎ𝑡 − ℎ𝑐𝑜/2 − 𝑡𝑏𝑓/2 (see Fig. 2.7c) in a similar manner with El Jisr et al. (2019) because 

the force acting at the top flange is shifted due to the presence of the slab (Elkady and Lignos 2014; Kim and 

Engelhardt 2002). While Castro et al. (2005) provides a more thorough consideration of the composite effect 

on the panel zone demand, herein the authors chose to interpret the composite beam subassembly data based 

on the above effective depth assumption to retain simplicity in the computations. 

2.2.3 Digitized data 

The panel zone and subassembly global hysteretic diagrams are fully digitized. In particular, the panel zone 

shear force, 𝑉𝑝𝑧, versus shear distortion, 𝛾, and the applied force, 𝐹, versus story drift ratio (𝑆𝐷𝑅) relation-

ships are deduced. The digitization process was conducted with a software called Digitizer (Lignos and 

Krawinkler 2012). During this process, nearly 20 digitized data per loading interval are identified. In regions 

where the Bauschinger effect is evident on the deduced hysteretic diagram, the digitized data density is in-

creased. This leads to a sufficient accuracy for assessing the panel zone inelastic behavior. Representative 

digitization examples are shown in Figs. 2.8a and 2.8b for the panel zone and the global subassembly re-

sponses, respectively. 
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The maximum attained panel zone shear distortion, 𝛾𝑚𝑎𝑥, and peak story drift ratio, 𝑆𝐷𝑅𝑚𝑎𝑥, of each con-

nection prior to failure is automatically extracted. Hereinafter, failure is defined based on a 20% loss of the 

connection’s flexural capacity. This may be due to fracture or beam/column local and/or member nonlinear 

geometric instabilities. 

We consider the maximum positive and negative cyclic interval values as shown in Figs. 2.8a and 2.8b, to 

identify 𝛾𝑚𝑎𝑥 and 𝑆𝐷𝑅𝑚𝑎𝑥, respectively. The histograms of 𝛾𝑚𝑎𝑥 (normalized by 𝛾𝑦, which is the panel zone 

yield shear distortion angle) and 𝑆𝐷𝑅𝑚𝑎𝑥 are depicted in Figs. 2.8c and 2.8d. From these figures, a large 

portion of the deduced 𝛾𝑚𝑎𝑥 and 𝑆𝐷𝑅𝑚𝑎𝑥 range between 4-12𝛾𝑦 and 5-6%, respectively. It is noteworthy 

that a considerable number of beam-to-column panel zone webs reached a shear distortion of more than 

12𝛾𝑦. 

  

(a) (b) 

  

(c) (d) 

Figure 2.8 Typical digitized local and global responses along with representative histograms of panel zone 

and subassembly response parameters. 

2.2.4 Decomposed deformation quantities 

The deduced 𝑉𝑝𝑧 −  𝛾 relation is provided in the database as a characteristic of the digitized panel zone hys-

teretic diagrams. If the available panel zone data was not in this form, force equilibrium and geometric com-

patibility principles were applied to deduce 𝑉𝑝𝑧 and 𝛾. Figure 2.9 shows a typical column-loaded interior 

subassembly decomposition of deformations for the panel zone, the beams and the column. Based on Fig. 
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2.9a, the panel zone contribution to 𝑆𝐷𝑅, 𝜃𝑝𝑧, is related to 𝛾 by Eq. (2.1). Additionally, the chord rotation of 

the beam, 𝜃𝑏
′ , and the column, 𝜃𝑐

′, are related to their contribution to 𝑆𝐷𝑅 by Eqs. (2.2) and (2.3), respective-

ly (see Figs. 2.9b and 2.9c). If the global response and the chord rotations of the beam(s) and the column are 

the only available information, then 𝛾 is calculated by combining Eqs. (2.1), (2.2) and (2.3), given that 

𝑆𝐷𝑅 = 𝜃𝑝𝑧 + 𝜃𝑏 + 𝜃𝑐. 

   

(a) panel zone (b) beam (c) column 

Figure 2.9 Column-loaded interior subassembly decomposition of deformations. 

𝜃𝑝𝑧 = 𝛾 (1 −
𝑑𝑐
𝐿𝑏
−
𝑑𝑏
𝐻𝑐
) (2.1) 

𝜃𝑏 = 𝜃𝑏
′ ∙
𝐿𝑏 − 𝑑𝑐
𝐿𝑏

 (2.2) 

𝜃𝑐 = 𝜃𝑐
′ ∙
𝐻𝑐 − 𝑑𝑏
𝐻𝑐

 (2.3) 

2.2.5 Predicted panel zone resistance and demand 

The AISC (2016b) panel zone model, which is a refined version of the one proposed by Krawinkler (1978), 

is expressed in Eqs. (2.4) and (2.5) for elastic and inelastic panel zone design, respectively (see Fig. 2.7a). In 

these equations, the nomenclature is in accordance with Figs. 2.7b and 2.7c. In Europe, CEN (2005) consid-

ers the contribution of the column web in a similar manner with 𝑅𝑛,𝑒𝑙. If continuity plates are present, Eq. 

(2.6) is employed to account for the plastic flexural resistance of the column flanges in the kinking locations. 

Modifications of the Krawinkler (1978) model, which were found in the literature (Kim and Engelhardt 

2002; Lee et al. 2005c; Lin et al. 2000), are also included in the database. 

𝑅𝑛,𝑒𝑙 = 0.6 ∙ 𝑓𝑦 ∙ 𝑑𝑐 ∙ 𝑡𝑤 (2.4) 

𝑅𝑛,𝑝𝑙 = 0.6 ∙ 𝑓𝑦 ∙ 𝑑𝑐 ∙ 𝑡𝑤 ∙ (1 +
3 ∙ 𝑏𝑐𝑓 ∙ 𝑡𝑐𝑓

2

𝑑𝑏 ∙ 𝑑𝑐 ∙ 𝑡𝑤
) (2.5) 

𝑉𝑤𝑝,𝑅𝑑 =
0.9𝑓𝑦𝐴𝑣

√3
+
4𝑀𝑝𝑙,𝑓𝑐,𝑅𝑑

𝑑𝑏 − 𝑡𝑏𝑓
 (2.6) 
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4𝑀𝑝𝑙,𝑓𝑐,𝑅𝑑

𝑑𝑏 − 𝑡𝑏𝑓
≤
2𝑀𝑝𝑙,𝑓𝑐,𝑅𝑑 + 2𝑀𝑝𝑙,𝑠𝑡,𝑅𝑑

𝑑𝑏 − 𝑡𝑏𝑓
 

Where, 𝐴𝑣 is the effective shear area of the column; 𝑀𝑝𝑙,𝑓𝑐,𝑅𝑑 is the design plastic moment resistance of a 

column flange in the panel zone kinking locations; and 𝑀𝑝𝑙,𝑠𝑡,𝑅𝑑 is the design plastic moment resistance of a 

continuity plate. When doubler plates are utilized, according to AISC (2016b), the effective panel zone 

thickness for the shear strength computation in Eqs. (2.4) and (2.5) should be replaced by 𝑡𝑤 = 𝑡𝑐𝑤 + 𝑛𝑑𝑝 ∙

𝑡𝑑𝑝. On the other hand, only one doubler plate is accounted for as per CEN (2005) [see clause 6.2.6.1(6)], 

even in cases where two are present. 

According to today’s practice, the panel zone shear demand, 𝑅𝑢 [see Eq. (2.7)] should be less or equal to 

either 𝑅𝑛,𝑒𝑙, or, 𝑅𝑛,𝑝𝑙. Herein, we compute the panel zone shear demand based on force equilibrium (see Fig. 

2.7d), by assuming that the probable moment, 𝑀𝑏,𝑝𝑟, is attained at the anticipated beam plastic hinge loca-

tions according to Eq. (2.8): 

Interior joints: 𝑅𝑢 = 𝑉𝑏𝑓
+ + 𝑉𝑏𝑓

− − 𝑉𝑐𝑜𝑙 =
𝑀𝑐𝑓
+

𝑑𝑒𝑓𝑓
+ +

𝑀𝑐𝑓
−

𝑑𝑒𝑓𝑓
− − 𝑉𝑐𝑜𝑙 

Exterior joints: 𝑅𝑢 = 𝑉𝑏𝑓
+ − 𝑉𝑐𝑜𝑙 =

𝑀𝑐𝑓
+

𝑑𝑒𝑓𝑓
+ − 𝑉𝑐𝑜𝑙 

(2.7) 

𝑀𝑏,𝑝𝑟 = 𝐶𝑝𝑟 ∙ 𝑅𝑦 ∙ 𝑓𝑦𝑏 ∙ 𝑍𝑒𝑏 

𝐶𝑝𝑟 =
𝑓𝑦𝑏 + 𝑓𝑢𝑏

2𝑓𝑦𝑏
≤ 1.2 

For WUF-W connections, 𝐶𝑝𝑟 = 1.4 

(2.8) 

where, 𝑍𝑒𝑏 is the effective plastic modulus of the beam within the assumed plastic hinge location; 𝑓𝑦𝑏 is the 

specified minimum yield stress of the beam; 𝑓𝑢𝑏 is the specified minimum tensile stress of the beam. 

For RBS connections, 𝑀𝑏,𝑝𝑟 is calculated at the centre of the RBS (i.e., 𝑀𝑅𝐵𝑆) and is transferred to the col-

umn face, according to Eq. (2.9). The same holds true for BFP, WFP and KBB connections, whose plastic 

hinge is shifted by 𝑠ℎ from the column face (see Figs. 2.3d, 2.3e and 2.3f): 

𝑀𝑐𝑓 = 𝑀𝑅𝐵𝑆 + 𝑉𝑅𝐵𝑆 ∙ 𝑠ℎ (2.9) 

where, 𝑉𝑅𝐵𝑆 is the shear force at the centre of the RBS. 

In the above computations, when the measured material properties are employed, 𝑅𝑦 ∙ 𝑓𝑦𝑏 is replaced by 

𝑓𝑦𝑏𝑚, which represents the measured yield stress of the beam web or flange. For the panel zone demand 

computation, an effective yield stress weighted based on the beam web and flanges area is accounted (i.e., 

𝑓𝑦𝑏−𝑎𝑣𝑔). For the panel zone shear strength computation, the measured column web yield stress, 𝑓𝑦𝑐𝑤, is 

considered for the web contribution, while that of the column flange, 𝑓𝑦𝑐𝑓, for the flange contribution. When 
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doubler plate(s) are present, their yield stress, 𝑓𝑦𝑑𝑝, is accounted for their contribution in the panel zone 

shear strength. Same assumptions hold true for composite steel beam-to-column connections. 

The 𝑉𝑐𝑜𝑙 computation [see Eq. (2.7)] is based on a force equilibrium of the statically determinate interior or 

exterior subassembly systems of Fig. 2.2. Regardless of the loading application [load applied on beam(s) or 

column], the 𝑅𝑢 prediction equation does not change. However, this differs for interior and exterior subas-

semblies due to the different number of beams employed (i.e., two versus one, respectively), as shown in Eq. 

(2.10). 

𝑅𝑢 =
𝑎𝑀𝑐𝑓

𝑑𝑒𝑓𝑓
∙ (
1 −

𝑎𝑑𝑐
2𝐿𝑏

−
𝑑𝑏
𝐻𝑐

1 −
𝑎𝑑𝑐
2𝐿𝑏

) 

where 𝑎 = 1 for exterior joints and 𝑎 = 2 for interior joints 

(2.10) 

2.2.6 Measured panel zone model quantities 

The digitized first cycle envelope shown in Fig. 2.10a is utilized to deduce the measured panel zone response 

parameters of interest and to compare with available panel zone model predictions. The measured parameter 

deduction is achieved through a MATLAB code (doi: http://www.doi.org/10.5281/zenodo.3689756, Skiado-

poulos and Lignos 2020). This script automates the panel zone parameter extraction process. 

  

(a) first cycle envelope (b) panel zone deduced quantities 

Figure 2.10 Representative example of data extraction. 

The deduced parameters of interest are shown in Fig. 2.10b. They comprise: (a) the elastic panel zone stiff-

ness, 𝐾𝑒, which is identified based on the the first few digitized data points. If the data resolution is not suffi-

cient, then 𝐾𝑒 is extracted from the first unloading excursion; (b) the yield shear strength, 𝑉𝑦, at a shear dis-

tortion angle 𝛾𝑦, according to Krawinkler (1978); (c) the yield shear strength, 𝑉𝑦,𝑑𝑟𝑜𝑝, corresponding to a 

50% drop in 𝐾𝑒; and (d) the panel zone shear strength, 𝑉0.35%, corresponding to the 0.35% inelastic shear 

http://www.doi.org/10.5281/zenodo.3689756,%20Skiadopoulos%20and%20Lignos%202020
http://www.doi.org/10.5281/zenodo.3689756,%20Skiadopoulos%20and%20Lignos%202020
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distortion offset, according to the Japanese provisions (AIJ 2012). Moreover, the post-yield panel zone shear 

strength, 𝑉𝑝, at 4𝛾𝑦 is reported. 

2.3 Maximum attained lateral drift demands prior to connection fracture 

According to AISC (2016a), prequalified connections, shall not exhibit more than 20% loss of their nominal 

flexural resistance at a targeted 𝑆𝐷𝑅 = 4%. Figure 2.11 shows the 𝑆𝐷𝑅𝑚𝑎𝑥 versus 𝐿0/𝑑𝑏 for the collected 

pre- and post-Northridge connections. It is observed that more than half of the pre-Northridge connections do 

not comply with the above prequalification criteria. This is attributed to well-known issues related to the 

material, geometry and connection construction practices as discussed in FEMA (2000a). In Figure 2.11, pre-

Northridge tests (Fielding and Huang 1971; Ghobarah et al. 1992; Krawinkler et al. 1971; Slutter 1981) that 

achieved the AISC’s 4% drift target were comprised of shallow cross sections. Test specimens featuring 

deep cross sections (Engelhardt and Husain 1993; FEMA 1997) are representative of those that failed in the 

1994 Northridge earthquake and are among the ones with high fracture potential as shown in Fig. 2.11. 

 

Figure 2.11 Maximum story drift ratio versus beam span-to-depth ratio of the collected data. 

A series of experimental (Lee et al. 2005b; Ricles et al. 2000, 2002a) and finite element studies (Chi et al. 

1997; El-Tawil et al. 1999; Lu et al. 2000; Mao et al. 2001) proposed modifications in the respective beam-

to-column connection typologies, leading to a substantial connection performance improvement. The test 

data are also superimposed in Fig. 2.11. While these data points satisfy the AISC (2016a) prequalification 

criteria, there is no consensus with regard to the level of acceptable panel zone inelastic shear distortions. To 

provide insight regarding this matter, the probability of connection failure given 𝑆𝐷𝑅 and 𝛾 is quantified. A 

joint (bivariate) lognormal cumulative distribution is assumed. The null hypothesis of the predictor variables 

following lognormal distribution was accepted with a 5% significance level according to the Kolmogorov-

Smirnov (Kolmogorov 1933; Smirnov 1939) and Shapiro-Wilk (Shapiro and Wilk 1965) [or Shapiro-Francia 

(Shapiro and Francia 1972) for leptokurtic samples with kurtosis > 3] goodness-of-fit tests. The correlation 

coefficient, 𝜌, of the predictor variables is shown in Table 2.3. It is observed that 𝜌 is diverging from zero 

(i.e., higher than 0.2) for all connection types, rendering the predictor variables dependent. That being said, 

Fielding and Huang (1971)

Ghobarah et al. (1992)

Krawinkler et al. (1971)

Slutter (1981)

Engelhardt and Husain (1993)

FEMA (1997)

Pre-Northridge tests:
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the probability density function (i.e., PDF) of the bivariate lognormal distribution accounts for this collineari-

ty. 

Table 2.3 Lognormal distribution parameters and correlation coefficients for 𝛾/𝛾𝑦 and 𝑆𝐷𝑅. 

Connection type pre-Northridge post-Northridge BFP/WFP Composite steel beam(s) 

Variable (𝑋) 𝛾/𝛾𝑦 𝑆𝐷𝑅 𝛾/𝛾𝑦 𝑆𝐷𝑅 𝛾/𝛾𝑦 𝑆𝐷𝑅 𝛾/𝛾𝑦 𝑆𝐷𝑅 

Mean (𝜇𝑋) 5.9 2.7 7.6 4.9 8.6 6.0 7.3 4.4 

St. deviation (𝜎𝑋) 2.0 1.6 1.8 1.2 1.9 1.1 2.0 1.2 

Correlation coeff. (𝜌) 0.77 0.23 0.36 0.19 

Figure 2.12 illustrates the corresponding joint cumulative distribution functions per connection type. The 

probability of failure in pre-Northridge connections (see Fig. 2.12a) is qualitatively much higher than that of 

post-Northridge connections (see Fig. 2.12b), regardless of the attained 𝑆𝐷𝑅 and 𝛾. Interestingly, reinforced 

beam-to-column connections (i.e., BFP and WFP) (see Fig. 2.12c) enjoy a decreased probability of failure 

compared to the typical unreinforced post-Northridge connection (i.e., WUF-W) regardless of the respective 

inelastic panel zone shear distortion. Referring to Fig. 2.12d, composite steel beams are likely to experience 

a larger probability of failure at a given 𝑆𝐷𝑅 compared to their bare beam counterparts. To “digest” the de-

duced results at 4𝛾𝑦, which is considered a possible panel zone inelastic shear distortion target in balanced 

design of beam-to-column connections, and at 𝑆𝐷𝑅 = 4%, pre-Northridge connections have at least 30% 

probability of failure whereas post-Northridge connections do not exhibit more than a 2% chance. At 6𝛾𝑦, 

the respective probabilities of failure become at least 50% and 5% respectively. Noteworthy is the perfor-

mance of reinforced connections that can easily attain 10𝛾𝑦 at 𝑆𝐷𝑅 = 4% without experiencing any loss of 

strength due to premature fracture and/or beam local buckling. This agrees with prior work (El Jisr et al. 

2019). 

2.4 Assessment of commonly used panel zone design models 

The assembled database may be utilized for the assessment of available panel zone models; hence, their ap-

plicability range may be identified along with potential limitations to be addressed in future research. Figure 

2.13 shows a comparison of the analytical panel zone elastic shear stiffness, 𝐾𝑒, which is predicted by a 

number of available models, and the deduced one from the assembled data, 𝐾𝑒,𝑚. From this figure, the AISC 

(2016b); CEN (2005) and Kim and Engelhardt (2002) models consistently overestimate 𝐾𝑒 by nearly 30%. 

When the panel zone geometry comprises two doubler plates, CEN (2005) only accounts for one [see clause 

6.2.6.1(6)]. The CEN (2005) and the AISC (2016b) models attain a comparable accuracy only when both 

doubler plates are considered in the panel zone shear strength computations. Referring to Fig. 2.13, the Lin et 

al. (2000) model provides reasonable panel zone elastic stiffness predictions. This model considers the bend-
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ing deformation mode within the panel zone in an empirical fashion. Same observations hold true for the 

collected composite steel beams. 

 

Figure 2.12 Probability of connection failure given 𝑆𝐷𝑅 and 𝛾 for different beam-to-column connection 

types. 

 

Figure 2.13 Comparison of theoretical and measured panel zone elastic stiffness, 𝐾𝑒. 

Figure 2.14 shows the prediction of 𝑉𝑝 according to all the available panel zone models with respect to 𝑡𝑐𝑓. 

In this figure, the straight lines indicate the respective trends. The predicted 𝑉𝑝 values are normalized with 
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respect to the measured values 𝑉𝑝,𝑚. It is observed that the AISC (2016b) model overestimates 𝑉𝑝 by 20% to 

40% for thick column flanges (𝑡𝑐𝑓 > 50mm) regardless of the presence of the composite slab. This is a well-

known issue, which has been reported in a number of studies (Brandonisio et al. 2012; El-Tawil et al. 1999; 

Jin and El-Tawil 2005; Kim and Engelhardt 2002; Krawinkler 1978; Lee et al. 2005c; Qi et al. 2018; Soli-

man et al. 2018). In Fig. 2.14, the models by Lee et al. (2005c) and Lin et al. (2000) deviate from the meas-

ured values. Noteworthy is the opposite trend of the CEN (2005) model [i.e., Eq. (2.6)] to that of the AISC 

(2016b) model [i.e., Eq. (2.5)]. Indeed, in the absence of continuity plates, CEN (2005) disregards the panel 

zone post-yield shear strength. As such, in shallow columns comprising stocky cross sections (i.e., 

W14x398) that, typically, do not necessitate continuity plates, the panel zone “ultimate” strength equals 𝑉𝑦. 

This generally underestimates by more than 20% the panel zone shear strength. Finally, in specimens utiliz-

ing two doubler plates, accounting only for one leads to a shear strength underestimation by 20%. 

 

Figure 2.14 Comparison of theoretical and measured panel zone strength at 4𝛾𝑦 versus 𝑡𝑐𝑓. 

2.5 Balanced design aspects 

Panel zone yielding delays the inelastic deformation concentration in steel beams (Lee et al. 2005a; Ricles et 

al. 2004b). Figure 2.15 shows the beam and panel zone plastic rotation contribution to the total one versus 

the strength ratio, 𝑅𝑢/𝑅𝑛,𝑝𝑙, for all the available tests. In this figure, the plastic rotation contribution is nor-

malized with respect to the total connection plastic rotation. The efficiency of the 𝑅𝑢/𝑅𝑛,𝑝𝑙 ratio to describe 

the panel zone weakness relies on the accuracy of 𝑅𝑛,𝑝𝑙 and 𝑅𝑢. The former is based on a well-established 

panel zone model (Krawinkler 1978) in the literature as per AISC (2016b). The latter assumes hardening in 

the beam flexural resistance calculation as per 𝐶𝑝𝑟, regardless of the panel zone weakness. When the panel 

zone is weak (i.e., 𝑅𝑢/𝑅𝑛,𝑝𝑙>1), the beam inelastic demand is expected to be lower than that in their strong 

panel zone counterparts. As such, 𝐶𝑝𝑟 in weak panel zones is expected to be lower than that in the strong 

ones. However, this differentiation is not made herein due to lack of pertinent research. Regardless of this 

limitation, the 𝑅𝑢/𝑅𝑛,𝑝𝑙 ratio is rational for the panel zone weakness categorization (El Jisr et al. 2019; Lee 

et al. 2005a). The results suggest that for 𝑅𝑢/𝑅𝑛,𝑝𝑙 > 1.5, the beam’s contribution to the total plastic defor-
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mation of the subassembly is fairly limited. When 𝑅𝑢/𝑅𝑛,𝑝𝑙 ranges from about 1.1 to 1.4, a balanced design 

of the respective beam-to-column connection may be possible.  

 

Figure 2.15 Plastic rotation contribution of beam and panel zone versus the 𝑅𝑢/𝑅𝑛,𝑝𝑙 ratio. 

For 𝑅𝑢/𝑅𝑛,𝑝𝑙 < 0.95, the inelastic behavior is mostly concentrated in the steel beams. The panel zone partici-

pation in this case varies depending on the presence of the slab (see Fig. 2.15) as well as the respective mate-

rial variability of the steel beams and columns. Generally, the panel zone contribution to the overall plastic 

rotation of a beam-to-column connection increases when the slab is present due to the higher probable flex-

ural demand that a panel zone joint experiences (Elkady and Lignos 2014). 

Figure 2.16a shows how the ratio of the deduced maximum moment at the column face, 𝑀𝑐𝑓,𝑚,𝑚𝑎𝑥 to the 

probable moment, 𝑀𝑝𝑟, varies with respect to the 𝑅𝑢/𝑅𝑛,𝑝𝑙 ratio. The results suggest that when 𝑅𝑢/𝑅𝑛,𝑝𝑙 > 

1.2, the beam does not reach 𝑀𝑝𝑟. In this figure, the collected WUF-W bare post-Northridge connections 

have been highlighted. The probable moment has been estimated with a peak connection strength factor 𝐶𝑝𝑟 

= 1.4 according to AISC (2016c). Although inconclusive, because of the limited number of tests, the above 

value seems to be unrealistically high. Moreover, the AISC (2016a) provisions do not specify whether the 

bare or the composite steel beam flexural plastic resistance should be used in the 𝑀𝑝𝑟 computation. Herein, it 

is found that 𝑀𝑝𝑟,𝑐𝑜𝑚𝑝𝑜𝑠𝑖𝑡𝑒 is a more realistic representation of the expected maximum beam moment. Alt-

hough in deep beams (i.e., 𝑑𝑏 > 700mm) this observation is not critical, in shallow beams (i.e., 𝑑𝑏 < 

500mm), which are highlighted in Fig. 2.16a, the estimated composite flexural resistance may be underesti-

mated by nearly 50% due to the neutral axis shifting from the presence of the concrete slab. 

Figure 2.16b shows the relation between 𝑅𝑢/𝑅𝑛,𝑝𝑙 and 𝛾𝑚𝑎𝑥/𝛾𝑦 ratios for all the assembled data. It is ob-

served that for a targeted 𝑅𝑢/𝑅𝑛,𝑝𝑙 = 1.2, post-Northridge connections can withstand shear distortions up to 

about 10𝛾𝑦 without experiencing premature fracture. Moreover, in composite steel beam subassemblies, the 

attained panel zone shear distortions may increase by nearly 30% compared to their bare beam counterparts. 

Composite steel 

beams

weak panel zone designstrong panel zone design
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(a) (b) 

Figure 2.16 (a) Normalized maximum attained beam end moment versus 𝑅𝑢/𝑅𝑛,𝑝𝑙; and (b) 𝑅𝑢/𝑅𝑛,𝑝𝑙 versus 

normalised maximum attained panel zone shear distortion. 

2.6 High-fidelity continuum finite-element model validations 

The digitized hysteretic responses that are made available may be utilized for CFE model validation purpos-

es. Herein, such a validation is demonstrated with a full-scale interior subassembly [specimen SPEC-6, 

Ricles et al. (2004b)] that exhibited considerable panel zone inelastic distortions (approximately 12𝛾𝑦). This 

test features deep members (W30x108 beams and a W24x131 column), continuity and doubler plates. From 

a modeling perspective, these are not trivial how to properly be integrated in a CFE model. For this reason, 

two CFE models are developed (noted as Model 1 and Model 2). One successfully reproduces the panel zone 

hysteretic behavior. The second one does not, due to the neglection of the panel zone transverse beam. The 

validated CFE model (Model 2) is made available through the Zenodo data repository together with the panel 

zone database (doi: http://www.doi.org/10.5281/zenodo.3689756, Skiadopoulos and Lignos 2020). 

In brief, twenty-node quadratic brick elements (C3D20R) with reduced integration are employed in the CFE 

model; two per flange and web thickness. The element type and mesh size resulted from extensive sensitivity 

analysis on four element types (i.e., C3D20, C3D20R, C3D8, C3D8R). Local geometric imperfections in the 

beams are considered based on the recommendations by Elkady and Lignos (2018b). Residual stresses in the 

column and the beams are incorporated according to Young (1971). The doubler plate is modeled with addi-

tional perimetrical CJP welds and four plug welds with encastre boundary conditions. The continuity plates 

are also modelled as shown in Fig. 2.17. A multiaxial isotropic/kinematic hardening law (Lemaitre and 

Chaboche 1990) is incorporated in the CFE model within the J2 plasticity framework. The kinematic and 

isotropic material parameters employing two backstresses are derived based on the gradient-based optimiza-

tion framework proposed by Sousa and Lignos (2018).  

http://www.doi.org/10.5281/zenodo.3689756,%20Skiadopoulos%20and%20Lignos%202020
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Figure 2.17 Continuum finite element model schematics. 

Α simplified model (Model 1) that disregards the transverse beam (noted as ΤΒ in Fig. 2.17) is first consid-

ered. Figure 2.18 shows the comparison of the simulated and measured response in terms of global force-

story drift ratio of the subassembly (see Fig. 2.18a) along with local response estimates (i.e., global force-

beam rotation in Fig. 2.18b and global force-panel zone rotation in Fig. 2.18c). It is observed that Model 1 

experiences strength degradation due to panel zone shear buckling, which did not occur in the experiment. 

As a result, the panel zone shear distortion angle is overestimated by almost 20%. Similarly, the beam’s 

chord rotation is underestimated by 20%. During the experiment, a transverse beam was employed for lateral 

support at the panel zone location. 

 

Figure 2.18 Comparison between CFE Model 1 and 2 prediction and test data of SPEC-6, Ricles et al. 

(2004b). 

Since the transverse beam restricts the panel zone from out-of-plane deformations, a more refined CFE mod-

el (Model 2) that accounts for the transverse beam is also examined herein (see Fig. 2.17). As depicted in 

Fig. 2.18, Model 2 reproduces the experimental results with a noteworthy accuracy both at the global and 

local level. This CFE model could potentially inform fracture mechanics-based models [e.g., Kanvinde 
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(2017); Rice (1968)] for the evaluation of the fracture potential of beam-to-column connections with inelas-

tic panel zone joints. 

2.7 Summary and conclusions 

This chapter discusses the development of a publicly available experimental database comprising 100 fully 

restrained beam-to-column connection physical tests. The collection process focuses on physical tests in 

which the panel zone experienced inelastic deformations. The collected data is provided in a consistent for-

mat and it includes; (a) material and geometric properties of the various subassemblies and their components; 

(b) metadata for beam-to-column connection performance assessment and (c) digitized global subassembly 

and local panel zone hysteretic responses for all the collected experiments. The adopted approach to digitize 

and document the assembled test data is thoroughly presented. The database facilitates the assessment of 

available panel zone models that are employed in current seismic design standards and system level nonline-

ar simulations. Aspects of balanced design are quantitatively discussed. Finally, the deduced digitized data 

support the validation process of high-fidelity CFE models. 

The collected database suggests that typical pre-Northridge connections had a more than 50% probability of 

premature fracture given a modest inelastic panel zone demand (i.e. 4 − 6𝛾𝑦) at a targeted 𝑆𝐷𝑅 = 4%. If 

deep beams (𝑑𝑏 > 900mm) were employed, the variability in the cyclic performance of the connections was 

very large. On the other hand, typical unreinforced post-Northridge connections with bare or composite steel 

beams did not exhibit more than 10% probability of failure (i.e., fracture and/or 20% drop of the beam’s peak 

flexural resistance) at a lateral drift demand of 4%, while the panel zone demands reached 4 − 6𝛾𝑦.  

Available panel zone design models overestimate the elastic stiffness, 𝐾𝑒, by almost 30%, since the bending 

deformation mode of the panel zone is disregarded. The AISC (2016b) model overestimates the panel zone 

post-yield shear strength, 𝑉𝑝, by more than 30% for column cross sections with thick flanges (𝑡𝑐𝑓 > 50mm), 

whereas, CEN (2005) underestimates 𝑉𝑝 by the same amount. The above are major issues, from a design 

standpoint, in high-rise steel frame buildings in which steel columns with relatively thick cross sections are 

common. 

Balanced inelastic deformations between the panel zone and the intersecting steel beam(s) may be achieved 

if the 𝑅𝑢/𝑅𝑛,𝑝𝑙 ratio ranges from 1.1 to 1.4. In this case, panel zone shear distortions may reach up to about 

10𝛾𝑦, while the connection itself is not likely to experience premature fracture. The beam does not reach its 

probable moment, 𝑀𝑝𝑟, in this case, thereby delaying the onset of local buckling. In composite steel beam 

subassemblies, the available data suggests that 𝑀𝑝𝑟 should be computed based on the composite steel beam’s 

flexural resistance, particularly for shallow beams with depths less than 500mm. Else, the corresponding 

inelastic shear distortion in the panel zone may be underestimated. 
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The digitized hysteretic responses of the gathered physical tests aid the validation process of high-fidelity 

CFE models mimicking the inelastic behavior of beam-to-column connections. Recommendations for ration-

al beam-to-column connection modeling assumptions are validated by two model examples. 
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3.1 Introduction 

In capacity-designed steel moment resisting frame (MRF) systems, a balanced beam-to-column connection 

design is promoted. In principle, the panel zone joint may experience limited inelastic behavior. A challenge 

to mobilize the panel zone in the seismic energy dissipation, is the increased potential of premature connec-

tion fracture, when improperly detailed (Chi et al. 1997; El-Tawil et al. 1999; Lu et al. 2000; Mao et al. 

2001; Ricles et al. 2000, 2004b). 

Experimental research (Kim and Lee 2017; Lee et al. 2005c; Shin and Engelhardt 2013b) indicates that a 

properly detailed fully restrained beam-to-column joint designed with controlled panel zone yielding may 

lead to an improved seismic performance compared to what is perceived as a “strong” panel zone design 

(where the panel zone remains elastic). In particular, data from assembled inelastic panel zone databases 

[http://resslabtools.epfl.ch; El Jisr et al. (2019); Skiadopoulos and Lignos (2021)] suggest that at story drift 

demands corresponding to 4% rad, modern fully restrained beam-to-column connections (AISC 2016c) do 

not experience premature weld fractures when their panel zone joints attain shear distortions up to 10𝛾𝑦, 

(where 𝛾𝑦 is the panel zone yield shear distortion angle). Others (Chi and Uang 2002; Ricles et al. 2004b) 

found that when panel zones exhibit inelastic behavior within a steel MRF beam-to-column connection, the 

column twist demands due to beam plastic hinge formation become fairly minimal. This issue is prevalent in 

steel MRF designs featuring deep columns, which are prone to twisting (Elkady and Lignos 2018a; b; Ozkula 

et al. 2017). To reliably mobilize the inelastic behavior of a panel zone, its shear stiffness and strength should 

be accurately predicted during the steel MRF seismic design phase. 

Models to simulate the inelastic panel zone behavior in terms of shear strength, 𝑉𝑝𝑧, and shear distortion an-

gle, 𝛾, are available in the literature (Fielding and Huang 1971; Kato et al. 1988; Kim and Engelhardt 2002; 

Krawinkler 1978; Lee et al. 2005c; Wang 1988). Referring to Fig. 3.1 and Eq. (3.1), these models comprise a 

shear-dominated elastic stiffness, 𝐾𝑒, up to the yield shear strength, 𝑉𝑦 [see Eq. (3.2)]. This is deduced by 

assuming a uniform shear stress distribution in the column web. An inelastic hardening branch with post-

yield stiffness, 𝐾𝑝, defines the panel zone’s post-yield behavior up to a shear strength, 𝑉𝑝 [see Eq. (3.3)], at 

4𝛾𝑦. This strength accounts for the contribution of the surrounding elements (continuity plates and column 

flanges). Finally, a third branch, where the shear strength is assumed to stabilize, is typically accounted for 

with a post-𝛾𝑝 slope that is expressed as percentage of the elastic stiffness, as discussed later on. 

𝐾𝑒 =
𝑉𝑦

𝛾𝑦
= 0.95𝑑𝑐 ⋅ 𝑡𝑝𝑧 ⋅ 𝐺 (3.1) 

𝑉𝑦 =
𝑓𝑦

√3
⋅ 0.95𝑑𝑐 ⋅ 𝑡𝑝𝑧 (3.2) 

𝑉𝑝 = Vy ∙ (1 + 3𝐾𝑝/𝐾𝑒) (3.3) 

http://resslabtools.epfl.ch/
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In Eqs. (3.1)-(3.3), the panel zone thickness, 𝑡𝑝𝑧 = 𝑡𝑐𝑤 + 𝑡𝑑𝑝 in case doubler plate(s) are present; 𝑡𝑐𝑤 is the 

thickness of the column web; 𝑡𝑑𝑝 is the total thickness of the doubler plates(s); 𝑑𝑐 is the column depth; 𝑓𝑦 is 

the steel material yield stress; 𝐺 is the steel material modulus of rigidity. The bending deformation of the 

panel zone (see Fig. 3.1b) is neglected in this case. 

  
 

(a) panel zone shear 

deformation 

(b) panel zone bending 

deformation 
(c) typical trilinear panel zone model 

Figure 3.1 Panel zone kinematics and mathematical model assumptions. 

Krawinkler (1978) proposed the trilinear model (hereinafter referred as Krawinkler model) shown in Fig. 

3.1c, which has been adopted in current design provisions with minor modifications throughout the years 

(AISC 2016b; CEN 2005). Once the panel zone yields uniformly at 𝛾𝑦, the Krawinkler model assumes that 

the column web is not capable of withstanding any additional shear. Depending on the column cross section 

profile, its flanges and continuity plates (if installed) participate in resisting the post-yield panel zone shear 

demand. Referring to Fig. 3.1c, the post-yield stiffness, 𝐾𝑝, of the Krawinkler model was derived using the 

principle of virtual work for the panel zone kinking locations based on small-scale subassembly experiments 

(flange thickness between 10 and 24mm). Referring to Fig. 3.1c, the above model is valid up to 𝛾𝑝 = 4𝛾𝑦. 

Alternative 𝛾𝑝 values are proposed in literature by other researchers. For instance, Wang (1988) proposed a 

value of 3.5𝛾𝑦 whereas Kim et al. (2015) related this value mathematically with the joint’s geometric and 

material properties. The post-𝛾𝑝 stiffness is usually taken as 3% of 𝐾𝑒 (Gupta and Krawinkler 2000a; 

PEER/ATC 2010; Slutter 1981) acknowledging that the shear resistance is only attributed to material strain 

hardening. Krawinkler (1978) suggested that for joints comprising stocky columns (flanges thicker than 30 to 

40mm), further experiments should be conducted to verify the predicted shear strength of his model. 

Considering the assumptions and limitations of this model (Brandonisio et al. 2012; El-Tawil et al. 1999; Jin 

and El-Tawil 2005; Kim and Engelhardt 2002; Krawinkler 1978; Lee et al. 2005c; Qi et al. 2018; Soliman et 

al. 2018), several researchers attempted to propose more robust 𝑉𝑝𝑧 − 𝛾 relations. In some of these studies 

(Castro et al. 2005; Chung et al. 2010; Han et al. 2007; Kim et al. 2015; Lee et al. 2005c), the resultant 𝑉𝑦 
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was more-or-less similar to that of the Krawinkler model [i.e., Eq. (3.2)] excluding distinct differences in the 

assumed effective shear area. The post-yield stiffness, 𝐾𝑝, was refined empirically based on available exper-

imental data. Tsai and Popov (1988) showed that the average shear stress in the panel zone is 20% lower 

than the peak shear stress developed in the panel zone web center; thereby suggesting that the uniform shear 

distribution for calculating 𝑉𝑦 is unjustifiable (Charney et al. 2005; Chung et al. 2010; Kim and Engelhardt 

2002; Lin et al. 2000). Kim and Engelhardt (2002) and Lin et al. (2000) formulated the above findings in an 

empirical fashion based on limited experimental data featuring column flange thicknesses less than 35mm. 

Other studies leveraged the finite element method to examine the panel zone inelastic behavior (Hjelmstad 

and Haikal 2006; Krishnan and Hall 2006; Léger et al. 1991; Li and Goto 1998; Mulas 2004) without reach-

ing to a consensus for an improved panel zone model to be used in the seismic design of steel MRFs. 

From a design standpoint, panel zone joints may moderately participate in energy dissipation during an 

earthquake according to the North American provisions (AISC 2016a; CSA 2019). The code-based design 

shear strength (either the panel zone shear yield strength, 𝑅𝑛,𝑒𝑙, or post-yield strength, 𝑅𝑛,𝑝𝑙) is computed 

based on the Krawinkler model (i.e., 𝑉𝑦 and 𝑉p, respectively). In Japan (AIJ 2012), the panel zone shear 

strength is computed as per 𝑅𝑛,𝑒𝑙 (AISC 2016b), with the minor difference that AISC (2016b) rounds the 

shear yield stress to 0.6𝑓𝑦, while AIJ (2012) considers 1/√3 instead. However, the panel zone shear demand 

imposed from beams is reduced by 25% to implicitly contemplate the neglected column shear force contribu-

tion and the disregarded panel zone post-yield strength. In Europe, CEN (2005) considers the contribution of 

the column web in a similar manner with 𝑅𝑛,𝑒𝑙. If continuity plates are present, an additional term is included 

to compute the panel zone shear strength. This term is based on the plastic moment resistance of the column 

flanges at the kinking locations (see Fig. 3.1a). 

Figure 3.2 depicts the analytically-derived elastic stiffness, 𝐾𝑒, of various panel zone geometries 

with/without doubler plates versus the measured one, 𝐾𝑒,𝑚, from collected full-scale experiments (Skiado-

poulos and Lignos 2021). In the case of test data without doubler plates, Fig. 3.2a suggests that common 

panel zone models (AISC 2016b; CEN 2005; Kim and Engelhardt 2002) overestimate 𝐾𝑒 by up to 30%. This 

is attributed to the uniform yielding assumption at 𝛾𝑦 along with the depreciation of the panel zone bending 

deformation mode (see Fig. 3.1b) depending on the panel zone aspect ratio and column flange thickness. 

Compelling issues with conflicting observations are also found in cases where doubler plates are utilized to 

reach a desirable panel zone shear strength. Depending on the weld details, the doubler plate efficiency (ratio 

of shear stresses in the doubler plate to those in the column web) does not exceed 50% (Kim and Engelhardt 

2002); hence half of their thickness, at most, is participating in the connection stiffness and strength. For this 

reason, the panel zone model by CEN (2005) accounts only for one doubler plate even when two plates are 

required by design. Referring to Fig. 3.2b, the data suggests that 𝐾𝑒 , based on CEN (2005), is underpredict-

ed by nearly 20%. Lee et al. (2005c) found that fillet welded doubler plates to the column web, according to 
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the AISC (2016a) provisions, allow for excellent stress compatibility between the plates and the column web. 

These conclusions are in line with earlier work on fillet-welded doubler plates (Bertero et al. 1973) and on 

complete joint penetration (CJP) welded plates (Ghobarah et al. 1992). More recently, Shirsat and Engelhardt 

(2012) showed that the stress compatibility between the column web and the doubler plate is lower for deep 

columns utilizing thick doubler plates (plate thicknesses, 𝑡𝑑𝑝 ≥ 26mm). Referring to Fig. 3.2b, the AISC 

panel zone model that accounts for both doubler plates (if applicable) generally overestimates 𝐾𝑒. 

  

(a) test data without doubler plates (b) test data with doubler plates 

Figure 3.2 Comparison of analytically derived, 𝐾𝑒 , and measured, 𝐾𝑒,𝑚, panel zone elastic stiffness. 

Figure 3.3a depicts the deviation of the analytically-predicted post-yield stiffness, 𝐾𝑝 [as per AISC (2016b) 

and Lee et al. (2005c)], from the measured one, 𝐾𝑝,𝑚 with respect to the column flange thickness, 𝑡𝑐𝑓. For 

𝑡𝑐𝑓 larger than 40mm, 𝐾𝑝, at a targeted shear distortion angle of 4𝛾𝑦, is over-predicted by up to 40% as per 

the AISC (2016b) model. Referring to Fig. 3.3b, same observations hold true for 𝑉𝑝 according to the AISC 

(2016b) panel zone model. Note that for the cyclic test data, the extraction of the panel zone measured pa-

rameters of interest is based on the average values of the positive and negative first cycle envelopes as shown 

in Fig. 3.3c. The panel zone measured strength at 𝛾𝑦 and 4𝛾𝑦 is, then, determined and, as such, 𝐾𝑝,𝑚 is de-

fined based on these two reference points. The model by Lee et al. (2005c) consistently underestimates 𝐾𝑝 

(see Fig. 3.3a) since it was benchmarked with limited data from assemblies comprising columns with flange 

thicknesses less than 30mm. The Kim et al. (2015) model assumes that the post-yield panel zone response is 

controlled by the plastic column flange bending capacity under normal stresses. However, this assumption, 

which is the same with the CEN (2005) panel zone model, is unconservative for steel columns featuring 

thick flanges (i.e., 𝑡𝑐𝑓 > 50mm) (see Fig. 3.3b). These constitute a considerable amount (up to 40%) of the 

total shear force. 

To capture the interaction of axial load and shear within the panel zone joint, a reduction factor 𝑟 = √1 − 𝑛2 

has been proposed by Chung et al. (2006) and Krawinkler (1978) (where, 𝑛 = 𝑃/𝑃𝑦, P and 𝑃𝑦 are the applied 
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axial compressive load and axial yield strength of a steel column, respectively). This is based on the von 

Mises criterion (von Mises 1913). This is also consistent with the Japanese provisions (AIJ 2012). In the US, 

a panel zone shear strength reduction is employed according to a fit to the 𝑟 − 𝑛 curve, when the panel zone 

is designed based on 𝑅𝑛,𝑒𝑙 (AISC 2016b). Otherwise, if the design is based on 𝑅𝑛,𝑝𝑙, a reduction factor is 

applied to improbably high axial load demands (𝑛 > 0.75). This tends to overestimate the panel zone shear 

strength by nearly 15% for 𝑛 = 0.5. In Europe, regardless of the axial demand-to-capacity ratio of the col-

umn, the shear resistance is accounted for through a constant reduction factor of 0.9 (Ciutina and Dubina 

2003). 

 

(a) 

  

(b) (c) 

Figure 3.3 Comparison of inelastic panel zone test data without doubler plate: (a) 𝐾𝑝/𝐾𝑝,𝑚 versus 𝑡𝑐𝑓; (b) 

𝑉𝑝/𝑉𝑝,𝑚 versus 𝑡𝑐𝑓; and (c) first cycle envelopes for panel zone measured shear stiffness and strength deduc-

tion (data extracted from Kim et al. (2015), specimen 3). 

To address the above challenges, this chapter proposes a mechanics-based panel zone model that could be 

potentially used for the seismic design of steel MRF systems. This model is informed by continuum finite 

element (CFE) analyses validated to available experimental data. In the proposed model, panel zone joints 

are categorized according to the shear stress evolution in the column web and flanges. Moreover, improved 
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panel zone shear strength equations that account for the realistic stress distributions within the web panel and 

column flanges at three levels of shear distortions (𝛾𝑦, 4𝛾𝑦 and 6𝛾𝑦) are proposed. The doubler plate stress 

compatibility with the column web is examined for panel zone configurations comprising CJP and fillet weld 

details according to today’s construction practice. The axial load effect on the panel zone shear strength and 

stiffness is also examined for both interior and end columns within steel MRFs in an effort to generalize the 

proposed model. 

3.2 Mechanics of panel zone behavior through CFE analysis 

A CFE model is developed to examine the stress profile within a panel zone joint at various levels of inelas-

tic shear distortion. The commercial finite element analysis software ABAQUS (version 6.14-1) (SIMULIA 

2019) is used for this purpose. This section describes the CFE modeling approach and its validation along 

with the main panel zone parameters of interest. The CFE model validation is demonstrated with two full-

scale beam-to-column connection tests. The first test [specimen UCB-PN3, FEMA (1997)] features an exte-

rior subassembly with a stocky column (W14x257) and a 900mm deep beam (W36x150). The second test 

[specimen SPEC-6, Ricles et al. (2004b)] features an interior subassembly with deep members (W30x108 

beams and a W24x131 column). All members were fabricated from Gr. 50 steel (nominal yield stress, 𝑓𝑦 =

 345MPa). 

3.2.1 Description and validation of CFE modeling approach 

The CFE model, which is shown in Fig. 3.4a, constitutes twenty-node quadratic brick elements (C3D20R) 

with reduced integration and a maximum dimension of 20mm. These elements do not typically experience 

hourglassing and/or shear locking effects. To determine the optimum element type and mesh size, a mesh 

sensitivity analysis is conducted with four element types (i.e., C3D20, C3D20R, C3D8, C3D8R). Moreover, 

local imperfections in the beams are incorporated according to the first critical buckling eigenmode. Web 

imperfections are deemed critical and are tuned to an amplitude of 𝑑𝑏/250, which is consistent with prior 

related studies (Elkady and Lignos 2018b). Residual stresses according to Young (1971) are incorporated in 

the deep members. For the W14x257 column, the residual stress distribution by de Castro e Sousa and Lig-

nos (2017) is adopted. The CFE model captures the steel material nonlinearity with a multiaxial combined 

isotropic/kinematic hardening law (Lemaitre and Chaboche 1990) within the J2 plasticity constitutive model 

(von Mises 1913). The input model parameters are based on prior work by de Castro e Sousa et al. (2020). 

Referring to Fig. 3.4b, the CJP welds along the perimeter of the doubler plate are modeled through tie con-

straints. However, in Section 3.5, the welds are modeled explicitly. Four plug welds are simulated with 

15mm fasteners that constrain all six degrees-of-freedom. The continuity plates are tied in the column flang-

es and the doubler plate. Figure 3.5 shows comparisons between the measured and simulated results both at 

the global (load-story drift ratio response) and local level (panel zone shear force-shear distortion response). 

As for the UCB-PN3 specimen, the agreement of the simulated and measured data with regard to the global 
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behavior is noteworthy (see Fig. 3.5a). In Fig. 3.5b, the simulated panel zone response agrees well with the 

test data up to an inelastic shear distortion of 0.5% rad (i.e., second to last loading cycle). After reviewing the 

experimental report (Popov et al. 1996), it is found that the reason for the observed discrepancy between the 

measured and simulated panel zone response is the occurrence of beam weld fracture in the second to last 

loading cycle. This was not simulated in the CFE model. After the occurrence of weld fracture, the shear 

demand in the panel zone reduced, thereby decreasing the associated inelastic shear distortion. This is con-

firmed from UCB-PN1 specimen, from the same test program, that involved a nominally identical subas-

sembly with UCB-PN3. However, premature fracture occurred at a much later loading cycle. 

 

 

 

(a) detailed CFE model (b) doubler plate detailing (c) reduced-order CFE 

model 

Figure 3.4 Detailed and reduced-order continuum finite element models. 

In an effort to expedite the computations, a reduced-order panel zone CFE model is also developed as shown 

in Fig. 3.4c. This model does not include the continuity plates. Instead, a rigid body constraint is applied at 

the column’s top and bottom edges (i.e., at the locations of the beam flanges) to prevent stress concentrations 

during the imposed loading. According to the AISC (2016b) specifications, continuity plates are deemed 

necessary when the column cannot withstand the beam flange concentrated forces. Unlike slender column 

profiles, in stocky ones, the column itself is able to sustain the concentrated beam forces, hence continuity 

plates may be disregarded [see Section E3.6f, AISC (2016a)]. Besides, the panel zone strength and stiffness 

parameters would not be influenced by the presence of continuity plates. Accordingly, assuming fixed end 

boundaries is justifiable for both cases. Out-of-plane displacements and rotations as well as in plane rotations 

are restrained at the panel zone edges. Hence the panel zone joint behaves as a beam in contra-flexure. Refer-

ring to Figs. 3.5b and 3.5d, the simulated responses based on the detailed and reduced-order models are near-

ly identical for the examined subassemblies. Therefore, the reduced-order panel zone CFE model is adopted 

hereinafter. 
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(a) load – story drift ratio (b) load – panel zone shear distortion 

  

(c) load – story drift ratio (d) load – panel zone shear distortion 

Figure 3.5 Comparison between CFE model prediction and test data: (a)-(b) data reproduced from FEMA 

(1997); (c)-(d) data reproduced from Ricles et al. (2004b). 

3.2.2 Deduced panel zone performance parameters 

The simulation matrix comprises eight panel zone geometries. These are designed to have the same 𝑉𝑦 with 

specimen UCB-PN3, i.e., the column web thickness and depth are kept constant. The varied geometric pa-

rameters are the panel zone aspect ratio, 𝑑𝑏/𝑑𝑐, the column flange width, 𝑏𝑐𝑓, and the column flange thick-

ness, 𝑡𝑐𝑓. The first two parameters are chosen to examine the effect of the bending deformation mode on 𝐾𝑒, 

whereas 𝑡𝑐𝑓 is chosen to examine the influence of the column flange thickness on the panel zone shear 

strength. The panel zone models are subjected to monotonic inelastic shear distortions up to 6𝛾𝑦. 

Figure 3.6 shows the primary panel zone performance parameters of interest. The elastic panel zone shear 

stiffness, 𝐾𝑒, is deduced from the elastic branch slope of the 𝑉𝑝𝑧 − 𝛾 behavior. The yield strength, 𝑉𝑦, is de-

duced based on the yield initiation according to the von Mises criterion (von Mises 1913) in the panel zone 

center. Finally, the post-yield panel zone shear strength is deduced at two representative shear distortion 

levels, 4𝛾𝑦 (𝑉𝑝) and 6𝛾𝑦 (𝑉6𝛾𝑦). The latter is considered, since there may be appreciable reserve shear 
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strength attributed to the column flange contribution along with strain hardening due to column web shear 

yielding. 

 

Figure 3.6 Deduced panel zone performance parameters. 

3.3 Discussion 

Figure 3.7 shows a comparison between representative CFE simulations for various panel zone aspect ratios, 

𝑑𝑏/𝑑𝑐 and the predicted behavior according to the Krawinkler model. As expected, the figure suggests that 

the deviation of the predicted elastic stiffness, 𝐾𝑒 [Eq. (3.1)], the yield strength, 𝑉𝑦 [Eq. (3.2)] and post-yield 

strength, 𝑉𝑝 [Eq. (3.3)] from the CFE results may be appreciable depending on the panel zone aspect ratio 

and the column flange thickness. Particularly, for slender panel zones (i.e., 𝑑𝑏/𝑑𝑐=1.5 and 𝑡𝑐𝑓 =24mm) the 

measured elastic stiffness is about 30% lower than the predicted one since the Krawinkler model neglects the 

bending contribution (see Fig. 3.1b). However, for stocky and shallow panel zones with an aspect ratio of 

one and thick flanges (𝑡𝑐𝑓 ≅ 50mm), where the shear deformation mode is dominant, the Krawinkler model 

predicts 𝐾𝑒 reasonably well. Though, the panel zone stiffness is still underpredicted by 10-15% due to the 

assumed effective shear area (Charney et al. 2005). Same observations hold true for 𝑉𝑦. The Krawinkler 

model overestimates 𝑉𝑝 by more than 20% for stocky and shallow panel zones. For the cross section range 

that the same model was calibrated for, the post-yield shear strength is only overestimated by up to 10%. 

The above deviations can be justified by examining the stress distributions within the panel zone. Figure 3.8 

shows the shear stress distributions for two characteristic panel zone geometries, normalized by the yield 

shear stress, 𝜏𝑦 (𝜏𝑦 = 𝑓𝑦/√3), at a shear distortion angle equal to 𝛾𝑦, 4𝛾𝑦 and 6𝛾𝑦. The shear stress distribu-

tions are extracted from the column cross section corresponding to the beam centerline. Superimposed in the 

same figure are planes representing the average shear stress in the column web. Referring to Fig. 3.8a, the 

common assumption of a uniform shear distribution in the column web is not rational for slender panel 

zones, particularly at shear distortions near yielding, whereas the column flange contribution to shear yield-

ing is indeed negligible. 
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Referring to Fig. 3.8b, stocky and shallow panel zones experience almost uniform shear stresses in their web 

regardless of the shear angle distortion. The contribution of the column flanges to the attained shear stresses 

(maximum of 4%𝜏𝑦) may seem insignificant for shear distortion levels of 𝛾𝑦. However, since the flange area 

of stocky cross sections outweighs that of their web, the resultant force is appreciable (15-40% of the total 

panel zone shear force, depending on the shear distortion level). 

 

Figure 3.7 Representative continuum finite element analysis results with varying web panel zone aspect ratio 

and column flange thickness. 

3.4 Proposed panel zone model 

3.4.1 Panel zone elastic stiffness 

The proposed panel zone elastic stiffness, 𝐾𝑒 [see Eq. (3.4)], is derived based on both shear and bending 

deformation modes (see Fig. 3.1). The shear mode is accounted for based on Eq. (3.5). The bending mode is 

deduced based on the elastic stiffness (in terms of 𝑉𝑝𝑧 − 𝛾 relation) of a beam in contra-flexure according to 

Eq. (3.6). 

𝐾𝑒 =
𝑉𝑝𝑧
γ
=
𝐾𝑠 ⋅ 𝐾𝑏
𝐾𝑠 + 𝐾𝑏

 (3.4) 

𝐾𝑠 = 𝐴𝑣 ⋅ 𝐺 = 𝑡𝑝𝑧 ⋅ (𝑑𝑐 − 𝑡𝑐𝑓) ⋅ 𝐺 (3.5) 

𝐾𝑏 =
12 ⋅ 𝐸 ⋅ 𝐼

𝑑𝑏
3 ⋅ 𝑑𝑏 (3.6) 

The proposed model assumes a panel zone shear strength equilibrium instead of shear deformation compati-

bility. Therefore, the proposed panel zone stiffness is computed based on Eq. (3.4) by considering the two 

deformation modes in series (i.e., 𝛾 = 𝛾𝑠ℎ𝑒𝑎𝑟 + 𝛾𝑏𝑒𝑛𝑑𝑖𝑛𝑔) (see Fig. 3.1). In Eqs. (3.4) to (3.6), 𝐼 is the second 

moment of area of the column cross section (including the doubler plate(s) thickness, if any) with respect to 

the column’s strong-axis; and 𝐴𝑣 is the effective shear area according to Charney et al. (2005). Although 

other panel zone models (AISC 2016b; Fielding and Huang 1971; Kato et al. 1988; Lui and Chen 1986; Mu-

Krawinkler (1978) simulation data
solid lines: stocky and shallow panel zone

dashed lines: slender panel zone
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las 2004) assume an effective depth, 𝑑𝑒𝑓𝑓 = 𝑑𝑐, the panel zone shear stiffness (and strength) tends to be 

overestimated by about 10% for stocky column cross sections (𝑡𝑐𝑓 > 40mm) based on the above assumption. 

Note here that the second moment of area, 𝐼, refers to that of the full column cross section. Other researchers 

that attempted to address the bending deformation mode issue (Kim et al. 2015), accounted for the column 

flange deformation mode independently from the column web. 

  

shear stress distribution at 𝛾𝑦 shear stress distribution at 𝛾𝑦 

 

 

shear stress distribution at 4𝛾𝑦 shear stress distribution at 4𝛾𝑦 

 

 

shear stress distribution at 6𝛾𝑦 shear stress distribution at 6𝛾𝑦 

 (a) slender panel zone (i.e., 𝑑𝑏/𝑑𝑐 = 1.5 and 𝑡𝑐𝑓 = 

25mm) 

(b) stocky and shallow panel zone (i.e., 𝑑𝑏/𝑑𝑐   = 1.0 

and 𝑡𝑐𝑓 = 50mm) 

Figure 3.8 Shear stress distributions at 𝛾𝑦, 4𝛾𝑦 and 6𝛾𝑦: (a) slender; and (b) stocky and shallow panel zones. 
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3.4.2 Panel zone shear strength 

To predict a realistic yield and post-yield panel zone shear strength, the shear stress distributions in the panel 

zone from Fig. 3.8 are employed. The panel zone shear force, 𝑉𝑝𝑧, at a distortion, 𝛾, may be approximated by 

Eq. (3.7) where, 𝑉𝑓 is the shear force resisted by a single column flange; 𝑉𝑤 is the shear force resisted by the 

column web. In turn, 𝑉𝑓 may be assumed to be proportional to the ratio of the column flange stiffness, 𝐾𝑓, to 

the panel zone’s elastic stiffness, 𝐾𝑒, according to Eq. (3.8). The column flange stiffness may be computed 

using Eq. (3.9) by considering both shear and bending deformation modes as depicted by Eqs. (3.10) and 

(3.11), respectively. 

𝑉𝑝𝑧 = 2𝑉𝑓 + 𝑉𝑤 (3.7) 

𝑉𝑓 = (𝐾𝑓/𝐾𝑒) ⋅ 𝑉𝑝𝑧 (3.8) 

Equation (3.10) assumes a uniform shear stress distribution in the column flanges, while Eq. (3.11) assumes 

contra-flexure deformation with respect to the weak-axis of the column flanges. 

𝐾𝑓 =
𝐾𝑠𝑓 ⋅ 𝐾𝑏𝑓

𝐾𝑠𝑓 + 𝐾𝑏𝑓
 (3.9) 

𝐾𝑠𝑓 = 2 ⋅ (𝑡𝑐𝑓 ⋅ 𝑏𝑐𝑓 ⋅ 𝐺) (3.10) 

𝐾𝑏𝑓 = 2 ⋅ [
12𝐸(𝑏𝑐𝑓 ⋅ 𝑡𝑐𝑓

3 /12)

𝑑𝑏
3 ⋅ 𝑑𝑏] (3.11) 

In the above equations, the 𝐾𝑓/𝐾𝑒 ratio provides an estimate of the panel zone shear force resisted by the 

column flanges. Particularly, Fig. 3.9a shows how 𝐾𝑓/𝐾𝑒 influences the deduced 𝐾𝑒 for the examined panel 

zone geometries discussed earlier. In the vertical axis, these parameters are either predicted by the proposed 

or the Krawinkler model. The predicted stiffness, 𝐾𝑒, is normalized by the 𝐾𝑒,𝑚, deduced from the CFE re-

sults. The dashed line at an abscissa value of 1.0 represents the ideal agreement between the virtual tests and 

the analytical model predictions. 

Referring to Fig. 3.9a, the proposed panel zone stiffness from Eq. (3.4) shows improved accuracy over the 

Krawinkler model particularly for slender panel zone geometries (𝐾𝑓/𝐾𝑒 < 0.02). For stocky and shallow 

panel zone geometries (𝐾𝑓/𝐾𝑒 > 0.07), the effective area limitation as per Charney et al. (2005) leads to at 

least the same accuracy as the Krawinkler model since the bending deformation mode is negligible. 

Figure 3.9b shows the normalized post-yield panel zone stiffness, 𝐾𝛾𝑖, at various shear distortions (i.e., 4𝛾𝑦, 

5𝛾𝑦 and 6𝛾𝑦), with respect to 𝐾𝑓/𝐾𝑒. The 𝐾𝛾𝑖 is deduced from the tangential slope of the 𝑉𝑝𝑧 − 𝛾 relation. 

Note that beyond 4𝛾𝑦, the tangent stiffness is used to provide a consistent comparison with the constant 

0.03𝐾𝑒 post-4𝛾𝑦 that has been historically assumed in literature (Gupta and Krawinkler 2000a; Slutter 1981). 

This figure suggests that at 4𝛾𝑦, the post-yield panel zone stiffness reaches 0.07𝐾𝑒, whereas at 6𝛾𝑦 attains 
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0.04𝐾𝑒. The 𝐾𝛾𝑖/𝐾𝑒, at 4𝛾𝑦, of stocky and shallow panel zones (𝐾𝑓/𝐾𝑒 > 0.07) becomes double compared to 

slender ones. Consequently, the empirical post-4𝛾𝑦 stiffness of 0.03𝐾𝑒 (Gupta and Krawinkler 2000a; 

PEER/ATC 2010; Slutter 1981) is irrational for most panel zone geometries. Instead, the panel zone shear 

strength at a shear distortion angle of 6𝛾𝑦 should be used with 𝑉𝑝 to define the respective slope. This may 

also be more effective for optimal balanced design of beam-to-column joints in capacity-designed steel 

MRFs. Large panel zone shear distortions may raise concerns regarding localized deformations, consequen-

tial implications on system level response and increased potential for weld fractures (Chi et al. 1997; El-

Tawil et al. 1999; Lu et al. 2000; Mao et al. 2001; Ricles et al. 2000, 2004b). However, experimental data 

from recently compiled databases with over 100 post-Northridge bare steel and composite-steel beam-to-

column connections (El Jisr et al. 2019; Skiadopoulos and Lignos 2021) that exhibited inelastic behavior in 

their web panels, did not experience premature fracture even at inelastic shear distortions up to 10𝛾𝑦 as dis-

cussed earlier. 

  

(a) (b) 

Figure 3.9 (a) Deviation of predicted 𝐾𝑒 from measured one, 𝐾𝑒,𝑚, with respect to 𝐾𝑓/𝐾𝑒; and (b) normal-

ized panel zone stiffness at representative shear distortion levels with respect to 𝐾𝑓/𝐾𝑒. 

The panel zone shear strength can be generally computed using Eq. (3.12) by summing up the surface inte-

gral of the shear stresses along the panel zone’s web and flange areas. A realistic shear stress distribution 

should be deduced at a given shear distortion level for this purpose. Given the discrete finite element mesh, 

the surface integral in Eq. (3.12) can be replaced by the double summation of the shear stresses as given by 

Eq. (3.13). 

𝑉𝑝𝑧 = ∫ 𝜏𝑑𝐴
𝐴

= ∫ 𝜏𝑑𝐴𝑤
𝐴𝑤

+ 2∫ 𝜏𝑑𝐴𝑓
𝐴𝑓

 (3.12) 

The parameters 𝑎𝑤 and 𝑎𝑓, introduced in Eq. (3.13), represent the shear stress of each element in the column 

web and each flange, respectively, normalized by the shear stress at yielding, 𝜏𝑦. In these equations, the yield 
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stress of the web and flanges is assumed to be the same. Since the column flanges and web element size was 

kept constant in the CFE model, Eq. (3.13) can be re-written as in Eq. (3.14). 

𝑉𝑝𝑧 =
𝑓𝑦

√3
∙ ∑ ∑ 𝑎𝑤(𝑥, 𝑦)𝛿𝑥𝛿𝑦

𝑡𝑐𝑤/2

−𝑡𝑐𝑤/2

𝑑𝑐/2

−𝑑𝑐/2

+
𝑓𝑦

√3
∙ 2 ∑ ∑ 𝑎𝑓(𝑥, 𝑦)𝛿𝑥𝛿𝑦

𝑡𝑐𝑓/2

−𝑡𝑐𝑓/2

𝑏𝑐𝑓/2

−𝑏𝑐𝑓/2

 (3.13) 

𝑉𝑝𝑧 =
𝑓𝑦

√3
∙
𝑑𝑐 ∙ 𝑡𝑐𝑤
𝑁𝑤

∙ ∑ ∑ 𝑎𝑤(𝑥, 𝑦)

𝑡𝑐𝑤/2

−𝑡𝑐𝑤/2

𝑑𝑐/2

−𝑑𝑐/2

+
𝑓𝑦

√3
∙ 2
(𝑏𝑐𝑓 − 𝑡𝑐𝑤) ∙ 𝑡𝑐𝑓

𝑁𝑓
∙ ∑ ∑ 𝑎𝑓(𝑥, 𝑦)

𝑡𝑐𝑓/2

−𝑡𝑐𝑓/2

𝑏𝑐𝑓/2

−𝑏𝑐𝑓/2

 (3.14) 

Where, 𝑁𝑤 and 𝑁𝑓 are the number of finite elements of the web and each flange, respectively. Finally, as per 

Eq. (3.15), the panel zone shear strength can be expressed in terms of 𝑎𝑒𝑓𝑓 [see Eq. (3.16)], which is the 

average shear stress within the column flanges or web (i.e., sum of all stresses divided by number of ele-

ments in a given component), normalized by 𝜏𝑦. 

𝑉𝑝𝑧 = 𝑎𝑤,𝑒𝑓𝑓 ∙
𝑓𝑦

√3
∙ (𝑑𝑐 − 𝑡𝑐𝑓) ∙ 𝑡𝑐𝑤 + 𝑎𝑓,𝑒𝑓𝑓 ∙

𝑓𝑦

√3
∙ (𝑏𝑐𝑓 − 𝑡𝑐𝑤) ∙ 2𝑡𝑐𝑓 (3.15) 

𝑎𝑤,𝑒𝑓𝑓 =

∑ ∑ 𝜏𝑤𝛿𝑥𝛿𝑦
𝑡𝑐𝑤
2

−
𝑡𝑐𝑤
2

𝑑𝑐
2

−
𝑑𝑐
2

𝑡𝑐𝑤 ∙ (𝑑𝑐 − 𝑡𝑐𝑓) ∙ 𝜏𝑦
 

𝑎𝑓,𝑒𝑓𝑓 =
∑ ∑ 𝜏𝑓𝛿𝑥𝛿𝑦

𝑡𝑐𝑓/2

−𝑡𝑐𝑓/2

𝑏𝑐𝑓/2

−𝑏𝑐𝑓/2

𝑡𝑐𝑓 ∙ 𝑏𝑐𝑓 ∙ 𝜏𝑦
 

(3.16) 

Figure 3.10 illustrates the normalized average shear stresses of the column web and flanges from Eq. (3.16), 

as a function of 𝐾𝑓/𝐾𝑒, at shear distortions of 𝛾𝑦, 4𝛾𝑦 and 6𝛾𝑦. The linear regression curves for these rela-

tionships are superimposed in this figure and their statistical values (mean, standard deviation and coefficient 

of determination, 𝑅2) are summarized in Table 3.1 for reference. Figure 3.10a suggests that in general, and 

even for high shear distortions (𝛾 = 6𝛾𝑦), the influence of 𝐾𝑓/𝐾𝑒 on the column web stress contribution is 

not significant as inferred by the mild slope of the fitted trend lines. Quantitatively, this is expressed by the 

miniscule standard deviation values shown in Table 3.1 at 4𝛾𝑦 and 6𝛾𝑦. Accordingly, the average stress of 

the web at these distortions may be approximated by a single value regardless of the panel zone geometry. 

Referring to Fig. 3.10b, when 𝐾𝑓/𝐾𝑒 > 0.07 (stocky panel zones), the average stress of the column flange is 

appreciable for shear distortions larger than 𝛾𝑦. In contrast, for slender panel zones (𝐾𝑓/𝐾𝑒 < 0.02), the col-

umn flange average stress is negligible; hence, the column flange contribution to the panel zone shear 

strength is not important. 
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(a) (b) 

Figure 3.10 Normalized average shear stress at 𝛾𝑦, 4𝛾𝑦 and 6𝛾𝑦 for the: (a) web; and (b) flange. 

Table 3.1 Statistical parameters for the linear regression curves of the 𝑎𝑒𝑓𝑓 − 𝐾𝑓/𝐾𝑒 relationships. 

Location Web Flange 

Distortion level 𝛾𝑦 4𝛾𝑦 6𝛾𝑦 𝛾𝑦 4𝛾𝑦 6𝛾𝑦 

Mean 0.91 1.1 1.2 0.019 0.063 0.073 

Standard deviation 0.032 0.016 0.015 0.011 0.051 0.058 

R2 0.95 0.94 0.96 0.95 0.98 0.97 

A set of panel zone shear strength equations at 𝛾𝑦 (i.e., 𝑉𝑦), 4𝛾𝑦 (i.e., 𝑉𝑝) and 6𝛾𝑦 (noted as 𝑉6𝛾𝑦) are pro-

posed in support of contemporary seismic design of steel MRFs. According to Eq. (3.17), the proposed, 𝑉𝑦, is 

as follows: 

𝑉𝑦 =

[0.58(𝐾𝑓/𝐾𝑒) + 0.88] ∙
𝑓𝑦

√3
 ∙ (𝑑𝑐 − 𝑡𝑐𝑓) ∙ 𝑡𝑝𝑧

1 − 𝐾𝑓/𝐾𝑒
=
𝑓𝑦

√3
∙ 𝑎𝑦 ∙ (𝑑𝑐 − 𝑡𝑐𝑓) ∙ 𝑡𝑝𝑧 

(3.17) 

where 𝑎𝑦 = 0.9 and 1.0 for slender and stocky panel zones, respectively. Note that for stocky panel zones, 

Eq. (3.17) matches the 𝑉𝑦 of the Krawinkler model. 

The proposed panel zone shear strength for 𝑉𝑝 and 𝑉6𝛾𝑦 is given by Eq. (3.18) along with recommended val-

ues for 𝑎𝑤,𝑒𝑓𝑓 and 𝑎𝑓,𝑒𝑓𝑓 in Table 3.2 directly extracted from representative shear stress profiles of panel 

zone geometries. Interpolation may be used for the corresponding 𝑎𝑒𝑓𝑓 values when the panel zone geometry 

is neither slender nor stocky (i.e., 𝐾𝑓/𝐾𝑒 = 0.02 to 0.07). For panel zone shear distortions higher than 6𝛾𝑦, 

the panel zone stiffness equals the proposed 4𝛾𝑦 − 6𝛾𝑦 one. 

𝑉𝑝𝑧 =
𝑓𝑦

√3
∙ [𝑎𝑤,𝑒𝑓𝑓 ∙ (𝑑𝑐 − 𝑡𝑐𝑓) ∙ 𝑡𝑝𝑧 + 𝑎𝑓,𝑒𝑓𝑓 ∙ (𝑏𝑐𝑓 − 𝑡𝑐𝑤) ∙ 2𝑡𝑐𝑓] (3.18) 
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Table 3.2 Normalized average shear stress values and expressions in the web and the flanges, based on the 

proposed model. 

Equation 
Web (𝑎𝑤,𝑒𝑓𝑓) Flange (𝑎𝑓,𝑒𝑓𝑓) 

4𝛾𝑦 (𝑉𝑝) 6𝛾𝑦 (𝑉6𝛾𝑦) 4𝛾𝑦 (𝑉𝑝) 6𝛾𝑦 (𝑉6𝛾𝑦) 

General case 

1.1 1.15 

0.93(𝐾𝑓/𝐾𝑒) + 0.015 1.05(𝐾𝑓/𝐾𝑒) + 0.02 

Simplified 

case  

Slender 

panel zone 
0.02 0.03 

Stocky 

panel zone 
0.1 0.1 

3.4.3 Proposed panel zone model validation 

Figure 3.11 shows a comparison of the panel zone’s hysteretic response from characteristic full-scale tests 

(Ricles et al. 2004b; Shin 2017) and the predicted envelope curve based on the proposed model. For refer-

ence, the AISC (2016b) model is superimposed in the same figure. The additional third branch slope of 

0.03𝐾𝑒 is also considered beyond 𝑉𝑝 (Gupta and Krawinkler 2000a; PEER/ATC 2010; Slutter 1981). The 

comparisons highlight the superior accuracy of the proposed model in predicting the panel zone’s shear 

strength and stiffness over the AISC model, which consistently overestimates the same quantities by nearly 

30%. Moreover, the assumed 0.03𝐾𝑒 stiffness in the third branch is not justifiable for slender panel zones as 

discussed earlier (see Fig. 3.11a). 

  

(a) slender panel zone, 𝐾𝑓/𝐾𝑒 = 0.003 [Beam: 

W30x108, Column: W24x131, data reproduced from 

Ricles et al. (2004b)] 

(b) stocky panel zone, 𝐾𝑓/𝐾𝑒 = 0.07 [Beam: 

W36x150, Column: W14x398, data reproduced 

from Shin (2017)] 

Figure 3.11 Comparison of measured and predicted panel zone hysteretic responses. 

An assembled inelastic panel zone database (Skiadopoulos and Lignos 2021) comprising specimens without 

doubler plates in the panel zone is also used to further validate the accuracy of the proposed panel zone stiff-

ness and Eq. (3.18) for both 𝑉𝑝 and 𝑉6𝛾𝑦. Referring to Fig. 3.12a, the proposed panel zone stiffness matches 

the experimental data relatively well. The maximum error is up to 15% and for only two cases. Referring to 

Fig. 3.12b, while the AISC (2016b) panel zone model does not depict the influence of column flange thick-

0.03Ke

0.03Ke
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ness, 𝑡𝑐𝑓, on 𝑉𝑝, the proposed model is sufficient regardless of the panel zone geometry. Referring to Fig. 

3.12c, same trends hold true for 𝑉6𝛾𝑦. Notably, for cross sections with 𝑡𝑐𝑓 > 40mm, the proposed model is 

remarkably better than the current state of the seismic design practice. 

 

(a) 𝐾𝑒/𝐾𝑒,𝑚 

  

(b) 𝑉𝑝/𝑉𝑝,𝑚 (c) 𝑉6𝛾𝑦/𝑉6𝛾𝑦,𝑚 

Figure 3.12 Comparison of the proposed panel zone stiffness and shear strength at 4𝛾𝑦 and 6𝛾𝑦 versus the 

measured ones from inelastic panel zone test data without doubler plates. 

3.5 Effect of doubler plates 

The impact of utilizing doubler plates, and their influence on the proposed model sufficiency is examined by 

means of supplemental CFE simulations featuring shallow and stocky (W14x398) as well as deep 

(W24x131) column cross sections with a one-sided thick doubler plate (𝑡𝑑𝑝 > 40mm). Table 3.3 summarizes 

the virtual test matrix. It is comprised of panel zones in which the doubler plates are either welded with CJP 

or fillets to the respective column. The respective details are shown schematically in Figs. 3.13a and 3.13b. 

Note that the examined welded configurations are consistent with the current practice (AISC 2016a; AWS 

2016). The shallow and stocky column (W14x398) does not necessitate the presence of continuity plates 
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according to the AISC (2016a) provisions. The doubler plate thickness is determined by the fillet radii of the 

column cross section to avoid welding in its k-area (Lee et al. 2005c). Since for both cross sections the fillet 

radii, 𝑟, used for detailing equals to 33 mm, this leads to a doubler plate thickness of 𝑡𝑑𝑝 = 35mm (1-3/8" 

in). The respective fillet welds have a leg thickness of 𝑡𝑤 = 48 mm by assuming that the filler metal classifi-

cation strength, 𝐹𝐸𝑋𝑋 = 1.2𝐹𝑦𝑐𝑤 (𝐹𝑦𝑐𝑤: yield stress of the column web base material). The calculated fillet 

weld material thickness satisfies the AISC (2016a) provisions. The doubler plate yield stress is assumed to be 

𝐹𝑦𝑑𝑝 = 1.1𝐹𝑦𝑐𝑤. Neither plug welding nor horizontal welding on top and bottom of the doubler plates is nec-

essary for the examined cases according to AISC (2016a). Either way, the above weld details would have 

increased the shear stress compatibility between the doubler plate and the column web. The column region is 

modelled with the same procedures discussed earlier. The doubler plate, which extends by 0.5𝑑𝑏 from the 

beam flanges, is modelled with quadratic brick elements with reduced integration (C3D20R). These are used 

to better capture the stress distribution through thickness of the doubler plate. Hard contact, that allows sepa-

ration but not penetration, is employed between the doubler plate and the column web. In turn, the double 

plate is tied with the welding material, which was modeled explicitly as shown in Fig. 3.13. 

Table 3.3 Virtual test matrix for the examination of doubler plate effectiveness. 

Column Beam Doubler plate thickness [mm] Welding type Loading protocol 

W14x398 W36x150 

35 

CJP Cyclic symmetric 

Fillet 

Monotonic 

Cyclic symmetric 

Collapse-consistent 

W24x131 W30x108 

CJP Cyclic symmetric 

Fillet 

Monotonic 

Cyclic symmetric 

Collapse-consistent 

Three loading histories are employed: a monotonic, a ramped cyclic symmetric (AISC 2016a) and a col-

lapse-consistent loading protocol (Suzuki and Lignos 2020) to account for potential accumulation of doubler 

plate shear stress incompatibility throughout the loading history. The shear stress incompatibility between 

the doubler plate and the column web is quantified based the relative difference between the average shear 

stresses in the column web, �̅�𝑐𝑤, and doubler plates, �̅�𝑑𝑝; that is (�̅�𝑐𝑤 − �̅�𝑑𝑝)/�̅�𝑑𝑝.  

Figures 3.14a and 3.14b show the above metric with respect to the accumulated panel zone shear distortion, 

Σ𝛾, for deep (W24x131) as well as shallow and stocky (W14x398) columns, respectively. Prior to panel zone 

yielding (i.e., 𝛾𝑦), the stresses in the column web are higher than those in the doubler plate by 10 to 30%, 

depending on the cross section and the weld specification. However, once both the doubler plate and the 

column web yield, the relative difference of their shear stress demand is not more than -10%. This is attribut-
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ed to the fact that the yield stress of the doubler plate is purposely assumed to be 10% higher than that of the 

column web. This indicates no evident stress incompatibility between the doubler plate and the column web. 

 

 

 

 

(a) column: W14x398 (b) column: W24x131 

Figure 3.13 Continuum finite element model CJP and fillet weld details. 

   

(a) column: W24x131 – 

symmetric cyclic protocol 

(b) column: W14x398 – 

symmetric cyclic protocol 

(c) collapse-consistent protocol 

Figure 3.14 Relative difference in the average shear stresses between the doubler plate and the column web 

versus accumulated panel zone shear distortion. 

Referring to Figs. 3.14a and 3.14b, the use of a CJP weld provides higher shear stress compatibility (more 

than 90%) compared to fillet welded doubler plates (70-80% at shear distortions lower than 𝛾𝑦). It is also 

observed that the relative difference is initially higher for stocky and shallow columns compared to deep 

ones. However, after panel zone yielding, this difference diminishes. This is more apparent in Fig. 3.14c 

under the collapse-consistent loading protocol regardless of the examined column cross section. In brief, Fig. 

3.14 suggests that the doubler plate ineffectiveness is not an issue for beam-to-column connections detailed 

according to AISC (2016a) and AWS (2016). For thick fillet-welded doubler plates, if the requirement for 

considerably thick fillet welds (so that the stresses impending from the column are properly attained by the 
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doubler plate) is met, the doubler plate(s) and the column web attain fairly similar shear stresses. Therefore, 

the total panel zone thickness, including the double plate(s) (i.e., 𝑡𝑝𝑧 = 𝑡𝑐𝑤 + 𝑡𝑑𝑝), may be directly em-

ployed in Eqs. (3.4), (3.17) and (3.18). Figure 3.15 illustrates indicative comparisons between the proposed 

model and data from full-scale beam-to-column joints with doubler plates retrieved from the analyzed inelas-

tic panel zone cases. 

  

(a) W24x141 column (b) W14x398 column 

Figure 3.15 Comparison of measured and predicted response of panel zones with fillet- and CJP-welded 

doubler plates. 

The authors are of the opinion that the doubler plate-to-column web shear-stress incompatibility, which was 

mostly highlighted in prior studies on pre-Northridge beam-to-column connections (Slutter 1981), is attribut-

ed to the uncertainty of the welding material and the weld specifications that were employed at that time. 

Differences in material properties between doubler plates (e.g., use of A36 plates) and the respective column 

(e.g., A992 or A572 Gr. 50) could have attributed to some of the reported differences. 

3.6 Effect of axial load 

This section examines how the axial load should be considered within the proposed model to design/model 

inelastic panel zones in end (exterior) and interior steel MRF beam-to-column connections. In the former, 

columns experience axial load variations due to the transient axial load component. Doubler plates are omit-

ted in these simulations since this effect was separately examined in the previous section. Table 3.4 summa-

rizes the virtual test matrix that was examined in this case. In brief, a gravity load ratio, 𝑃𝑔/𝑃𝑦, of 15%, 30% 

and 50% is considered for interior columns, whereas 𝑃𝑔/𝑃𝑦 = 15% is assumed for end columns. The first two 

values are deemed reasonable based on nonlinear response history analyses of representative 4- and 8-story 

steel MRF designs (Elkady and Lignos 2014, 2015) according to current design specifications. The last grav-

ity load ratio may be representative in existing high-rise steel MRF buildings designed prior to the 1994 

Northridge earthquake (Bech et al. 2015). The axial load demand variation in end columns is depicted based 

on representative loading histories developed for experimental testing of steel MRF columns (Suzuki and 

0.03Ke

0.03Ke
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Lignos 2020). In particular, the imposed axial load demand, 𝑃/𝑃𝑦, varies from -10% (tension) to 40% (com-

pression) for the 8-story and from 5% to 25% for the 4-story MRF as retrieved from Suzuki and Lignos 

(2020). This is coupled with the imposed same shear distortion demand as the interior columns. 

Table 3.4 Virtual test matrix for the examination of the axial load effect. 

Column Beam Number of stories Joint location 𝑃𝑔/𝑃𝑦 

W14x398 W36x150 

- interior 

15% 

30% 

50% 

4 
end 15% 

8 

W24x131 W30x108 
- interior 

15% 

30% 

50% 

4 end 15% 

According to the AISC (2016b) specifications, no reduction in the panel zone shear strength would be intro-

duced if it was designed to attain inelastic deformations (i.e., 𝑛 < 0.75). If the panel zone was designed to 

remain elastic [based on 𝑅𝑛,𝑒𝑙 from AISC (2016b) specifications], then a reduction based on the von Mises 

criterion (von Mises 1913) would be employed. In prior work by Kim et al. (2015), it was assumed that the 

axial load is only sustained by the column flanges. However, this does not hold true because the present 

study suggests that the column web contribution in sustaining the axial load demand may be up to 40%. As 

such, in the proposed model, 𝑛, accounts for the full column cross section with regard to the axial yield 

strength calculation. The relative difference between the panel zone shear resistance with/without the applied 

axial load throughout the loading history is computed as (𝑉𝑝𝑧
𝑛=0 − 𝑉𝑝𝑧

𝑛>0)/𝑉𝑝𝑧
𝑛=0, to evaluate the influence of 

the axial load. 

3.6.1 Interior columns 

Figure 3.16 shows the relative difference of interest versus the accumulated panel zone shear distortion, ∑𝛾, 

for the examined interior columns. In the same figure, a line is superimposed representing the relative differ-

ence according to AIJ (2012). The two plots of this figure are not schematically comparable, since the panel 

zone shear distortion history differs in both cases. Moreover, due to the imposed cyclic loading history, the 

relative difference attains zero when the panel zone shear strength attains zero as well. It is observed that the 

von Mises criterion, which is adopted by AIJ (2012) and AISC (2016b) for elastic panel zone design, corre-

sponds well with the results regardless of the ∑𝛾 level. However, for inelastic panel zone design that no 

reduction in strength would be applied according to AISC (2016b), the panel zone shear resistance is overes-

timated by more than 10% for 𝑃𝑔/𝑃𝑦 > 30%, depending on the cross section. However, the above gravity 
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load ratio range is uncommon in contemporary steel MRF designs (Elkady and Lignos 2014, 2015; Suzuki 

and Lignos 2020). 

  

(a) W24x131 column (b) W14x398 column 

Figure 3.16 Panel zone relative difference between the panel zone shear strength with/without applied axial 

load versus accumulated panel zone shear distortion for interior columns. 

3.6.2 End columns 

Figure 3.17 depicts the reduction in shear strength for both interior and end column panel zones for an 8-

story MRF. It is observed that applying the von Mises criterion only for the applied gravity load leads to 

marginally unconservative results (~10%). Therefore, the panel zone shear strength reduction should be ap-

plied for the absolute peak load ratio 𝑃/𝑃𝑦 including the transient axial load component. For a 4-story MRF, 

the panel zone shear strength reduction is negligible (less than 4%) due to the decreased axial load variation 

in end columns. 

  

(a) W24x131 column (b) W14x398 column 

Figure 3.17 Panel zone relative reduction due to axial force versus accumulated panel zone shear distortion 

for both interior and exterior columns (8-story steel MRF). 
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3.7 Limitations of the present study 

The proposed panel zone model neglects the influence of the composite action on the panel zone behavior. 

This is an important aspect to be considered (Castro et al. 2005; El Jisr et al. 2019; Elkady and Lignos 2014; 

Kim and Engelhardt 2002). On the other hand, practical methods to decouple the slab from the steel col-

umn/panel zone are available (Chaudhari et al. 2019; Tremblay et al. 1997). While the effect of cyclic hard-

ening on the panel zone shear strength was disregarded, during design-basis earthquakes, capacity-designed 

steel MRFs are likely to experience modest lateral drift demands (i.e., 2%); therefore, the panel zone is likely 

to experience shear distortions of nearly 4𝛾𝑦, depending on the panel zone-to-beam relative strength ratio. 

Cyclic hardening is fairly minor for this range of shear distortions; thus, the proposed model should predict 

fairly well the panel zone shear strength. Moreover, at seismic intensities associated with low probability of 

occurrence seismic events (i.e., 2% in 50 years) the steel MRF behavior is expected to be asymmetric due to 

ratcheting (Lignos et al. 2011, 2013). Shake table collapse experiments (Lignos et al. 2013; Suita et al. 2008) 

suggest that the panel zone inelastic behavior is fairly similar with that depicted by the examined collapse-

consistent loading protocol. Moreover, the use of A36 doubler plates with A992 Gr. 50 steel columns was 

not investigated. While this practice appeared to be a default choice in pre-Northridge steel MRF designs, the 

use of A572 Gr. 50 doubler plates with A992 Gr. 50 steel columns appears to be the current practice in mod-

ern seismic-resistant steel MRFs. Finally, the proposed model should be further validated for beam-to-

column connections comprising hollow structural columns. 

3.8 Summary and conclusions 

This chapter presents a new panel zone model for the seismic design and analysis of beam-to-column panel 

zone joints in capacity-designed moment-resisting frames (MRFs). The proposed model, which is developed 

on the basis of structural mechanics, reflects the realistic stress distributions within a panel zone joint geome-

try. These distributions are extracted from continuum finite element (CFE) models, which are thoroughly 

validated to available experimental data from pre- and post-Northridge interior and exterior subassemblies. 

We propose improved equations to predict the panel zone stiffness and shear strength at discrete levels of 

panel zone shear distortion pertinent to the balanced design of steel MRF beam-to-column joints according to 

current seismic provisions. 

The CFE simulation results underscore that the commonly used assumption of uniform shear yielding is only 

valid in panel zone geometries featuring stocky and shallow column cross sections regardless of the inelastic 

shear distortion level. 

The elastic stiffness, 𝐾𝑒 [see Eq. (3.4)], of the proposed panel zone model considers both shear and bending 

deformations based on shear strength equilibrium within the panel zone. Hence, its performance in predicting 

the elastic stiffness of slender panel zones (beam-to-column depth ratios, 𝑑𝑏/𝑑𝑐 ≥ 1.5) is superior compared 

to available models in the literature as well as the ones available in current seismic provisions.  
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The proposed equation [see Eq. (3.17)] for the panel zone shear strength at yield, 𝑉𝑦 (i.e., shear distortion of 

𝛾𝑦), matches that of the Krawinkler (1978) model for panel zones that are shear deformation-dominant (i.e., 

stocky cases) but performs much better in cases that the bending contribution is appreciable.  

Comparisons with available full-scale test data suggest that the proposed model predicts the panel zone shear 

strength, 𝑉𝑝, [see Eq. (3.18) and Table 3.2] at a shear distortion of 4𝛾𝑦 with a noteworthy accuracy even 

when panel zones feature columns with relatively thick flanges (i.e., 𝑡𝑐𝑓 ≥ 40mm). The current model in the 

AISC (2016b) seismic specifications overpredicts 𝑉𝑝 by 20% to 50% depending on the panel zone geometry. 

In that respect, the proposed model addresses a well-known limitation of available models in the literature. 

The CFE simulations reveal that the commonly assumed value of 0.03𝐾𝑒 for the stiffness beyond 4𝛾𝑦 shear 

distortions is not justifiable in most panel zone geometries. This is due to the increased column flange con-

tribution to the panel zone strength at large inelastic shear distortions (𝛾 > 4𝛾𝑦). For this reason, we propose 

an expression to predict the panel zone shear strength, 𝑉6𝛾𝑦 [see Eq. (3.18) and Table 3.2], at a shear distor-

tion of 6𝛾𝑦. Beyond 6𝛾𝑦, the panel zone is assumed to have the same stiffness with the proposed 4𝛾𝑦 − 6𝛾𝑦 

branch. 

Based on the examined cases, it is also found that the doubler plate to column web shear stress incompatibil-

ity does not appear to be an issue for beam-to-column connections, which are detailed according to current 

seismic provisions and detailing criteria (AISC 2016a; AWS 2016). Consequently, neither fillet nor CJP 

welded doubler plates should be treated differently either by reducing their strength or by intentionally ac-

counting for one of the two doubler plates [i.e., CEN (2005)]. The authors are of the opinion that the doubler 

plate ineffectiveness reported in the literature is mostly attributed to weld specifications and construction 

practices prior to the 1994 Northridge earthquake. 

Supplemental CFE simulations suggest that the von Mises criterion (von Mises 1913) may still be used to 

reduce the predicted panel zone shear strength for both interior and end columns in steel MRFs regardless of 

the employed lateral loading history. The shear strength reduction should always be based on the peak axial 

compressive load imposed to the respective column including the transient axial component due to dynamic 

overturning effects. 

3.9 Dedication 

This chapter is dedicated to the memory of Professor Helmut Krawinkler, former professor at Stanford Uni-

versity, who was among the first to identify the importance of the panel zone on the seismic behavior of steel 

MRFs in the early 1970s. This study builds upon his outstanding contribution and would not have been pos-

sible without it. 
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4.1 Introduction 

Comprehensive evaluations in field-welded steel moment-resisting frame (MRF) buildings prior to 2000 

(FEMA 2000b) and corroborating experimental studies after the 1994 Northridge earthquake (FEMA 2000a) 

highlighted a number of issues with regard to the, admittedly, poor seismic performance of field-welded 

unreinforced flange-bolted web (WUF-B) beam-to-column connections (FEMA 2000a; b). This connection 

is shown in Fig. 4.1a. Particular emphasis was placed in the bottom beam flange-to-column flange groove 

welded portion, which is shown schematically in Fig. 4.1b. 

 
 

(a) (b) 

 

(c) 

Figure 4.1 Welded unreinforced flange-bolted web (WUF-B) pre-Northridge connection: (a) typical configu-

ration; (b) potential locations for crack initiation; and (c) typical bottom beam flange-to-column flange con-

nection detail [adopted from (Paret 2000a), credit: Prof. J. Fisher] and schematic of additional flaw profile 

along the beam flange width. 

In typical pre-Northridge WUF-B connections, the backing bars of rectangular shape were often left in place 

after completing the beam-to-column complete joint penetration (CJP) groove welds (FEMA 2000a). These 

welds were usually realized with self-shielded flux-cored arc welding (FCAW-SS) with a low toughness 

weld electrode E70T-4. Referring to Fig. 4.1c, the backing bar imposed a notch condition within the column 

and/or the beam flanges. Moreover, an additional crack-like flaw, 𝑎0, often penetrated through the CJP weld 

root. The depth of this flaw was not uniform along the beam flange width as shown schematically in Fig. 

4.1c. It maximized in the beam web centerline, where the welding process was interrupted. The presence of 

backing bars restricted weld inspections for potential flaws that were deemed critical in low toughness 
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groove welds at the time. Kaufmann and Fisher (1996) found that 𝑎0 varied between 3 and 10mm. The back-

ing bar-to-column flange notch condition (noted as location “L1” hereinafter as per Fig. 4.1b), together with 

the high strain demands in the outer beam bottom flange fiber and the increased triaxial stresses due to the 

column web restraint, often triggered crack initiation and fracture at the same location (Mahin 1998; Miller 

1998; Yang and Popov 1995). Figure 4.2 highlights a WUF-B connection where the particular fracture pat-

tern initiated from the bottom backing bar at L1 and penetrated through the CJP weld material. 

 

Figure 4.2 Fracture pattern observed during the 1994 Northridge earthquake in a welded unreinforced flange, 

bolted-web connection (photo courtesy: Professor Michael Engelhardt). 

Referring to Fig. 4.1b, discontinuities adjacent to the beam flange-to-column flange CJP weld of pre-

Northridge WUF-B connections often turned into crack-like flaws during the shrinkage of the weld material 

that was restrained by the surrounding base metal. These flaws, which are usually situated in the heat affect-

ed zone (HAZ), may be located either at the outer and/or the inner flange fiber (denoted as location “L2” 

hereinafter). Depending on the accuracy of the non-destructive inspection method, the depth of these crack-

like flaws usually ranges from 0.1 to 0.5mm (ASTM 2015, 2017, 2018b). The increased fracture potential 

due to the presence of the above crack-like flaws together with the inferior base and weld material toughness 

requirements of pre-Northridge connections often lead to fracture that initiated at L2 and propagated through 

the CJP weld or the base metal of the beam flange. However, advancements in welding procedures (AWS 

2010) and electrode specifications for demand critical welds (AISC 2016a) in pre-qualified beam-to-column 

connections reduce considerably the fracture potential at L2. 

Krawinkler (1995) found that the inferior through-thickness steel material properties often lead to fracture 

due to lamellar tearing in pre-Northridge connections (denoted as location “L3” hereinafter) when steel col-

umns featured relatively thick flanges (𝑡𝑐𝑓 > 38mm). This reflects current practice requirements for non-

destructive testing evaluation (AISC 2016a). The inferior through-thickness steel material properties result 

from the hot rolling process that transforms the metal inclusions to thin and long discontinuities parallel to 

the base metal longitudinal direction (Miller 2017). These can separate at a certain amplitude of imposed 

strain demands, thereby compromising the overall ductility of the connection. However, structural steel ma-
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terials with through-thickness strength and toughness properties, which are equivalent to those in the longi-

tudinal one, are currently available (Kanno 2016; Miki et al. 2002). For instance, in Europe, the through-

thickness Z-direction demand, 𝑍𝐸𝑑, determines the Z-direction material resistance, 𝑍𝑅𝑑, to be utilized (CEN 

2004b). In the US, the use of A913 Gr. 50 or 65 steel is an interesting alternative (Bouchard and Axmann 

2000). Therefore, divot fracture at L3 is unlikely to occur in today’s connections provided that the above 

material requirements are respected. 

Finally, the weld access hole geometry of the WUF-B connection often triggered crack initiation near the toe 

of the weld access hole. While there is no apparent initial sharp crack-like flaw in this area, microvoid nucle-

ation, growth and coalescence (Kanvinde 2017) often lead to fracture initiation and propagation due to the 

concentration of high plastic strain demands and triaxial stresses. However, this crack type is stable, and it is 

not considered to compromise the overall connection ductility under cyclic loading (Suzuki and Lignos 

2021). 

The aforementioned considerations have been articulated in current standards (AISC 2016c; AWS 2010) and 

other concerted efforts (Landolfo et al. 2018) to enhance the seismic ductility of pre-qualified field-welded 

beam-to-column connections. Referring to Fig. 4.3, an improved weld access hole geometry is utilized based 

on rigorous finite element analysis studies (El-Tawil et al. 2000; Ricles et al. 2002a). This geometry mini-

mizes the strain localization at the toe of the bottom beam flange weld access hole. Detailed surveys from 

prior testing in pre-qualified field welded connections suggests that fracture initiation at this location is un-

likely to occur at lateral drift demands prior to 6% rads (Skiadopoulos and Lignos 2021). Moreover, the use 

of welded-web attachments in pre-qualified welded unreinforced flange-welded web (WUF-W) beam-to-

column connections (see Fig. 4.3), which is the primary focus of this chapter, is imperative in an effort to 

reduce the, arguably large, seismic shear transfer and its prying effects into the beam flanges (Richard 2003). 

 

Figure 4.3 Typical welded unreinforced flange-welded web (WUF-W) pre-qualified connection detailing. 

db

dc

doubler plate(s)

plug welds

continuity plates

tbfbeam flange

19mm

3tbf

0.75tbf + 9.5

co
lu

m
n

 f
la

n
g

ebacking bar

fillet weld

CJP weld

CJP weld

detail 1

detail 1



Chapter 4: Proposed backing bar detail in welded beam-to-column connections for seismic applications 

89 

In today’s WUF-W connections, the bottom beam flange backing bar should be removed after the comple-

tion of the CJP welds. Weld root back gouging and fillet reinforcement (see Fig. 4.3) is necessary. Albeit this 

connection detailing minimizes the fracture potential (Chi et al. 2000), its fabrication is time consuming, 

thereby leading to increased fabrication costs (FEMA 2000a; Miller 2017; Popov et al. 1998). With today’s 

toughness requirements for demand-critical CJP welds, which are commonly used in pre-qualified beam-to-

column connections (AISC 2016a), possible built-in flaws do not necessarily lead to brittle fracture (Shaw et 

al. 2015). A thorough review of available experimental data in post-Northridge connections (Skiadopoulos 

and Lignos 2021), suggests that fracture at L2 is unlikely to occur prior to 5-6% lateral drift demands. There-

fore, cost-effective simplifications during fabrication of WUF-W connections for seismic applications may 

be possible. For the same reason, similar simplifications have been proposed for welded base plate connec-

tions (Myers et al. 2009) as well as welded column splices (Shaw et al. 2015; Stillmaker et al. 2016). 

In prior work (Chi et al. 2000; Wang et al. 2010; Yang et al. 2019), alternative backing bar configurations 

were explored in an effort to reduce the fracture potential at the bottom beam flanges of WUF-B connec-

tions. The general consensus from these studies was that modified backing bar details may somewhat reduce 

the fracture potential relative to that from the use of conventional backing bar geometries. However, the 

above studies shared a number of limiting features. Particularly, these included (a) a single beam-to-column 

geometry; and (b) the use of two-dimensional (2-D) finite element models, that generally underpredicted the 

fracture potential at the bottom beam flange by about 40% (Chi et al. 2000). Particularly, 2-D finite element 

models do not properly depict the increased restraint at the center of the beam-flange-to-column flange joint, 

which increases the triaxiality and generally leads to nearly two times higher fracture potential in this loca-

tion than that of the beam flange tip (Chi et al. 2000). 

Motivated by the above, this chapter revisits, through simulation-assisted engineering, the commonly used 

practice in field-welded beam-to-column connections for seismic applications, aiming to propose potential 

fabrication detailing simplifications with emphasis on weld backing bar details. The proposed methodology, 

which features traditional fracture mechanics informed by 3-D continuum finite element (CFE) analyses, is 

validated by available pre-Northridge WUF-B connection full-scale experiments. A customized backing bar 

detail is then proposed that, although it is not removed after the completion of the CJP groove welds, de-

creases appreciably the fracture potential in both pre- and post-Northridge field-welded connections. In order 

to substantiate the findings, several parameters are interrogated, including the panel zone design distortions, 

the beam depth, as well as the thickness of the beam and column flanges. Limitations as well as directions 

for future work are discussed. 

4.2 Methodology 

While the focus of this chapter is to advance the seismic performance of post-Northridge WUF-W connec-

tions, knowledge and data acquired from prior work on pre-Northridge WUF-B connections is also of inter-
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est. The emphasis is on how to minimize the fracture potential at location L1. The current weld toughness 

requirements and weld practice (AISC 2016a; AWS 2016) for demand critical welds, the non-destructive 

testing evaluation (AWS 2010) along with the updated weld access hole geometries (AISC 2016c) and the 

current base metal technology (Kanno 2016; Miki et al. 2002) ensure a minimum fracture potential at L2 and 

L3 and at the toe of the access hole as discussed earlier. The type of fracture at L1 dictates the pertinent frac-

ture mechanics method to be employed, which is informed by CFE analyses. These comprise beam-to-

column subassembly global models that do not include backing bar and sharp crack-like built-in flaws in the 

locations of high fracture potential. These are explicitly considered in carefully developed and validated sub-

models, which are informed by the global connection models. The subsequent sections discuss the primary 

features of the employed methodology. 

4.3 Employed fracture mechanics methods, primary assumptions and sensitivity 

analyses 

The apparent sharp crack-like flaw (referred to as crack hereinafter) at L1 prohibits the applicability of mi-

cromechanics-based models (Jia and Kuwamura 2014; Kanvinde 2017). Instead, traditional fracture mechan-

ics methods (Irwin 1961; Rice 1968; Wells 1961) should be employed. Location L1 is likely to experience 

relatively high stress and strain demands, regardless of the relative strength of the beam with respect to the 

column panel zone. For panel zone joints exhibiting highly inelastic shear distortions (e.g., 𝛾 > 10 to 12𝛾𝑦, 

where 𝛾𝑦 is the panel zone shear distortion angle at yield), kinking in the panel zone edges may occur 

(Krawinkler 1978). The plastic zone is not bounded within the validity region of linear elastic fracture me-

chanics; thus, elastic-plastic fracture mechanics methods reflect a more realistic computation of the fracture 

potential at L1 (Kanvinde et al. 2008; Stillmaker et al. 2016). The same holds true for beam-to-column con-

nections featuring a strong panel zone design. 

In elastic-plastic fracture mechanics, there are two well established fracture metrics; the crack tip opening 

displacement (𝐶𝑇𝑂𝐷), which was originally proposed by Wells (1961) and the J-integral (Rice 1968). Frac-

ture initiation occurs once the computed 𝐶𝑇𝑂𝐷 or J-integral demand exceeds the respective material tough-

ness (𝐶𝑇𝑂𝐷𝐶 and 𝐽𝐶, respectively). Referring to Fig. 4.4a, the J-integral (also called as the nonlinear energy 

release rate of a body) is defined by the change of the potential energy, 𝛱, due to the extension, 𝑑𝑎, of a 

crack. The potential energy of a body is defined as the difference between the strain energy of the defor-

mation and the potential energy of the tractions. Therefore, it can be proven that the J-integral is given by Eq. 

(4.1) for the two-dimensional x-y space: 

𝐽 = ∫ (𝑤𝑑𝑦 − 𝑇𝑖
𝜕𝑢𝑖
𝜕𝑥
𝑑𝑠)

𝛤
 (4.1) 
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where, 𝑤 is the strain energy density; 𝑇𝑖 are the components of the boundary tractions vector; 𝑢𝑖 are the 

components of the displacement vector; and 𝑑𝑠 is the increment along a contour 𝛤. 

  

(a) (b) 

 

 

(c) (d) 

Figure 4.4 J-integral computation specifics for a typical beam flange-to-column flange connection: (a) con-

tours for J-integral computation; (b) continuum finite element model contours for the L1 crack; (c) shear 

stress field of the L1 crack and respective q-vector definitions; and (d) J-integral versus story drift ratio for 

different q-vector definitions. 

Referring to Fig. 4.4a, arbitrarily selected contours 𝛤1and 𝛤2 do not influence the J-integral computation. The 

J-integral is applicable to hyperelastic materials (i.e., deformation theory of plasticity), while it is not valid in 

materials experiencing irreversible plastic deformations (i.e., incremental theory of plasticity). However, the 

commercial finite element analysis software ABAQUS (version 6.14-1) (SIMULIA 2019) idealizes a steel 

material undergoing plastic deformations with an equivalent hyperelastic material; hence, the simulation 

results are deemed reasonable for monotonic loading regardless of the employed constitutive material law. 

These considerations hold true for both two- and three-dimensional problems that include J-integral compu-

tations (Bakker 1984; Brocks and Scheider 2001). 

Several pre-Northridge WUF-B connections experienced fracture at L1 prior to the first ground motion re-

versal (FEMA 1997); hence the preceding small loading cycles did not practically influence the connection 

behavior. Moreover, shake table testing of steel MRFs with emphasis at collapse (Lignos et al. 2011, 2013) 

as well as tests that quantified the influence of loading history on the hysteretic behavior of steel connections 
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(Yu et al. 2000) and their members (Suzuki and Lignos 2021) suggest that the use of monotonic loading is 

indicative when ground shaking in the forward directivity region of a fault rupture is characterized by a large 

pulse early in the ground motion history. However, it is recognized that this is not generalizable in cases 

where the seismic hazard is characterized by other types of ground motion. 

While the stress-strain field in the crack vicinity may not be accurately represented by CFE analyses, the 

advantage of using the J-integral is that the integration along a path, which does not include that region, pro-

vides legitimate results (Brocks and Scheider 2001). Referring to Fig. 4.4b, at L1, the J-integral is accurately 

computed by a contour that is far away from the crack vicinity (i.e., CO-6 instead of CO-1). Mesh and con-

tour sensitivity analyses are, thus, imperative. Unlike the J-integral, the 𝐶𝑇𝑂𝐷 necessitates a much finer 

mesh to accurately estimate the displacement field in the crack vicinity. Consequently, the J-integral metric 

is employed in the subsequent analyses. 

The employed CFE software (ABAQUS) utilizes the virtual crack extension method (deLorenzi 1982; Parks 

1977) for the J-integral computation; hence, the potential crack extension direction (i.e., q-vector) should be 

defined. According to Erdogan and Sih (1963), the crack propagates in the direction of the principal plane. 

Assuming that the stress flow is perpendicular to the potential crack at L1, the q-vector is parallel to the col-

umn longitudinal direction; hence, it represents the mode I fracture mechanism. In reality, the shear stresses 

near the crack tip do not lead to principal planes that are parallel to the crack. Referring to Fig. 4.4c for a 

representative crack at L1, the principal plane deviates by about 30° (shown as 𝜃𝑞) from the beam flange-to-

column flange interface plane. As such, in principle, the q-vector should be defined based on these planes. 

Figure 4.4d compares the J-integral evolution at L1 with respect to the story drift ratio (SDR) for the em-

ployed q-vector (i.e., 𝜃𝑞 = 0°) and those corresponding to the principal plane angle (i.e., 𝜃𝑞 = ±30°). The 

insignificant difference between the J-integral computations of the examined cases suggests that 𝜃𝑞 = 0° can 

be assumed in the CFE. 

In welded connections, cracks may form at interfaces between different materials (e.g., in locations L1 and 

L2). This poses a challenge regarding the J-integral path independence at the interface (Brocks and Scheider 

2001). Kolednik et al. (2005) and Simha et al. (2003) showed that if the bi-material interface plane is parallel 

to the crack plane, the J-integral path independence is respected, assuming that the contours along which the 

J-integral is computed are perpendicular to the interface (Smelser and Curtin 1977). This condition is re-

spected for the bi-material interface between the beam and column flanges as shown in Fig. 4.4b. 

4.4 Continuum finite element modeling for informing fracture mechanics methods 

To reduce the associated computational cost in the CFE analyses, the node-based submodeling technique of 

ABAQUS (version 6.14-1) (SIMULIA 2019) is employed. A global model of a beam-to-column connection 

is initially loaded monotonically. Once the analysis is conducted, nodal deformations of the global model at 
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all degrees of freedom are applied as boundary conditions in the selected submodel nodes, which are com-

mon to the global model. The presence of cracks and weld backing bars influences the deformation field at 

the crack vicinity, while their far field effect is miniscule. This implies that the crack at L1 and the backing 

bars can be neglected from the global model, whereas they can be explicitly considered in the submodel. 

Consequently, the submodel mesh is much finer than that of the global model. 

In this section, the basic features of the two models are highlighted. Particularly, a representative global 

model is shown in Fig. 4.5, together with three submodel variants (noted as submodels 1, 2 and 3). The pri-

mary difference between the three submodels is associated with their boundary conditions. One of the three 

is selected based on a sensitivity analysis that is discussed later on in this section. 

 

Figure 4.5 Continuum finite element model of a beam-to-column connection; global model and submodel 

variants. 

The global model utilizes twenty-node quadratic elements with reduced integration (C3D20R) with a charac-

teristic element size of 15mm. Local initial geometric imperfections are accounted for in the steel beams to 

properly trigger local buckling, according to modeling recommendations by Elkady and Lignos (2018b). The 

CFE model employs a combined isotropic/kinematic hardening law (Lemaitre and Chaboche 1990) with 
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consistent input material model parameters for cyclic metal plasticity as proposed by de Castro e Sousa et al. 

(2020) for A992 Gr. 50 steel (i.e., nominal yield stress, 𝑓𝑦 = 345MPa). Prior studies on the fracture potential 

of beam-to-column connections (Chi et al. 2000) have shown that the role of residual stresses is negligible; 

hence, they are disregarded in the context of the present study. The CFE modeling assumptions for the global 

CFE model have been thoroughly summarized and validated in prior studies by Skiadopoulos et al. (2021). 

The examined submodels constitute twenty-node quadratic elements with reduced integration (C3D20R). 

The characteristic size for the J-integral contours near the crack vicinity in the critical region is 0.5mm (see 

Fig. 4.5). The mesh is chosen to be finer over a width of 𝑏𝑐𝑓/4 near the beam web centerline, because the J-

integral becomes maximum at this location. The far field region employs eight-node quadratic elements with 

reduced integration (C3D8R) and a characteristic size of 5 mm. The submodels consider cracks of constant 

depth, 𝑎0, throughout the beam flange width, which is a fairly conservative assumption (see Fig. 4.1c). Two 

crack depths are assumed: 3mm and 6mm (Chi et al. 2000; Wang et al. 2010). The gradual transition from 

the very fine crack tip mesh to the coarser far field mesh is achieved by ten-node tetrahedral elements 

(C3D10) as shown in the plane A “cut” of Fig. 4.5. The element sizes were determined by a sensitivity anal-

ysis in which the relative difference between simulation results was no more than 1%. These results are not 

presented herein due to brevity. 

Figure 4.6a depicts the variation of the J-integral with respect to SDR under monotonic loading for six dif-

ferent contours (CO-1 to CO-6) near the crack tip. The number of utilized elements for the computation of 

the J-integral at each contour is shown in parenthesis. For instance, the most approximate to the crack tip 

contour (i.e., CO-1), incorporates only four elements in the computations, whereas contour CO-6, which 

leads to more accurate J-integral calculations, incorporates 144 elements. For the selected element types and 

mesh size, the results convergence according to the fifth contour. Hereinafter, the reported results are always 

extracted from the sixth contour. 

  

(a) (b) 

Figure 4.6 Continuum finite element sensitivity analyses results: (a) contour number sensitivity analysis; and 

(b) submodel geometric sensitivity analysis. 
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Qualitatively, the global model underestimates the displacement field nearby the crack vicinity, because it 

neglects the crack at L1. This may underestimate the J-integral computations of the submodel if its boundary 

conditions are chosen such that they are close to the crack vicinity. Consequently, a submodel geometric 

sensitivity analysis is conducted. Figure 4.6b shows the variation of the J-integral with respect to SDR at the 

beam web centerline based on the three submodels. Submodel 1, which is considered to be the simplest one, 

underestimates the J-integral by about 30% for SDRs higher than 2% rads. On the other hand, submodel 2 

provides nearly identical results with submodel 3, which is the most accurate one. As such, the geometry of 

submodel 2 is utilized for the analyses discussed hereinafter. 

4.5 Overview and scope of fracture analysis 

In the upcoming sections, the fracture potential of welded connections is examined based on the methodolo-

gy discussed earlier. The primary scope is to demonstrate that simpler fabrication detailing suffices to mini-

mize the fracture potential of both pre- and post-Northridge beam-to-column connections. Of particular in-

terest is to revisit if removal of the bottom backing bar is deemed necessary after the completion of the CJP 

groove welds between the bottom beam flange-to-column flange. Referring to Fig. 4.7a, a conventional 

backing bar is first considered. While this is not expected to lead to superior results, it is considered as a 

reference case. A beveled backing bar (see Fig. 4.7b) is also examined. The premise in this case is to allow 

for the stress flow to pass through the backing bar, due to its attachment to the column flange. The beveled 

angle, 𝜃𝑏, can be optimized through CFE analyses. Τhe angle of the normal stress flow is varied so as the 

fracture potential at L1 (see Fig. 4.1b) is minimized. All the examined beveled angles, 𝜃𝑏, and crack depths 

are summarized in Table 4.1. All the examined backing bar geometries conform to AWS (2016). 

  

(a) (b) 

Figure 4.7 Backing bar geometry: (a) conventional detail; and (b) beveled detail. 

Table 4.1 CFE analyses beveled backing bar geometry characteristics. 

𝜃𝑏 crack depth 𝜃𝑏 crack depth 𝜃𝑏 crack depth 𝜃𝑏 crack depth 

35° 0 mm 25° 3 mm - - - - 

35° 0 mm 30° 3 mm 25° 6 mm - - 

45° 0 mm 35° 3 mm 30° 6 mm 25° 9 mm 

60° 0 mm 45° 3 mm 35° 6 mm 30° 9 mm 

∞ 0 mm 60° 3 mm 45° 6 mm 35° 9 mm 

25mm

1
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m
m

6
m

m

6mm 19mm
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crack depth



Chapter 4: Proposed backing bar detail in welded beam-to-column connections for seismic applications 

96 

The fracture analysis is mainly conducted on connection geometries featuring deep steel beams (i.e., 

W36x150) and web panel zones exhibiting inelastic shear distortions above 4𝛾𝑦. The above criteria are inten-

tionally selected because they can significantly compromise the ductility of welded connections (Chi et al. 

1997; El-Tawil et al. 1999; FEMA 2000a; Lu et al. 2000; Mao et al. 2001; Ricles et al. 2002a, 2004b). 

4.6 Assessment of pre-Northridge WUF-B connections 

The chosen characteristic connection configuration to assess the differences between the two backing bar 

geometries in pre-Northridge WUF-B connections is the exterior subassembly UCB-PN3, which was tested 

by Yang and Popov (1995) at full scale as part of the SAC program (FEMA 1997). This specimen features a 

W36x150 deep beam and a W14x257 column. The beam-to-column web panel exhibited an inelastic shear 

distortion of 15𝛾𝑦. The selected subassembly experienced fracture at the bottom beam flange CJP weld (at 

L1) prior to an SDR of 2% rads. 

A 6mm weld toe with a 45° angle CJP weld is assumed as per AWS (2010). The web and flange measured 

material properties for the beams and the column are considered as per FEMA (1997) and for the weld metal 

as per Kanvinde et al. (2008). Figure 4.8 depicts the examined beam flange-to-column flange connections, 

together with the respective CFE submodels with 𝑎0 = 3mm. Three different connection details are exam-

ined. In Fig. 4.8a, the model utilizes a conventional unreinforced backing bar. This has two potential crack 

tips; C1, that is adjacent to the backing bar and the column flange; and C2, that is adjacent to the backing bar 

and the beam flange. In Fig. 4.8b, the WUF-B connection is analyzed without the presence of the backing 

bar. Finally, Fig. 4.8c illustrates the pre-Northridge WUF-B connection with a beveled backing bar left in 

place after the completion of the CJP groove weld. In this case, crack tips C1 and C2 are explicitly consid-

ered. 

Figure 4.9a shows the J-integral demand in the most critical location of the beam web centerline with respect 

to the SDR for all the analyzed cases. To put the results into perspective, the lower and upper bounds of the 

J-integral resistance (noted as 𝐽𝐼𝐶) for the ASTM A572, Gr. 50 (i.e., 𝑓𝑦 = 345MPa, where 𝑓𝑦 is the nominal 

material yield stress) base metal of the column are superimposed in the same figure. These are computed 

according to Eq. (4.2): 

𝐽𝐼𝐶 = 𝜆 ∙ 𝑓𝑦 ⋅ 𝐶𝑇𝑂𝐶𝐶  (4.2) 

where 𝜆 is a dimensionless factor, which is related to the stress state and the material properties and may be 

empirically assumed equal to 1.2 (Chi et al. 2000); 𝐶𝑇𝑂𝐷𝐶 is the critical 𝐶𝑇𝑂𝐷 and may be taken equal to 

0.17mm (Chi et al. 1997). The lower bound of 𝐽𝐼𝐶 is determined based on the nominal yield stress of the steel 

base material (i.e., 𝑓𝑦 = 345MPa), whereas the upper bound is based on its expected yield stress (𝑅𝑦𝑓𝑦 = 

380MPa) as per AISC (2016a). The upper bound (𝐽𝐼𝐶 = 78N/mm) matches that of the Grade 480 E70T7 low 
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toughness filler metal, which was characteristic in pre-Northridge WUF-B connections (Kanvinde et al. 

2008). 

   

   

(a) (b) (c) 

Figure 4.8 Bottom beam flange-to-column flange weld detail along with their respective continuum finite 

element submodels: (a) conventional backing bar; (b) no backing bar; and (c) beveled backing bar-C1 crack 

tip. 

Referring to Fig. 4.9a, when the crack depth is 6-mm, the fracture potential is 40% higher than that of a 3-

mm one when the conventional backing bar is not removed after the completion of the groove weld. In the 

former, the stress concentration near the crack is higher than that in the latter. Note that the depicted J-

integral is based on calculations on crack tip C1 (see Fig. 4.8a). The J-integral demand at crack tip C2 is 

nearly zero, because the backing bar is not attached to the column flange to let the stress flow pass through 

the backing bar. 

The CFE submodel with conventional backing bars exhibits fracture well before an SDR of 2% rads. This is 

consistent with the experimental findings (FEMA 1997). However, it should be noted that bolt slipping was 

not considered in the CFE analysis. Bolt slipping would increase the beam flange strain demands and subse-

quently the fracture potential at the same location (FEMA 2000a; Han et al. 2007). The fracture potential of 

the conventional and the ‘no backing bar’ models is nearly identical. The reason is that the backing bar re-

mains practically unstressed during loading because it is solely attached to the beam flange. This agrees with 

prior work by Chi et al. (2000). Therefore, there is no benefit from removing the backing bar if the edge 

crack is not reinforced with a fillet weld in this case. 

Interestingly, Fig. 4.9a suggests that the same pre-Northridge WUF-B connection with a beveled backing bar 

detailing (𝜃𝑏 = 35°) is able to achieve an SDR of 4-6% rads prior to fracture for the same low toughness 

weld electrode (i.e., E70T7). Noteworthy stating that the fracture potential at L1 is lower than that at L2 for 
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an assumed crack depth 𝑎0 equal to 0.5mm in the HAZ. This was assumed to extend 3mm away from the 

weld toe (Ibrahim et al. 2019; Myers et al. 2009). 

 

(a) 

 

(b) 

Figure 4.9 J-integral comparisons for a typical pre-Northridge WUF-B connection and its model variants: (a) 

J-integral versus story drift ratio; and (b) effect of bevel angle, 𝜃𝑏, on J-integral. 

Figure 4.9b compares the normalized J-integral demand with respect to the assumed bevel angle, 𝜃𝑏. Particu-

larly, the J-integral demand from the model with the conventional backing bar is normalized with respect to 

that from the model with the beveled backing bar. From the same figure, the largest (𝜃𝑏 = 60°) and the 

smallest (𝜃𝑏 = 25°) bevel angle lead to the highest fracture potential. Qualitatively, in the former the crack tip 

is situated near the beam flange, thereby causing high stress concentrations. In the latter, the smallest bevel 

angle has the crack tip away from the critical beam flange; thus, the J-integral is nearly zero at C1. Interest-

ingly, in this case C2 becomes critical, because the stress flow passes through that crack tip. From a defor-

mation compatibility perspective, once the backing bar attachment to the column flange increases (i.e., 

smallest bevel angle), C2 becomes critical. The optimal bevel angle is the one that imposes the same J-

integral demand at both C1 and C2 crack tips. For the analyzed connection, this corresponds to 𝜃𝑏 = 35°. In 
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this case the fracture potential is reduced by five to eight times relative to that with the conventional backing 

bar, depending on the assumed crack depth, 𝑎0 and the SDR of interest. A significant decrease. 

4.6.1 Effect of fillet weld reinforcement on J-integral demand 

It is generally known that a fillet weld reinforcement can reduce the fracture potential of welded connections 

due to the closure of potential mode I cracks (Chi et al. 2000; Wang et al. 2010; Yang et al. 2019). Indeed, a 

closed crack has a decreased displacement field when contrasted with an open crack under the same loading 

conditions. 

In this section, we investigate the possibility of reducing the fracture potential of crack tips at C1 and C2, 

with a fillet weld reinforcement either between the backing bar and the column flange (noted as fillet weld 1 

in Fig. 4.10a) or between the backing bar and the beam flange (noted as fillet weld 2 in Fig. 4.10b), respec-

tively. Referring to Fig. 4.10c, fillet welds 1 and 2 are also applied simultaneously. 

   

(a)  (b) (c) 

  

(d) (e) 

Figure 4.10 Effect of fillet weld reinforcement on J-integral for pre-Northridge WUF-B connection detailing 

depending on the assumed continuum finite element submodel: (a) fillet weld 1 reinforced conventional 

backing bar; (b) fillet weld 2 reinforced beveled backing bar; (c) fillet weld 1 and 2 reinforced beveled 

backing bar; (d) fillet weld reinforced conventional backing bar effect on J-integral; and (e) fillet weld 

reinforced beveled backing bar effect on J-integral. 
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Figure 4.10d illustrates the effect of the fillet weld 1 reinforcement on the J-integral demand of the conven-

tional backing bar detail with 𝑎0 = 6mm (i.e., deepest crack-like flaw). In the same figure, the results are 

contrasted with those from the optimal beveled backing bar detail (i.e., 𝜃𝑏 = 35°) discussed earlier. While a 

fillet weld reinforcement does reduce the fracture potential at C1, interestingly, the corresponding fracture 

potential is almost four times higher than that with the beveled backing bar configuration. Albeit the fillet 

weld 1 reinforcement closes the edge crack C1, this is deemed to be more critical than the open crack C2. 

Therefore, the rest of the fillet weld reinforcement combinations are not examined because they would in-

crease the J-integral at C1 and decrease it at C2. 

The effect of fillet weld reinforcement is also examined for the pre-Northridge connection with a beveled 

backing bar in Fig. 4.10e. By welding the backing bar to the bottom beam flange (i.e., fillet weld 2), the 

stress flow in the backing bar increases, thereby compromising the J-integral at this location. Same findings 

hold true for fillet weld 1. The optimal beveled backing bar configuration (i.e., 𝜃𝑏 = 35°) balances the frac-

ture potential between C1 and C2. Consequently, tack welds and fillet weld reinforcement between the bev-

eled backing bar and the beam or column flanges outside the weld joint should be prohibited to achieve the 

highest connection ductility. 

4.6.2 Effect of axial load on J-integral demand 

End columns in steel MRFs may experience tensile excursions due to dynamic overturning effects (Suzuki 

and Lignos 2020). The applied axial load within the panel zone decreases its strength due to the axial-to-

shear load interaction. Therefore, the likelihood of fracture due to kinking at C1 location increases. Youssef 

et al. (1995) highlighted fractures mainly in end columns that had increased axial load demands due to tran-

sient loading. To investigate this aspect, a tensile axial load ratio 𝑃/𝑃𝑦 = 10% (where 𝑃 is the applied axial 

load and 𝑃𝑦 is the axial yield strength of the column based on measured material properties) is applied to the 

steel column of the same connection examined earlier. Figure 4.11 shows the J-integral demand with respect 

to SDR when the two examined backing bars (see Fig. 4.7) are considered. The results are contrasted to the 

respective cases with no axial load demands. Overall the analyses suggest that the tensile axial load does not 

practically affect the J-integral demands regardless of the examined backing bar detail. However, it should be 

stated that this should be further verified when beam-to-column connections are under cyclic loading. 

The general consensus from the CFE analyses presented in this section is that the proposed beveled backing 

bar configuration would have considerably delayed premature fractures in typical pre-Northridge WUF-B 

connections at location L1. Therefore, it is worth investigating the fracture potential of post-Northridge 

WUF-W connections when a beveled backing bar is intentionally left in place after the completion of de-

mand-critical CJP welds at the bottom flange of the steel beam with filler weld electrodes according to AISC 

(2016a). 
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Figure 4.11 Effect of column tensile axial force on J-integral for pre-Northridge WUF-B connections. 

4.7 Assessment of post-Northridge WUF-W connections 

Pre-qualified WUF-W connections, necessitate bottom beam flange backing bar removal, weld root back 

gouging, fillet weld reinforcement and inspection of potential defects (AISC 2016c). These specifications 

practically provide zero fracture potential at the outer beam flange-to-column interface. Instead, fracture near 

the HAZ becomes critical. With the beveled backing bar configuration, potential defects in the weld root are 

positioned away from the beam flange, thus minimizing the fracture potential at the beam flange-to-column 

interface. The same holds true in cases where the bottom of the bevel may not be penetrated by the weld. 

However, referring to Fig. 4.9a, the simulation results suggest that the beveled backing bar, pushes the frac-

ture-critical location to be near the HAZ, which is consistent with the current state of pre-qualified WUF-W 

connections. 

A series of parametric analyses is conducted to examine the fracture potential of pre-qualified WUF-W con-

nections when a beveled backing bar geometry is employed and, contrary to AISC (2016c), is not removed 

from the bottom flange of the steel beam. The analysis matrix, which is summarized in Table 4.2, includes 

the interior subassembly UT04 (denoted as Case 1), tested by Shin (2017), and the equivalent exterior one 

(denoted as Case 2). This subassembly features W36x150 beams and a W14x398 column. The rest of the 

analyzed cases (identified as Cases 3-6) conform to the current seismic design and fabrication standards 

(AISC 2016c; a; b; AWS 2010, 2016). In brief, the interior subassemblies comprise deep beams and columns 

(i.e., the panel zone aspect ratio is nearly equal to one). The beam and column depths range from 500-

1000mm, while their flange thicknesses range from 19-44mm (¾ - 1¾ in.) and from 34-74mm (1⅜ - 2⅞ in.), 

respectively. The analyzed cases are within the design space of typical seismic designs of steel MRFs in 

North America (Elkady and Lignos 2014; NIST 2015). Nominally identical material properties are consid-

ered for the yield regions of the steel beams and columns in all cases. 

P < 0
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Table 4.2 Post-Northridge subassembly CFE analysis matrix. 

Specimen 

ID 

Beam 

cross sec-

tion 

Column 

cross sec-

tion 

Beam 

depth, 𝑑𝑏 

[mm] 

Column 

depth, 

𝑑𝑐 [mm] 

Beam 

flange 

thickness, 

𝑡𝑏𝑓 [mm] 

Column 

flange 

thickness, 

𝑡𝑐𝑓 [mm] 

𝑅𝑢
/𝑅𝑛 

Expected 

𝛾𝑚𝑎𝑥/𝛾𝑦 

Case 1 W36X150 W14X398 911.9 464.8 23.9 72.4 0.50 22.0 

Case 2 W36X150 W14X398 911.9 464.8 23.9 72.4 0.99 4.3 

Case 3 W21X73 W24X176 538.5 640.1 18.8 34.0 0.53 23.8 

Case 4 W30X116 W33X263 762.0 876.3 21.6 39.9 0.56 28.5 

Case 5 W36X150 W36X256 911.9 950.0 23.9 43.9 0.54 28.5 

Case 6 W36X256 W36X529 950.0 1,010.9 43.9 73.9 0.56 28.6 

The panel zone strength-to-resistance ratio, 𝑅𝑢/𝑅𝑛, does not respect intentionally the requirements of AISC 

(2016b) to inhibit inelastic panel zone shear distortions. The panel zone strength, 𝑅𝑢, is computed according 

to the Skiadopoulos et al. (2021) design model, which is an improved representation of the AISC (2016b) 

panel zone model. The expected maximum panel zone inelastic shear distortions range from 20-25𝛾𝑦. 

In all examined cases, continuity plates with a thickness equal to that of the beam flange are deemed to be 

imperative. The CFE modeling approach is consistent with that presented earlier. The fracture potential of 

the examined cases is compared for three beveled backing bar geometries (bevel angles of 45°, 35° and 30°). 

Figure 4.12 depicts the lateral strength, 𝐹, versus SDR and the panel zone shear distortion, 𝛾, versus SDR 

relations for all the examined cases. Referring to Fig. 4.12a, the examined subassemblies provide a wide 

range of lateral strength due to the selection of the beam and column cross sections. Figure 4.12b suggests 

that the panel zone shear distortion is appreciable in most subassemblies at modest lateral drift demands (i.e., 

2% rads) as well as at 4% rads. 

  

(a) (b) 

Figure 4.12 Pre-qualified WUF-W connection: (a) applied force versus story drift ratio; and (b) normalized 

panel zone shear distortion versus story drift ratio. 

F

SDR
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4.7.1 Effect of panel zone design distortions 

Cases 1 (weak panel zone) and 2 (strong panel zone) are employed to assess the influence of panel zone de-

sign distortions on the connection performance. Because of the modified [AISC (2016c); AWS (2010)] weld 

access hole in post-Northridge WUF-W connections (see Fig. 4.3), the stress flow near the backing bar is 

altered compared to that in their pre-Northridge WUF-B counterparts. Figure 4.13a depicts the J-integral 

ratio between the conventional and the beveled backing bar with respect to the bevel angle for the models 

with 𝑎0 = 6mm. The results indicate that the fracture potential of WUF-W connections with beveled backing 

bars reduces by 7 to 5 times at lateral drift demands of 2% and 6% rads compared to the equivalent cases 

with conventional backing bars left in place after welding. Moreover, the optimal bevel angle is 45°, regard-

less of the panel zone strength. 

  

(a) (b) 

  

(c) (d) 

Figure 4.13 Pre-qualified WUF-W connections with weak and strong panel zones: (a) J-integral for conven-

tional and beveled backing bars; (b) J-integral versus story drift ratio; (c) normalized moment at the column 

face versus story drift ratio; and (d) PEEQ distribution within the bottom beam flange versus story drift ratio. 
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Figure 4.13b depicts the J-integral versus SDR relation for WUF-W connections with a conventional (𝑎0 = 

6mm) and the optimal beveled (i.e., 𝜃𝑏 = 45°) backing bar configurations. Moreover, the J-integral demands 

are compared with the J-integral resistance of the E70T7-K2 weld electrode (Grade 480) that satisfies the 

minimum criteria for demand critical welds (AISC 2016a) for pre-qualified beam-to-column connections. 

The median 𝐽𝐼𝐶 is equal to 208N/mm, while the 5th and 95th percentiles are equal to 118N/mm and 300N/mm, 

respectively, based on prior pertinent work (Gomez et al. 2008; Kanvinde et al. 2008). Referring to Fig. 

4.13b, the conventional backing bar configuration leads to connection fractures prior to an SDR of 3-4% 

rads; hence its removal is justifiable. Conversely, the same connection with the optimal beveled backing bar 

configuration exceeds an SDR of 6% rads even when comparing with the 5th percentile of the weld electrode 

toughness. 

Referring to Fig. 4.13b, the fracture potential of WUF-W connections featuring a weak panel zone is 1.4 

times higher than that of the strong one only when SDRs exceed 4% rads. Conversely, prior to 4% rads, 

WUF-W connections with a strong panel zone possess almost 30-50% higher fracture potential compared to 

those with a weak one. To explain this, Fig. 4.13c depicts the moment demand at the column face, 𝑀𝑐𝑓, 

(normalized to the maximum attained moment, 𝑀𝑚𝑎𝑥) versus SDR. When the panel zone is designed to re-

main elastic (Case 2), the flexural demand at the column face of the WUF-W connection is at least 30% 

higher than that of its weak panel zone counterpart. Once local buckling occurs in the steel beam (i.e., SDR 

of about 3% rads), the flexural moment demand is capped in the strong panel zone case. Conversely, local 

buckling does not occur in cases where panel zones exhibit highly inelastic deformations (i.e., 𝛾 > 20𝛾𝑦 ) 

even at lateral drift demands higher than 6% rads. 

Figure 4.13d compares the cumulative equivalent plastic strain (PEEQ) of the outer beam flange fiber versus 

SDR for Cases 1 (weak panel zone) and 2 (strong panel zone). The distributions are extracted along the beam 

flange width from positions adjacent to the respective backing bar. Characteristic 2-D projections are illus-

trated in the same figure at an SDR of 2% and 6% rads. Prior to an SDR of 4% rads, in the weak panel zone 

case, 𝑀𝑐𝑓 is 30% smaller than that in its strong panel zone counterpart. As such, the PEEQ is higher in the 

latter than that in the former. After the onset of steel beam local buckling in the strong panel zone case, the 

PEEQ caps, due to the high plastic concentration within the buckled region of the steel beam. Conversely, 

the weak panel zone attains relatively high inelastic deformations; hence, the PEEQ in the critical web cen-

terline region becomes 1.4 times higher than that of the strong panel zone case. 

4.7.2 Beam depth effect 

Referring to Table 4.2, Cases 3 to 5 feature beams with depths ranging from 500 to about 900mm. The varia-

tion of the beam and column flange thickness and the panel zone design distortions is fairly minor in these 

models. Figure 4.14a depicts the J-integral evolution with respect to SDR for the optimal beveled backing 

bar configuration (i.e., 𝜃𝑏 = 45°). The shallower beam (i.e., 𝑑𝑏 = 540mm) possesses almost 1.3 times lower 
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fracture potential compared to the deeper one (i.e., 𝑑𝑏 = 910mm). This is attributed to the increased strain 

demand in deep beams (El-Tawil et al. 1999). However, fracture is only expected at lateral drift demands 

exceeding 6% rads, and by only assuming the 5th percentile of the E70T7-K2 weld electrode toughness, 

which is a fairly conservative assumption. 

 

(a) 

  

(b) (c) 

Figure 4.14 Fracture assessment of pre-qualified WUF-W connections with a beveled backing bar: (a) effect 

of varying beam depth on J-integral; (b) effect of varying beam flange thickness on J-integral; and (c) PEEQ 

distribution along the beam flange width at 6% SDR for different beam flange thicknesses. 

4.7.3 Beam flange thickness effect 

The beam flange thickness effect on the fracture potential of post-Northridge WUF-W connections is 

demonstrated by comparing Cases 1 and 6 (see Table 4.2). The former features a 24mm beam flange thick-

ness, while the latter a 44mm beam flange thickness. Figure 4.14b depicts the J-integral evolution over SDR 

for the optimal beveled backing bar configuration. The beam with the thicker flange (i.e., beam flange thick-

ness, 𝑡𝑏𝑓 = 44mm) possesses a 20% higher fracture potential than that of the beam with a flange thickness, 

𝑡𝑏𝑓 of 24mm. Noteworthy stating that fracture initiation only occurs at lateral drift demands larger than 5% 

rads regardless of the beam flange thickness. 

JIC (E70T7-K2)

JIC (E70T7-K2)
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The increased J-integral demand in the thicker beam flanges, which is highlighted in Fig. 4.14b, may be ex-

plained by Fig. 4.14c, which depicts the PEEQ along the beam flange width at and SDR of 6% rads. For the 

thicker beam flange, the plastic strains are increased in the web centerline location by almost 10%. This in-

crease in the plastic strains is associated with a higher-pressure index (i.e., ratio of hydrostatic stress over the 

yield stress) in beams with thicker flanges (El-Tawil et al. 1998). 

4.7.4 Column flange thickness effect 

Referring to Table 4.2, we can quantify the effect of the column flange thickness on the fracture potential of 

WUF-W connections by comparing the results from Cases 1 (column flange thickness, 𝑡𝑐𝑓 = 72mm) and 5 

(𝑡𝑐𝑓 = 44mm). Referring to Figs. 4.14a and 4.14b the fracture potential of the connection with thicker col-

umn flanges (i.e., Case 1) reduces by nearly 10% compared to that of the thinner column flange counterpart 

(i.e., Case 5) at SDRs ranging from 2-6% rads. Qualitatively, the kinking effect is more eminent in the thin-

ner column flange element at inelastic panel zone distortions of 20-25𝛾𝑦. This, subsequently, leads to the J-

integral increase. However, this only occurs at relatively large lateral drift demands (i.e., larger than 5% 

rads). 

4.7.5 Weld toe size effect 

The preceding analyses assumed a 6mm weld toe size for the beam flange-to-column CJP weld. According 

to AWS (2010), a 10mm weld toe size is also permissible; hence, this effect was also investigated. While the 

weld toe size does not affect the fracture potential of the connections with a beveled backing bar, the anal-

yses suggest that a 45° and a 50° bevel angle are optimal for the 6mm and 10mm weld toe, respectively, 

assuming a built-in crack of 𝑎0 = 3mm. The results are not presented herein due to brevity. 

4.8 Limitations 

This chapter focuses on the fracture potential of field-welded connections subjected to monotonic loading. 

Pre-qualified beam-to-column connections in capacity-designed steel MRFs experience inelastic cyclic drift 

demands, which cannot be assessed with the present methodology and employed fracture mechanics meth-

ods. On the other hand, in the present study, a uniform crack of two different depths (i.e., 𝑎0 = 3mm and 𝑎0 

= 6mm) was assumed, which is deemed to be a conservative assumption (see Fig. 4.1c). 

Fracture due to lamellar tearing in the column’s through thickness flange was disregarded by assuming that 

the toughness requirements in the Z-direction of the column flange are sufficient. This issue deserves more 

attention in connection geometries featuring thick column flange thicknesses (i.e., larger than 38mm). 

Another critical aspect relates to the role of the slab on the fracture potential of WUF-W connections. Prior 

investigations after the 1994 Northridge and 1995 Kobe earthquakes (FEMA 2000a; Mahin 1998; 

Nakashima et al. 2007) have demonstrated that when the slab is in fully composite or partially composite 
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action with the floor beams, the neutral axis shifts towards the concrete slab, thereby increasing the inelastic 

strain demand at the beam’s bottom flange welds when the slab is in compression (Nakashima et al. 2007; 

Ricles et al. 2002b). The increased strain demand may be prevented by isolating the slab from the steel col-

umn (Hobbs 2014; Tremblay et al. 1997). 

Considering all above, the findings of the present study should be substantiated by full-scale physical testing 

of WUF-W beam-to-column connections under reversed cyclic loading. Beveled backing bars with the opti-

mal geometry (i.e., bevel angle of 45°) may be used and left in place after the completion of demand-critical 

CJP groove welds between the beam and column flanges to examine their effectiveness in reducing the frac-

ture potential in WUF-W connections. Such investigations are currently underway by the authors. 

4.9 Summary and conclusions 

This chapter revisits concepts in pre-qualified field-welded connections aiming to identify fabrication simpli-

fications by means of simulation-based engineering design. For this purpose, this chapter explores the poten-

tial of keeping the bottom beam flange backing bar in place, after executing the complete joint penetration 

(CJP) groove welds at this location. To reduce the associated fracture potential at this location, a customized 

beveled backing bar is proposed. The employed methodology for such an endeavor features traditional frac-

ture mechanics informed by three-dimensional continuum finite element (CFE) analyses. The CFE approach 

is validated to available test data from typical welded unreinforced flange-bolted web (WUF-B) pre-

Northridge connections. Several backing bar geometry details are examined with and without fillet weld 

reinforcements. These are compared with the proposed one. The connection performance is assessed by 

means of parametric studies on pre-qualified welded unreinforced flange-welded web (WUF-W) connec-

tions.  

Based on the CFE simulations, WUF-B pre-Northridge connections can sustain a lateral drift demand of 4 to 

6% rads prior to fracture when the customized beveled backing bar is employed, even when the low-

toughness E70T7 filler metal is utilized for completing the beam flange-to-column flange CJP weld. The 

reason is that with the beveled backing bar the crack tip is situated away from the critical beam flange loca-

tion. The peak lateral drift capacity prior to fracture in this case is improved by more than four times relative 

to that with a conventional backing bar. 

The CFE results suggest that the optimal backing bar bevel angle, 𝜃𝑏, for typical pre-Northridge WUF-B 

connections, is 35°. When 𝜃𝑏 decreases, the backing bar-to-beam flange crack tip C2 becomes critical; hence 

the fracture potential at crack tips C1 and C2 is identical for the optimal bevel angle. 

The fillet weld reinforcement in conventional backing bars closes the edge cracks and reduces the fracture 

potential of field-welded connections by up to two times. However, connections with the beveled backing 
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bar still possess a fracture potential, which is one fourth compared with that of fillet weld reinforced conven-

tional backing bar. 

The simulation studies reveal that the fracture potential of field-welded connections is practically not influ-

enced by the tensile and/or compressive column axial load demands regardless of the employed backing bar 

geometry. This is attributed to the fact that the column axial load does not affect the beam moment demand, 

which strongly influences the connection ductility under lateral loading. 

Contrary to WUF-B pre-Northridge connections, in pre-qualified WUF-W connections, the optimal beveled 

angle, 𝜃𝑏, is found to be 45°. This is due to the modified weld access hole geometry that is adopted in WUF-

W connections. The CFE results suggest that pre-qualified WUF-W connections with a beveled backing bar 

left in place after welding sustain lateral drift demands of at least 6% rads prior to fracture regardless of the 

panel zone strength, the beam depth, as well as the thickness of the beam and column flanges, given that the 

minimum criteria for demand critical groove welds according to AISC (2016a) are respected. 

Pre-qualified WUF-W connections featuring weak panel zones with 𝛾 > 20𝛾𝑦  possess nearly 1.5 times high-

er fracture potential compared to their strong panel zone counterparts at lateral drift demands above 4% rads. 

Interestingly, at SDRs less than 4% rads, the fracture potential of WUF-W connections with strong panel 

zones is nearly 1.5 higher than that of their weak panel zone counterparts. In the former, the moment at the 

column face is about 30% higher than that in the latter. However, in the strong panel zone case, the onset of 

local buckling in the beam caps the strain demands due to flexure at lateral drift demands of about 4% rads. 

On the other hand, at this drift range, panel zone kinking prevails in cases where the panel zone shear distor-

tion is larger than 12𝛾𝑦 . 

The fracture potential of WUF-W connections comprising shallow beams (e.g., 𝑑𝑏 ~ 550mm) is about 30% 

less compared to that in connections with deeper beams (e.g., 𝑑𝑏 ~ 900mm). Similarly, beams with thick 

flanges (e.g., 𝑡𝑏𝑓 > 40mm) possess about 10% higher fracture potential compared to beams with thinner 

flanges (e.g., 𝑡𝑏𝑓 < 25mm) due to the higher pressure index and the associated plastic strains in the former. 

On the other hand, steel columns with relatively thick flanges (e.g., 𝑡𝑐𝑓 > 70mm) possess about 10% lower 

fracture potential compared to columns with thinner flanges (e.g., 𝑡𝑐𝑓 < 45mm). This is attributed to the 

kinking effect, which is more eminent in the latter case. 
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 Full-scale experiments of cyclically 

loaded welded moment connections with highly 

dissipative panel zones and simplified weld details 

5.1 Introduction 

Steel moment resisting frames (MRFs) are widely used lateral load-resisting systems in seismic regions. The 

seismic stability of capacity-designed steel MRFs relies on the anticipated seismic performance of their fully 

restrained beam-to-column connections. The AISC 341-16 (AISC 2016a) seismic design provisions limit the 

participation of the beam-to-column web panel zones (referred as panel zones hereinafter) into the energy 

dissipation of cyclically loaded steel MRF beam-to-column connections. Depending on the targeted panel 

zone shear strength-to-demand ratio, the permissible level of panel zone distortions may be up to 4𝛾𝑦 (where 

𝛾𝑦 is the panel zone shear distortion at yield). 

The current state-of-the-art in prequalified fully restrained welded beam-to-column connections as described 

in AISC (2016c) has been influenced by research, which was mostly conducted after the 1994 Northridge 

earthquake (Mahin et al. 2002; Malley 1998). At that time, common deficiencies that compromised the cy-

clic behavior of welded connections were: (a) the non-optimized access hole geometry (Lu et al. 2000; Mao 

et al. 2001; Ricles et al. 2002a, 2003); (b) the inadequate weld material toughness requirements (Chi et al. 

2000); (c) the inferior base material quality control and through-thickness properties (Krawinkler 1995; 

Tremblay et al. 1995), and; (d) the presence of the weld backing bar in the bottom beam flange-to-column 

connection after the execution of the complete joint penetration (CJP) groove welds at this location. The 

notch at the bottom beam flange backing bar together with additional flaws that may result from the interrup-

tion of the welding process at the beam web location led to high strain demands at the backing bar-to-column 

face weld root location. These were enlarged particularly in connection geometries that featured deep beams 

and/or inelastic panel zone designs (Chi et al. 1997; El-Tawil 2000; El-Tawil et al. 1999; Whittaker et al. 

1998). The role of the concrete slab on the observed behavior of welded connections was also stressed (Haj-

jar et al. 1998; Leon et al. 1998). 

Follow-up experimental studies on welded unreinforced flange-bolted web connections with improved mate-

rial and connection details (Han et al. 2007; Stojadinović et al. 2000) demonstrated the need for welding part 
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of the beam’s web to the shear tab, which lead to the development of the welded unreinforced flange-welded 

web (WUF-W) connections, which is the primary focus of the present study. 

The typical WUF-W connection, which is shown in Fig. 5.1, features improved weld specifications (Chi et 

al. 1997), an optimized access hole geometry (Lu et al. 2000; Mao et al. 2001; Ricles et al. 2000, 2002a; b, 

2003), continuity plates, when necessary, to transfer the beam flange forces due to flexure in the beam, and 

doubler plates to satisfy the targeted panel zone design requirements (Lee et al. 2005c; b). Moreover, after 

completing the CJP groove weld at the bottom beam flange-to-column face, it is imperative to remove the 

backing bar, while the weld root should be back-gouged. Fillet weld reinforcement should be placed at the 

same location to close potential defects in the beam flange outer fiber. Prequalified WUF-W connections 

should also be inspected with nondestructive ultrasonic testing (UT) in accordance with AWS (2016). While 

necessary, this is deemed to be time and resource consuming (FEMA 2000a; Miller 2017; Popov et al. 1998). 

Figure 5.1 Illustration of typical welded unreinforced flange-welded web connection detailing. 

Structural detailing simplifications for column splices (Shaw et al. 2015; Stillmaker et al. 2016) and for con-

tinuity and doubler plate weld details of WUF-W connections (Reynolds and Uang 2022) have emerged. 

These rely on advancements in weld specifications and practice as well as today’s quality control in fabrica-

tion. Motivated by the above, Skiadopoulos and Lignos (2022a) proposed a customized beveled backing bar 

configuration for WUF-W connections by enabling finite element simulation-assisted design. The advantage 

of the beveled backing bar is that its removal is not imperative after the completion of the CJP groove welds 

at the beam flange-to-column flange location. Continuum finite element analyses by Skiadopoulos and Lig-

nos (2022a) demonstrated that the beveled backing bar configuration shifts the fracture-critical location away 

from the backing bar location. However, these simulations were primarily based on monotonic loading and 

the proposed configuration has not been validated by means of cyclic experiments. 

Experimental research (Engelhardt et al. 2000; Lee et al. 2005b; Ricles et al. 2002b; Shin 2017; Zhang and 

Ricles 2006) has shown that fully restrained welded beam-to-column connections generally meet the 
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prequalification requirements as per AISC 341-16 (AISC 2016a) when inelastic deformations concentrate in 

the steel beams. Figure 5.2a shows such an example where the inelastic panel zone shear distortion did not 

exceed 2𝛾𝑦 (Shin 2017). On the other hand, structural repairs are deemed imperative in this case due to ine-

lastic local buckling near the beam ends (see Fig. 5.2b) even at modest lateral drift demands, particularly 

when the beam profiles are near the limits for highly ductile members (Uang and Bruneau 2018). This may 

also result in increased column twist demands when deep columns are utilized in the seismic design of steel 

MRFs (Chi and Uang 2002; Ricles et al. 2004b). 

   

(a) (b) (c) 

Figure 5.2 (a) Hysteretic responses of welded unreinforced flange-welded web beam-to-column connections 

with variable design panel zone distortions, 𝛾𝑑; deformed shapes for the (b) 2𝛾𝑦 (at 3% rad lateral drift de-

mand); and the (c) 22𝛾𝑦 (at 6% rad lateral drift demand) cases [source: Shin (2017)]. 

When balancing inelastic deformations between the beam ends and the panel zone in welded connections, 

nonlinear geometric instabilities do not occur prior to large lateral drift demands (Kim and Lee 2017; Lee et 

al. 2005b; Rahiminia and Namba 2013; Ricles et al. 2002b; Shin 2017). For instance, Fig. 5.2a illustrates the 

cyclic response of a WUF-W connection, which was designed with a targeted inelastic shear distortion of 

more than 20𝛾𝑦 (Shin 2017). In this case, the use of doubler plates was not imperative, which reduced the 

associated fabrication costs. Moreover, Fig. 5.2c suggests that the WUF-W connection exhibits a stable hys-

teretic response up until a lateral drift of 6% rad. Arguably, at this drift level, the global stability of steel 

MRFs is governed by P-Δ effects (Elkady and Lignos 2015; Gupta and Krawinkler 2000a). Therefore, the 

connection performance at lateral drift demands of 6% rad or higher is not likely to influence the seismic 

stability of a steel MRF. 

Despite the superior connection performance when leveraging the beneficial aspects of shear yielding in a 

panel zone, specific attention should be given on structural detailing of welded connections so as they are 

able to withstand the increased strain demands due to panel zone kinking (Krawinkler et al. 1971; Lee et al. 

2005c). In cases where the columns are subjected to highly inelastic strain demands due to panel zone 

kinking, stricter flange through-thickness (i.e., Z-direction) material requirements are imperative so as lamel-

lar tearing and/or divot fracture are prevented. Such fracture types, which are mostly common in columns 
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with thick flanges [i.e., higher than 38 mm, as per AISC (2016a)], have even been reported in post-

Northridge WUF-W connection tests (Lin et al. 2000). According to the European steel practice, CEN 

(2004b) requires increased Z-direction quality class steel materials for the above reasons. The same applies 

for columns with flange thicknesses larger than 38 mm (AISC 2016a). Such toughness requirements in North 

America may be respected by enabling A913 steels (Bouchard and Axmann 2000). 

Motivated by the above, this chapter proposes simplified WUF-W beam-to-column connections that defy the 

current design paradigm of prequalified welded connections. The novelty of the proposed connections is 

threefold. First, beveled backing bars are employed and intentionally left in place after the completion of CJP 

groove welds; second, the connection design allows for highly dissipative panel zones; and third, steel col-

umns are designed with minimum through thickness properties to avoid premature failure modes, such as 

divot fracture. Moreover, continuity and doubler plates are omitted from the seismic design of the welded 

connections. The hysteretic behavior of the proposed design concept is characterized by means of full-scale 

physical testing of two interior beam-to-column subassemblies. The effect of loading history on the global 

and local performance criteria is quantified. Implications on prospective seismic design of steel MRFs along 

with limitations and suggestions for future work are also discussed. 

5.2 Test objectives and anticipated seismic performance 

The proposed connection design exploits the beneficial aspects of shear yielding in a beam-to-column web 

panel zone by assuming a panel zone resistance-to demand ratio, 𝑅𝑛,𝑝𝑙/𝑅𝑢 that equals 0.8 [𝑅𝑛,𝑝𝑙 calculated 

as per Skiadopoulos et al. (2021)]. For this design value, at a design-basis earthquake (i.e., 10% probability 

of exceedance over 50 years), the steel beams are expected to exhibit flexural yielding but no geometric in-

stabilities, while the panel zone distortions are expected to be less than 8𝛾𝑦 (Skiadopoulos and Lignos 

2022b). During a maximum-considered earthquake (i.e., 2% probability of exceedance over 50 years) it is 

anticipated that panel zone distortions should be up to 15𝛾𝑦, whereas local buckling should not occur in the 

steel beams. With the above performance targets in mind, the overarching goal for the welded connection is 

to achieve a non-degrading hysteretic response up to a lateral drift demand of at least 5% rad. Within such a 

context, structural repairs at the connection level would be minimized in the aftermath of design-basis earth-

quakes. Moreover, such a connection design would guarantee a sufficient reserve capacity of a steel MRF in 

a typical mainshock/aftershock earthquake series. 

Further economic benefits of the proposed design are anticipated through the use of a beveled backing bar 

(Skiadopoulos and Lignos 2022a). The anticipated inelastic panel zone response is expected to provide in-

creased strain demands at this location due to kinking especially when connections feature deep beams (i.e., 

depths larger than 500 mm). To prevent divot fracture due to the expected high strain demands in the column 

through-thickness direction, a high notch toughness material in the Z-direction is enabled for the steel col-

umn material. The envisioned seismic performance of the above connection has also been explored and 
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benchmarked in Skiadopoulos and Lignos (2022b) by means of system-level nonlinear response history 

analyses. 

5.3 Overview of the test program 

5.3.1 Test specimens 

Figure 5.3 provides an overview of the examined interior WUF-W connections. The test configuration com-

prises two nominally identical beam-loaded test specimens. These feature HY650x300x16x25 steel beams 

(equivalent to a W24x131 in North America) with web and flange local slenderness ratios, ℎ/𝑡𝑤 = 35.9, and 

𝑏/2𝑡𝑓 = 6, respectively (where ℎ is the clear flange distance minus the fillet radii, 𝑡𝑤 is the web thickness, 𝑏 

is the flange width, and 𝑡𝑓 is the flange thickness of the cross section). This profile meets the requirements 

for highly ductile members according to AISC 341-16 as well as Class 1 sections according to EN 1993-1-

1:2005 (CEN 2004d). The steel columns feature a H498x432x45/70 (i.e., ℎ/𝑡𝑤 = 7.0, and 𝑏/2𝑡𝑓 = 3.1), 

which is equivalent to a stocky W14x398 in North America. The flange thickness of the selected column 

equals 70 mm. For welded connections with highly dissipative panel zones and such thick column flanges, 

through-thickness toughness requirements should be imposed to avoid lamellar tearing and/or divot fracture. 

The above member sizes and the connection geometry reflect the current seismic design practice in North 

America (Elkady and Lignos 2015; NIST 2010; Skiadopoulos and Lignos 2022b). 

The measured dimensions of both specimens are summarized in Table 5.1, where 𝐿𝑟 is the actuator-to-

actuator and the pin-to-pin centerline distances for the beams and the column, respectively. The cross-

sectional dimensions are extracted from five locations per beam and column. The average values of these 

measurements are reported in Table 5.1 together with the nominal values per cross section. From this table, a 

good agreement is observed between the measured and the nominal dimensions in all cases. The steel beams 

are made of SN490B and the columns are made of SM490A, while both of which have a nominal yield 

stress, 𝑓𝑦 = 325 MPa. The selected columns are from the same steel heat. The same applies for the steel 

beams. 

The beam-to-column connection designs intentionally violate the doubler plate requirements and the beam 

flange-to-column face weld detail. The former is violated to allow for a balanced inelastic deformation de-

sign between the steel beams and the panel zone. Due to lab limitations, 𝐿𝑐/𝑑 equals 5.8 (where 𝐿𝐶 equals 

3751 mm as per Fig. 5.3), whereas AISC 358-16 (AISC 2016c) requires that 𝐿𝑐/𝑑 = 7 for special moment 

frames. This is a conservative consideration for the objectives of the present study. For the adopted span-to-

depth ratio, increased shear strain demands are expected in the examined backing bar location. AISC (2016a) 

suggests that continuity plates are not imperative in the connection design because the column flange and 

web thicknesses are thick enough to accommodate the concentrated beam flange force demands. The strong 
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column-weak beam ratio is larger than two. Therefore, the column is expected to remain elastic throughout 

the loading history. 

 

Figure 5.3 Overview of the beam-to-column connection (unit: millimeters). 

Table 5.1 Measured dimensions of the test specimens. 

Section ID 𝑑 (mm) 𝑏 (mm) 𝑡𝑤 (mm) 𝑡𝑓 (mm) 𝐿𝑟 (mm) 

Beam 

(HY650x300x16x25) 

Specimen 1 651.47 300.38 16.27 25.83 8,000 

Specimen 2 651.36 300.62 16.36 25.78 8,000 

Nominal dim. 650.00 300.00 16.00 25.00 8,000 

Column 

(H498x432x45/70) 

Specimen 1 498.90 431.61 45.63 69.88 4,549 

Specimen 2 498.53 431.41 45.53 69.72 4,551 

Nominal dim. 498.00 432.00 45.00 70.00 4,550 

Two erection bolts, M24, of F10T material (equivalent to 10.9 grade in Europe and A490 in the US) are uti-

lized to temporarily hold the steel beams in position prior to welding. The shear tab is shop-welded to the 

column face with double bevel CJP weld of YGW-18 weld electrode (see Fig. 5.3, Detail 1). Beveled back-

ing bars were utilized for the top and bottom beam flanges. The geometry of the backing bars, which is 

shown in Fig. 5.3 (see Detail 2), is designed according to the recommendations by Skiadopoulos and Lignos 

(2022a). The beveled backing bars were tack-welded in the beam flange groove location (see Fig. 5.3, Detail 

2) prior to the CJP welding. After completing it, the beveled backing bars were kept in place, while no fillet 

weld reinforcement was performed. 
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The beam flanges and web were CJP-field-welded to the column face by using YGW-18 and T49J0T1-1CA-

UH5 weld electrodes, respectively (see Fig. 5.3, Detail 1). The above electrodes satisfy the requirements for 

demand critical welds in accordance with AISC (2016a). Ultrasonic testing was performed for all demand 

critical welds (AISC 2016a; AWS 2016). Fillet field weld reinforcement was placed in the shear tab, by us-

ing a T49J0T1-1CA-UH5 weld electrode, as per AISC (2016c). The access hole geometry (see Detail 3 of 

Fig. 5.3) respects the current design specifications (AISC 2016c; AWS 2016). 

5.3.2 Specimen fabrication 

The fabrication process of the test specimens aimed at simulating realistic field weld conditions. For this 

purpose, the construction sequence was performed with the test specimens in the upright position, as shown 

in Fig. 5.4. The shear tabs, with the aid of the pre-stressed erection bolts (AISC 2016a; b), served for posi-

tioning the steel beams in place and for satisfying a perpendicular alignment between the beams and the col-

umn (see Fig. 5.5a). The beveled backing bars were tack-welded at the top and bottom beam flanges, togeth-

er with runoff tabs to satisfy a smooth start and termination of the welding process (see Figs. 5.5a-b). Prior to 

the CJP weld execution, a preheat was applied at 50°C in accordance with AIJ (2007). The CJP welds were, 

then, performed for both the top and bottom beam flanges as shown in Figs. 5.6a-b and for the beam web 

(see Fig. 5.6c). The maximum heat input was 30-40kJ/cm and the maximum permissible temperature be-

tween passes was 250-350°C. The runoff tabs were removed and grinded to ensure a smooth surface, accord-

ing to AISC 358-16 (AISC 2016c), as shown in Fig. 5.7. The shear tabs were, then, fillet-weld reinforced. 

After the completion of welding, UT was performed in all CJP welds to ensure that potential discontinuities 

were below the established limits of current practice (AIJ 2018). 

 

Figure 5.4 Fabrication of test specimen – welding preparation in the upright position. 
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The UT confirmed that Specimen 1 had no traceable discontinuities outside the accuracy of the inspection 

method (ASTM 2017). On the other hand, Specimen 2 had two discontinuities at the west beam flange-to-

column face connection. These are illustrated in Fig. 5.8 in scale. The former was found at the shear tab-to-

column weld mid-height location, adjacent to the shear tab. This discontinuity was 2 mm deep and 10 mm 

long. The latter was found at the bottom beam flange CJP weld, adjacent to the beam flange and was posi-

tioned at the beam web centerline, where the welding process was interrupted at the access hole location. 

This discontinuity was 1 mm deep and 10 mm long. The above discontinuities were within the allowable 

limits of AIJ (2018); therefore, no weld repairs were executed. 

 

Figure 5.5 Fabrication of the beam-to-column connection – beveled backing bar details. 

 

Figure 5.6 Fabrication of the beam-to-column connection – completion of CJP welding details. 

(b)(a)

(a) (b) (c)
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Figure 5.7 Fabrication of the beam-to-column connection – removal of weld runoff tabs. 

 

Figure 5.8 Identified locations of weld discontinuities after ultrasoning testing for Specimen 2 (unit: millime-

ters). 

5.3.3 Test apparatus 

Figure 5.9 illustrates the test apparatus after the installation of the first specimen. Two 5,000 kN displace-

ment-controlled servo hydraulic actuators impose lateral loading to the steel beams. These actuators transfer 

the load from the test specimen to the reaction wall through a spreader steel beam. Each actuator is attached 

to the beam ends through adapter plates and 16 pretensioned rods to avoid slippage. Stiffeners are positioned 

at the beam loading points to prevent localized deformations in this region. A pinned connection is realized 

in the column north end, while the shear and axial reaction forces are transferred to the reaction wall through 

the spreader beam. 

The axial force in the column is applied through a 10,000 kN servo hydraulic actuator in force control. 

Therefore, a roller connection in the north-south direction is realized. The movement in the west-east direc-

tion is restrained by a rigid support beam that reacts in the reaction wall through a spreader beam. A lateral 

support system is designed to restrain the connection movement in the out-of-plane direction. The lateral 

bracing requirements according to AISC (2016a; b) were adopted for this purpose. A pantograph is placed 
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1000 mm away from the actuators’ centerlines. The pantographs are clamped to the steel beams to provide 

them with a lateral restraint. An additional lateral support system is designed and placed near the beam-to-

column joint. This lateral support system consists of a pair of C10x90x300 beams and a four L19x150x150-

column configuration, as illustrated in Fig. 5.9. 

 

Figure 5.9 Overview of the test setup (unit: millimeters). 

Actuator

support beam

Actuator

adapter plate

Pantograph

5MN

Hydraulic actuator

10MN 

Hydraulic actuator

Reaction wallSpecimen

lateral support system

Spreader beam

Pin

5MN

Hydraulic actuator



Chapter 5: Full-scale experiments of cyclically loaded welded moment connections with highly dissipative panel zones and simplified weld details 

119 

5.3.4 Instrumentation plan and deduced measurements 

Each test specimen employed 171 channels of instrumentation in total. These comprised 72 strain gauges in 

the beams and the columns, five rosette gauges in the panel zone and four near the access hole region, 58 

linear variable differential transformers (LVDTs) in the panel zone and the pinned connections, four potenti-

ometers in the panel zone kinking locations and 10 string potentiometers at the actuator locations, as charac-

teristically illustrated in Figs. 5.10a-e. The instrumentation, right before starting the test, is depicted in Figs. 

5.10f-g for the panel zone top and bottom sides, respectively. 

 

Figure 5.10 Instrumentation plan at the panel zone and the load application locations (unit: millimeters). 
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The story drift ratio, 𝜃𝑡𝑜𝑡 is calculated by considering a correction due to rigid body motion rotation, 𝜃𝑅𝐵, as 

per Eq. (5.1) and Fig. 5.11: 

𝜃𝑡𝑜𝑡 =
𝛿𝑎𝑐𝑡,𝑦,𝑊 − 𝛿𝑎𝑐𝑡,𝑦,𝐸

𝐿𝑏
− 𝜃𝑅𝐵 

𝜃𝑅𝐵 =
𝛿𝑅𝐵,𝑥,𝑁 − 𝛿𝑅𝐵,𝑥,𝑆

𝐻𝑐,𝑅𝐵
 

(5.1) 

where 𝛿𝑎𝑐𝑡,𝑦,𝑊 and 𝛿𝑎𝑐𝑡,𝑦,𝐸 are the west and east actuator displacements in the y-direction (see Figs. 5.10c 

and 5.10e), 𝛿𝑅𝐵,𝑥,𝑁 and 𝛿𝑅𝐵,𝑥,𝑆 are the LVDT displacements in the x-direction at the north and south column 

ends at the adapter plate mid-height location, respectively, 𝐻𝑐,𝑅𝐵 is the distance between these LVDTs, 

which equals 3,490 mm (see Fig. 5.3), and 𝐿𝑏 is the distance between the displacement-control actuator cen-

terlines, which equals 8,000 mm. 

 

Figure 5.11 Illustration of the rigid body motion rotation. 

Vis-a-vis the above details, the panel zone shear distortion, 𝛾, which is the primary measurement in this test-

ing program, is calculated according to three different ways for redundancy. These are based on: (a) the dis-

placements of the diagonal pair of LVDTs that are mounted at the column flanges (see Fig. 5.10a, 𝛿1 and 

𝛿2), (b) the LVDTs positioned in the column web (see Fig. 5.10b, 𝛿3 and 𝛿4), and (c) the average of the rota-

tions given by the four potentiometers (see Fig. 5.10b). The panel zone shear distortion is calculated accord-

ing to Eq. (5.2): 

𝛾 =
(𝛿𝑖 − 𝛿𝑖+1) ∙ √𝑏𝑝𝑧

2 + 𝑑𝑝𝑧
2

2 ∙ 𝑏𝑝𝑧 ∙ 𝑑𝑝𝑧
 

(5.2) 

where 𝑖 is either 1 or 2 for the first and second ways of calculating 𝛾, accordingly, 𝑏𝑝𝑧 and 𝑑𝑝𝑧 is the width 

and the depth of the panel zone as defined by the points the LVDTs are attached to (i.e., for 𝑖 = 1, 𝑏𝑝𝑧 =

428 mm and 𝑑𝑝𝑧 = 625 mm as per Fig. 5.10a). During the tests, the three methods were found to provide 

fairly similar results. Hereinafter, the first method is utilized for all computations. 
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The chord rotations of the beams, 𝜃𝑏
′  and the column, 𝜃𝑐

′, are calculated based on the LVDT readings at the 

panel zone corners. At each corner, the absolute displacements are provided by three LVDTs, one pair at-

tached to the column flanges and single LVDTs that are attached to the column face, as depicted in Fig. 

5.10d. In the calculations of 𝜃𝑏
′ , and 𝜃𝑐

′, the LVDT, which is attached to the column face, is utilized in the x-

direction displacements and the pair LVDTs in the y-direction ones, as per Eqs. (5.3) and (5.4), respectively: 

𝜃𝑏
′ =

2 ∙ 𝛿𝑎𝑐𝑡,𝑦

𝐿𝑏 − 𝑑𝑐 − 𝑡𝑓𝑐
+
𝛿𝑝𝑧,𝑦,𝑊 − 𝛿𝑝𝑧,𝑦,𝐸

𝐿𝑏 − 𝑑𝑐 − 𝑡𝑓𝑐
+
𝛿𝑝𝑧,𝑥,𝑁 − 𝛿𝑝𝑧,𝑦,𝑆

𝑑𝑏 − 𝑡𝑓𝑏
 (5.3) 

𝜃𝑐
′ =

𝛿𝑝𝑧,𝑦,𝑊 − 𝛿𝑝𝑧,𝑦,𝐸

𝑑𝑐 − 𝑡𝑓𝑐
+
𝛿𝑝𝑧,𝑥,𝑁 − 𝛿𝑝𝑧,𝑦,𝑆

𝐻𝑐 − 𝑑𝑏 − 𝑡𝑓𝑏
− 𝜃𝑅𝐵 (5.4) 

where, 𝛿𝑎𝑐𝑡,𝑦 is the displacement of the west or the east actuator, depending on which chord rotation (i.e., 

east or west) is computed, 𝑑𝑐 is the column depth, 𝑡𝑓𝑐 and 𝑡𝑓𝑏 are the column and beam flange thicknesses, 

𝛿𝑝𝑧,𝑦,𝑊 and 𝛿𝑝𝑧,𝑦,𝐸 are the panel zone west and east side y-direction displacements, 𝛿𝑝𝑧,𝑥,𝑁 and 𝛿𝑝𝑧,𝑥,𝑆 are the 

panel zone north and south x-direction displacements. For the computation of 𝜃𝑏
′ , these are extracted from 

the west or east panel zone sides, depending on the beam of interest, while for the computation of 𝜃𝑐
′, west 

and east side average values are assumed. 

5.3.5 Ancillary tests 

A number of ancillary tests were performed to infer the material properties of the steel beams and columns. 

The yield stress, 𝑓𝑦,𝑚, the ultimate stress, 𝑓𝑢,𝑚 and the elongation at fracture were determined according to 

standard tensile coupon testing (ASTM 2016). The average values based on five coupons with thickness, 𝑡, 

are reported in Table 5.2 for the web and flange plates. The specified minimum yield, 𝑓𝑦, and ultimate stress-

es, 𝑓𝑢, are 325 MPa and 490 MPa, respectively, for the beam and column materials. As for JIS-G3136, 

SN490B, the results indicate that the measured-to-nominal yield strength ratio, 𝑓𝑦,𝑚/𝑓𝑦 = 1.13 and the 

measure-to-nominal ultimate strength ratio 𝑓𝑢,𝑚/𝑓𝑢 = 1.08, on average. Similar values are found for JIS-

G3106, SM490A. These values are consistent with prior reports on relevant Japanese materials (Fujisawa et 

al. 2013) and correspond to similar values for A992 Gr. 50 steel as per AISC 341-16 (AISC 2016a). 

Table 5.2 Measured and nominal material properties of the test specimens. 

Section 
𝑡 

(mm) 

Measured material properties Nominal mate-

rial properties 

𝑓𝑦,𝑚

𝑓𝑦
 

𝑓𝑢,𝑚
𝑓𝑢

 𝑓𝑦,𝑚 (MPa) 𝑓𝑢,𝑚 (MPa) Elongation (%) 

Beam 

JIS-G3136 SN490B 

25 Flange: 363 Flange: 509 Flange: 31.4 

𝑓𝑦 = 325 MPa 

𝑓𝑢 = 490 MPa 

1.13 1.08 

16 Web: 398 Web: 525 Web: 26.6 1.12 1.08 

Column 

JIS-G3106 SM490A 

70 Flange: 368 Flange: 531 Flange: 36.0 1.12 1.04 

45 Web: 363 Web: 528 Web: 33.7 1.22 1.07 
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Uniaxial cyclic round coupon testing was also conducted to manifest other properties of interest (e.g., cyclic 

hardening, Bauschinger effect) for the steel materials. The testing procedures according to de Castro e Sousa 

et al. (2020) were employed, involving 10 strain-based uniaxial loading protocols. Characteristic test results 

for the column web plate are shown in Fig. 5.12. The simulation results are superimposed for reference by 

employing the multiaxial constitutive law proposed by Hartloper et al. (2021), based on two backstresses. 

The calibrated material model parameters are shown in Table 5.3 for the column and beam flanges and webs, 

where 𝐸 is the Young’s modulus, 𝜎𝑦,0 is the equivalent yield stress at zero plastic strain, 𝑄∞ and 𝑏 are the 

maximum and the rate of expansion of the yield surface, accordingly, 𝐷∞ and 𝑎 are the magnitude and rate 

of decrease in the initial yield stress, accordingly, 𝐶𝑘 and 𝛾𝑘 are parameters that describe the magnitude and 

rate of the yield surface translation of the backstress component 𝑘. The deduced input model parameters are 

consistent with those reported in de Castro e Sousa et al. (2020) for A992 Gr. 50 steel. 

  

(a) (b) 

  

(c) (d) 

Figure 5.12 Cyclic true stress-strain behavior of representative uniaxial loading protocols in the column web: 

(a) loading protocol 5; (b) loading protocol 6; (c) loading protocol 9; and (d) loading protocol 10. 
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The chemical composition of the beam and column steel materials is summarized in Table 5.4. The carbon 

equivalent (CEV) that is a function of the chemical composition of steels (AWS 2010) is also reported. The 

CEV values indicate that the structural steel employed in the test specimens provides good weldability; 

hence, there is decreased potential for cracking near the heat affected zone (AWS 2010). According to Table 

5.4, the sulfur content (denoted as “S”) for the column is 0.004% of the total mass. For this level of sulfur 

content, the brittleness decreases, the weldability increases and the steel anisotropy is practically eliminated 

(ASTM 2018a; Miller 2017). Therefore, the through-thickness material strength and toughness are expected 

to be similar to those in the longitudinal direction (ASTM 2018a). The above were also confirmed with con-

ventional CVN tests according to ASTM (2021). 

Table 5.3 Calibrated parameters of multiaxial constitutive law for the steel material of columns and beams. 

Parameter 
𝐸 

(MPa) 

𝜎𝑦,0 

(MPa) 

𝑄∞ 

(MPa) 
𝑏  

𝐷∞ 

(MPa) 
𝑎  

𝐶1 

(MPa) 
𝛾1  

𝐶2 

(MPa) 
𝛾2  

Column flange 182459 324.7 144.6 16.6 95.8 280.2 21872.5 185.0 2586.2 15.3 

Column web 182120 329.0 144.1 18.6 107.2 227.8 19457.9 158.6 2270.4 12.4 

Beam flange 181105 358.1 141.4 21.1 148.2 138.5 16047.8 130.2 1498.9 7.7 

Beam web 172061 385.6 120.9 19.1 143.5 145.7 16984.2 132.5 1835.5 9.2 

Table 5.4 Chemical composition of steel materials. 

Material 
Chemical composition (% mass) 

CEV 
C Si Mn P S Cu Ni Cr V Nb Mo Ti Al N 

Beam 

JIS-G3136 

SN490B 

0.18  0.34  1.07  0.019  0.008 NR 0.01  0.05  0.000  NR 0.010  NR 0.016  NR 0.37 

Column 

JIS-G3106 

SM490A 

0.16  0.30  1.40  0.017  0.004 NR  NR NR NR NR NR NR 0.032  NR 0.41 

5.3.6 Applied loading protocols 

Specimen 1 is subjected to a standard cyclic symmetric loading protocol (AISC 2016a; Clark et al. 1997), as 

per Fig. 5.13a. This protocol is considered so that the connection performance is compared with the prequali-

fication requirements as per AISC 341-16. Moreover, since this loading protocol is commonly used in stand-

ard cruciform beam-to-column connection testing, the experimental results will form a basis of performance 

comparison with prior test programs on welded connections. 

For Specimen 2, three loading phases are implemented as per Fig. 5.13b. Phase 1 consists of the SAC near-

fault asymmetric loading protocol (Krawinkler et al. 2000), while phase 2 comprises the collapse-consistent 

loading protocol (Suzuki and Lignos 2020). In phase 3, the specimen is loaded cyclically at ±10% rad drift 

ratio cyclic intervals. The first loading phase is considered, since pulse-like near-fault ground motions with 

forward directivity are found to be considerably damaging compared with ordinary ground motions (Alavi 
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and Krawinkler 2004). The second phase is considered to acquire representative experimental data at large 

deformations associated with global collapse of steel MRFs; thus, the loading protocol replicates the ratchet-

ing behavior of MRFs prior to sidesway collapse (Lignos et al. 2011; Suzuki and Lignos 2021). The third 

phase was employed until the loss of at least 50% of the lateral load carrying capacity of the test specimen so 

as its ultimate failure mode is also characterized experimentally and compared with that of Specimen 1. 

 

Figure 5.13 Loading protocols for the beam-to-column connection test specimens: (a) Specimen 1; and (b) 

Specimen 2. 

Prior to the imposition of the above-mentioned loading protocols, a compressive axial load was applied to 

the steel column of each test specimen. This load was kept constant throughout the imposed cyclic loading 

histories. The magnitude of the applied axial force is 𝑃𝑐 = 5000 kN, which corresponds to 0.2𝑃𝑦,𝑛 (𝑃𝑦,𝑛 is 

the column axial yield strength, based on the nominal material properties), as per Skiadopoulos and Lignos 

(2022b). 

5.4 Experimental results and discussion 

5.4.1 Qualitative summary of experimental behavior 

In this section, the results from both experiments are discussed in a qualitative manner. Emphasis is given on 

the story shear resistance, 𝑉𝑐𝑜𝑙, versus story drift ratio, 𝜃𝑡𝑜𝑡, and on the panel zone shear force, 𝑉𝑝𝑧, versus 

panel zone normalized shear distortions, 𝛾/𝛾𝑦, of both test specimens. Both 𝑉𝑐𝑜𝑙 and 𝑉𝑝𝑧 are obtained based 

on equilibrium of forces in the statically determinate test specimen. The story drift ratio, 𝜃𝑡𝑜𝑡, is calculated as 

per Eq. (5.1), while 𝛾 as per Eq. (5.2). The discussion hereinafter is also facilitated with a number of in-

formative illustrations, which demonstrate the overall performance of the welded connections. 

Figure 5.14 shows the hysteretic responses of Specimens 1 (see Fig. 5.14a) and 2 (see Fig. 5.14b). Superim-

posed in the same figure are key damage states, which were identified during testing. Both test specimens 

remained elastic until 0.75-1% rad lateral drift demand, where the onset of panel zone yielding occurred. 

That was identified by the flaking of the whitewash paint near the panel zone area and by the plastic strain 
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readings in the central panel zone rosette (see Fig. 5.10a). The panel zone yielding at a lateral drift demand 

of 1% rad is also evident in Fig. 5.15 that shows the panel zone hysteretic responses of both test specimens. 

In this case, the results are reported until the deduction of 𝛾 was deemed accurate based on the LVDT read-

ings (i.e., 8% rad for Specimen 1 and the 50th loading excursion for Specimen 2). The lateral elastic stiffness 

of both test specimens is almost identical and equals 8.34 × 104 kN/rad. At a lateral drift demand of 2% rad, 

the beams of both test specimens yielded as identified by the strain gauge measurements near the CJP welds 

(see Fig. 5.10a). The panel zones at this point reached 4𝛾𝑦 shear distortions. The deformed test specimens at 

2% rad are shown in Figs. 5.16a-b for Specimen 1 and in Figs. 5.17a-b for Specimen 2, respectively, with the 

focus being on the beam bottom flange. It is observed that for this level of lateral drift demand, which is 

representative of a design-basis earthquake (DBE), the beam-to-column connections do not practically indi-

cate any sign of visual damage. 

Regarding Specimen 1, at a lateral drift demand of 3% rad, flexural yielding in the beams and panel zone 

progressed without any indication of local buckling (see Figs. 5.16c-d). The panel zone shear distortions 

reached 8𝛾𝑦. Referring to Fig. 5.14a, strength stabilization occurred at about 4% rad. At this lateral story drift 

demand, that is representative of a maximum considered earthquake (MCE), there was no indication of beam 

localized deformations (see Fig. 5.16e), while the backing bar region did not exhibit any visual damage (see 

Fig. 5.16f). The panel zone shear distortions at this drift amplitude were nearly 10𝛾𝑦. Referring to Fig. 5.18a, 

at 4% rad the panel zones exhibited localized yielding in the inside of the column flanges at the kinking loca-

tions. The yielding zone at these locations increased at higher lateral drift demands, while it progressed more 

near the column web centerline, as discussed in the subsequent sections. Similar observations hold true at the 

outside of the column flange, near the backing bar region, where the yielding zone progresses in an elliptical 

manner and maximized near the column web centerline (see Fig. 5.19). The stress and strain demands near 

this critical location are quantified in the subsequent sections. 

Upon further loading (i.e., 5-6% rad), the onset of local buckling became evident in the beam flanges and the 

panel zone distortion design target (i.e., 15𝛾𝑦) was reached at 6% rad. Therefore, the contribution of the pan-

el zone to the total story drift ratio capped at about 4-5% rad. After the onset of local buckling, the contribu-

tion of the steel beams to the total story drift ratio increased. Yielding in the inside of the column flanges 

became more evident at this point (see Figs. 5.18b-c). At the first loading excursion of the 6% rad amplitude, 

a ductile crack was observed at the east beam top flange near the shear tab end that was under tension (see 

Fig. 5.14a for 𝜃𝑡𝑜𝑡 sign convention), which is depicted in Fig. 5.20a. During the next loading excursion of 

the same amplitude, the beam-to-column connection reached the maximum negative story shear resistance 

(i.e., 1249 kN). Αt this lateral drift demand amplitude, beam local buckling was not prominent, while the 

bottom beam flange backing bar did not exhibit any visible damage (see Figs. 5.16g-h). At the first loading 

excursion of the 7% rad lateral drift amplitude, the story shear resistance maximized at 1265 kN. 
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Figure 5.14 Story shear resistance versus story drift ratio: (a) Specimen 1; and (b) Specimen 2. 
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Figure 5.15 Panel zone shear force versus normalized panel zone shear distortion: (a) Specimen 1; and (b) 

Specimen 2. 

During the last cycle of 7% rad, ductile tearing propagated slightly through the thickness of the column 

flange at the CJP weld toe of the west and east beam top flanges, as depicted in Figs. 5.20b-c, accordingly. 

Up until this lateral drift amplitude, Specimen 1 did not attain a negative stiffness (see Fig. 5.14a). Moreover, 

Specimen 1 did not exhibit cyclic deterioration in the story shear resistance due to local buckling in the steel 

beams and/or crack initiation and propagation in the column. At the last cycle of the 7% rad amplitude, a 

minor panel zone waving perpendicular to its compressive strut was observed, thereby indicating mild shear 

buckling. The amplitude of the waving did not increase up until the end of the test. At the first negative load-

ing excursion of 8% rad, localized inelastic deformations at the west beam bottom flange were prominent. 

This effect, in combination with the ductile tearing initiation at the shear tab top flange position (similarly to 

the east beam, Fig. 5.20a), lead to about 20% reduction in the story shear resistance of the same specimen. 

Moreover, at the east beam bottom flange, a ductile crack initiated at the weld root between the backing bar 

and the column flange (see Fig. 5.20d). At this lateral drift demand, panel zone yielding at the inside and 

outside of the column flange progressed to the full column flange width in a zone of nearly 100 mm height 

(see Figs. 5.18d and 5.19b). At the positive excursion of 9% rad, a 20% loss of the maximum achieved story 

shear resistance was observed due to the propagation of the existing ductile cracks. At the negative excursion 

of the same lateral drift amplitude, the beam-to-column connection lost more than 80% of its lateral load 

resistance due to ultra-low cycle fatigue in the west top and east bottom beam flanges and the test was termi-

nated with the panel zone reaching 23𝛾𝑦 (see Fig. 5.15a). More details on the crack propagation modes and 

the ultimate failure modes are found in the subsequent sections. 
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Figure 5.16 Specimen 1 bottom beam flanges at characteristic loading excursions (left: west beam, right: east 

beam). 
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Figure 5.17 Specimen 2 bottom beam flanges at characteristic loading excursions (left: west beam, right: east 

beam). 
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Figure 5.18 Panel zone deformation at characteristic loading excursions (top: Specimen 1, bottom: Specimen 

2). 

 

Figure 5.19 Yield pattern around the beveled backing bar of the bottom flange of the steel beam (Specimen 

1). 
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Figure 5.20 Specimen 1 crack patterns at characteristic lateral drift demands of: (a) +6% rad; (b) -7% rad; (c) 

+7% rad; and (d) -8% rad. 

Regarding Specimen 2 (see Figs. 5.14b and 5.17), at the second peak lateral drift amplitude of the near-fault 

protocol (-6% rad) flexural yielding in the beams and shear yielding in the panel zone progressed. Visual 

inspection of the steel beams and the beveled backing bars did not reveal any noticeable damage (see Figs. 

5.17c-d). Figure 5.15b suggests that the panel zone inelastic shear distortion reached about 18𝛾𝑦. Shear 

yielding in the panel zone was more evident due to the whitewash flaking (see Figs. 5.18e-f). Cyclic harden-

ing in the steel beams increased the moment demands and the resultant shear demand in the panel zone; 

hence, the design target of 15𝛾𝑦 was slightly exceeded at 6% rad. Upon further loading, ductile cracks be-

came visible at the west top flange weld toe adjacent to the column flange surface and at the west beam bot-

tom side shear tab near the access hole. These were consistent with those seen in Specimen 1. During the 18th 

loading excursion (-3% rad), the same crack types were observed at the east beam top flange. At the 22nd 

excursion (-3% rad), mild out of plane flange deformations were observed near the beam plastic hinge region 

at the flanges under compression. At the end of the near-fault loading protocol, the panel zone peak shear 

distortion remained at 18𝛾𝑦 (see Fig. 5.15b). Noteworthy stating that the overall hysteretic behavior of the 

welded connection was stable due to the absence of nonlinear geometric instabilities in the steel beams. 

During the first loading excursion of the collapse-consistent protocol (31st excursion of the loading protocol, 

at -3.5% rad), a crack was observed at the east beam bottom side shear tab weld fusion near the access hole, 

(a) (b)

(c) (d)
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which was similar to the one seen at the west beam. The one observed on the east beam propagated more 

compared to the one on the west beam, since the east beam bottom flange was mainly in tension during the 

near-fault loading protocol. Referring to Figs. 5.17e-f, both steel beams experienced flexural yielding, which 

propagated over 300 mm length in their flanges. The panel zone yielding at the kinking locations further 

progressed compared to the 2nd excursion (see Figs. 5.18f-g). At the peak lateral drift excursion of the col-

lapse-consistent protocol (-10% rad), the cracks of the shear tab (see Fig. 5.21a) and top beam flange weld 

fusion (see Fig. 5.21b) propagated towards the column width and thickness direction. At this excursion, the 

beam-to-column connection reached its negative maximum story shear resistance, that equals −1223 kN. 

All the above-mentioned cracks were deemed to be stable considering that (a) they propagated slowly and 

(b) did not compromise the overall hysteretic behavior of the welded connection (see Fig. 5.14b). Moreover, 

the panel zone shear distortion reached 30𝛾𝑦 (see Fig. 5.15b). At this shear distortion, the kinking effect at 

the column flanges was prominent as shown in Fig. 5.18h. The beam local deformations did not progress 

(see Fig. 5.17g), whereas the region near the bottom backing bar exhibited yielding (see Fig. 5.17h). Despite 

the crack initiation at the above-mentioned locations, as the imposed story drift increased up to 10% rad, 

Specimen 2 exhibited a stable hysteretic response until the end of the collapse-consistent loading protocol. 

The overall response was dominated by cyclic hardening of the steel material. From a collapse assessment 

standpoint, lateral drift demands above 5% rad are usually considered indicative of dynamic instability of 

steel MRFs due to global P-Δ effects (FEMA 2009a; Gupta and Krawinkler 2000a; NIST 2010). 

From this point forward, lateral drift reversals of ±10% rad were performed. While lateral drift reversals of 

this amplitude are very unlikely during an actual earthquake, these were still conducted to determine the 

ultimate failure mode of the beam-to-column connection. During the first excursion of this loading phase, a 

crack initiated at the east beam top side of the shear tab and propagated in the column flange width direction. 

The crack propagation stopped about 50 mm away from the column flange edge (see Fig. 5.21c). At the west 

beam top flange weld toe, a ductile crack initiated, which was consistent with those seen at similar locations 

in Specimen 1 (e.g., see Figs. 5.20b and 5.21b). These ductile cracks led to nearly 5% loss of the lateral load 

resisting capacity of Specimen 2. During the next loading excursion, the ductile crack of the west beam top 

flange propagated through the column flange thickness (see Fig. 5.21d), thereby indicating a consistent fail-

ure mode between test specimens regardless of the employed loading history. The test was terminated once 

Specimen 2 lost at least 50% of its story shear resistance due to ultra-low cycle fatigue. The ultimate failure 

modes are described in the subsequent sections. 

The stable beam-to-column hysteretic response until large lateral drift demands is partially attributable to the 

balanced design of the inelastic deformations between the beams and the panel zone and the beneficial as-

pects of the panel zone shear yielding, which is a stable damage mechanism. The targeted panel zone shear 

distortions were exceeded in both test specimens at about 6% rad lateral drift demand. Therefore, the estab-

lished performance objectives of the targeted welded connection design were met. Specimen 2 reached high-
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er levels of panel zone inelastic shear distortions compared to Specimen 1, since the cyclic symmetric load-

ing protocol triggered beam local buckling at lower lateral drift demands compared to the non-symmetric 

loading protocols of Specimen 2. The experimental program demonstrates that the proposed beam-to-column 

connection detailing can sustain panel zone shear distortions that are substantially higher than the targeted 

values. Therefore, regardless of the material uncertainty and the employed loading history, the overall con-

nection performance is not impaired given the proposed detailing simplifications and the panel zone design 

recommendations by Skiadopoulos et al. (2021). 

 

Figure 5.21 Specimen 2 crack patterns at characteristic loading excursions: (a-b) 39th (-10.0% rad); (c) 48th 

(+10.0% rad); and (d) 50th (-10% rad). 

5.4.1.1 Performance of beveled backing bars 

In this section, the performance of the beveled backing bars is discussed for both test specimens. Current 

prequalification requirements (AISC 2016c) allow for top flange backing bars to remain in place. The test 

results confirmed that this location did not experience any notable damage at lateral drift demands associated 

with both design-basis and maximum considered earthquakes. Similar observations hold true for the bottom 

beam flange beveled backing bars. The beveled backing bars achieve an optimal fracture potential between 

the backing bar-to-column face and the backing bar-to-beam flange notch tips (Skiadopoulos and Lignos 

2022a). These notches are characteristically depicted in Fig. 5.22 at a lateral drift demand of 10% rad for 

Specimen 2. Therefore, if the backing bar was fillet-weld reinforced to the beam or column flange, the stress 

(a) (b)
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Chapter 5: Full-scale experiments of cyclically loaded welded moment connections with highly dissipative panel zones and simplified weld details 

134 

flow in the backing bar would have increased, thereby compromising the optimal fracture potential in the 

beveled backing bar notch tips. 

 

Figure 5.22 Backing bar deformations (Specimen 2, at a 10% rad lateral drift demand). 

5.4.1.2 Ultimate failure modes 

In this section, the ultimate failure modes of both test specimens are discussed. Figure 5.23 shows the ulti-

mate failure modes of the beams’ top and the east beam’s bottom flanges of Specimen 1. In all cases, the 

cracks initiated after 7% rad lateral drift demand and are attributed to ultra-low cycle fatigue. Referring to 

Figs. 5.23a-b, the cracks at the beam top flanges initiated at the column flange, near the beam top flange-to-

column face CJP weld fusion at the beam web centerline. On the other hand, the crack at the bottom flange 

of the east beam initiated nearly 100 mm away from the beam web centerline. In all cases, the cracks propa-

gated towards the column thickness and longitudinal direction. During the crack propagation face, Specimen 

1 was able to dissipate one third of the total absorbed energy. The test results did not reveal any signs of 

cracks/fracture at the bottom flange of the west beam of Specimen 1. 

Figure 5.24 shows the ultimate failure modes for Specimen 2. In all cases, the crack initiation is also attribut-

ed to ultra-low-cycle fatigue. Figure 5.24b depicts the fracture modes of the column flange near the top 

flange of the west and east beams, respectively. Qualitatively, the cracks in both cases initiated near the cen-

terline of the beam web and propagated along the flange width. Referring to Fig. 5.24b, the crack initiated 

from the weld fusion of the shear tab end. The crack then extended towards the column flange and in part 

through the column web. As far as the beams’ bottom flange-to-column flange interfaces, these did not expe-

rience any visible cracks as shown in Fig. 5.24c. Figure 5.25 demonstrates the deformed shape of Specimens 

1 and 2 after the end of testing and the removal of the instrumentation. 
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(a) 

 

(b) 

 

(c) 

Figure 5.23 Ultimate failure modes of Specimen 1 after the test completion: (a) west beam top flange; (b) 

east beam top flange; and (c) east beam bottom flange. 
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(a) 

 

(b) 

 

(c) 

Figure 5.24 Ultimate failure modes of Specimen 2 after the test completion: (a) west beam top flange; (b) 

east beam top flange; and (c) west and east beam bottom flanges. 
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Figure 5.25 Deformation pattern of the test specimens after the completion of the test program (left: Speci-

men 1, right: Specimen 2). 

Vis-a-vis the above discussion, the experimental observations reveal that the observed ultimate failure modes 

were fairly consistent in both specimens. While cracks did initiate due to ultra-low cycle fatigue, they were 

deemed to be stable and did not compromise the overall stability of the welded connections till large ampli-

tude lateral drift demands (i.e., above 7% rad). Evidently, from the theoretical point of crack initiation to the 

point of loss of at least 50% of the lateral load carrying capacity of both connections, these dissipated about 

one third of the total dissipated energy. 

5.4.2 Quantitative assessment of test results 

This section discusses in a quantitative manner the experimental results of both test specimens. Their per-

formance is first assessed based on the AISC (2016a) beam-to-column connection prequalification criteria. 

The discussion also focuses on other performance indicators, such as the column twist demands, column 

flange localized deformations and strain demands at selected locations. The influence of loading history is 

also discussed. 

5.4.2.1 Prequalification limits 

According to AISC 341-16 (AISC 2016a), beam-to-column connections under symmetric cyclic loading 

histories should sustain beam end moment demands higher than 0.8𝑀𝑝𝑙 (𝑀𝑝𝑙 is the beam plastic moment 

resistance based on the nominal material properties) during both loading cycles of a lateral drift demand of 

4% rad. 
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Referring to Figs. 5.26a-b, the west and east beam moments at the column face are depicted for Specimen 1, 

respectively. The beam end moments at the column face are normalized with respect to 𝑀𝑝𝑙 and are com-

pared with the AISC (2016a) limit of 0.8𝑀𝑝𝑙. Both beams resisted nearly 1.4𝑀𝑝𝑙 during the two loading 

cycles of 8% rad. Therefore, the prequalification criteria are satisfied. In fact, the cyclic performance of the 

connection was superior. Similar comparisons are shown for Specimen 2 (see Figs. 5.26c-d), which was sub-

jected to asymmetric lateral drift demands. 

 

Figure 5.26 Beam moment at the column face versus story drift ratio: (a) Specimen 1, west beam; (b) Speci-

men 1, east beam; (c) Specimen 2, west beam; and (d) Specimen 2, east beam. 

According to AISC 358-16, the beam-to-column web panel zones should be designed based on 𝑀𝑝𝑟. The 

peak connection strength factor, 𝐶𝑝𝑟, is taken equal to 1.4 for WUF-W connections (AISC 2016c). The com-

puted 𝐶𝑝𝑟 equals 1.22 and 1.23 for Specimens 1 and 2, respectively. Therefore, the 𝐶𝑝𝑟 value of AISC 

(2016c) overestimates the influence of strain hardening on WUF-W connections. This finding corroborates 

with those from prior work (Lee et al. 2005b; Shin 2017). Collectively, this has also been confirmed after 

assessing the results from nearly 100 connection tests with dissipative panel zones (Skiadopoulos and Lignos 

2021). 

5.4.2.2 Decomposition of inelastic deformations and assessment of balanced design 

Figure 5.27 shows the moments at the beam ends at the column face location versus the beam chord rotations 

and the moments at the column at the panel zone top horizontal edge location versus the column chord rota-
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tions, for both test specimens. The associated chord rotations are calculated over the beam cantilever length 

(i.e., from the column face to the load application point) and over the column cantilever length (i.e., from the 

panel zone top edge to the pin location), respectively. The results are reported until the last loading excursion 

for which the decomposition of deflections was deemed accurate (i.e., 6% rad for Specimen 1 and 49th excur-

sion for Specimen 2). Regarding Specimen 1, the beam chord rotations reached nearly 3% rad, while at lat-

eral drift demands representative of an MCE, beam chord rotations did not exceed 1.5% rad. Regarding 

Specimen 2, after the end of the near-fault loading protocol, beam chord rotations reached up to 2% rad, 

while at the end of the collapse-consistent loading protocol, they reached 4% rad. The columns remained 

elastic in both test specimens (see Figs. 5.27c and 5.27f). 

 

 

Figure 5.27 Moments at the beam ends at the column face location versus beam chord rotations and moments 

at the column at the panel zone top horizontal edge location versus column chord rotations: (a-c) Specimen 

1; and (d-f) Specimen 2. 

Figure 5.28 depicts the contribution of the beams, the panel zone and the column to the story drift ratio, 𝜃𝑡𝑜𝑡. 

The connection behavior of Specimen 1 was elastic up until a lateral drift demand of 1% rad. Referring to 

Fig. 5.28a, the panel zone contributed nearly 40%, the beams nearly 50% and the column 10% to 𝜃𝑡𝑜𝑡 at 1% 

rad. From the same figure, once inelastic deformations concentrated in the panel zone, its contribution in-

creased up to 50% and stabilized up until the onset of mild flange local buckling in the beams (i.e., 5% rad). 

From this point onwards, the contribution of the beams increased compared to that of the panel zone. Refer-

ring to Fig. 5.28b, the contribution of the panel zone and the beams to 𝜃𝑡𝑜𝑡 was nearly 60% and 30%, respec-

tively, throughout the imposed loading history of Specimen 2. 
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Figure 5.28 Contributions of the panel zone, the beams and the column to the story drift ratio at characteristic 

lateral loading excursions: (a) Specimen 1; and (b) Specimen 2. 

The general consensus from the above findings is that the overall connection design was fairly well balanced 

between the panel zone and the steel beams, regardless of the employed loading history. 

5.4.2.3 Twist demands in the column 

Figure 5.29a shows a definition of the column twist rotation demand, 𝜃𝑐,𝑡𝑤𝑖𝑠𝑡. This is calculated according to 

Eq. (5.5), by using the LVDTs, which are positioned at the column flange centerline, at the column mid-

height (see Fig. 5.10a). Accordingly: 

𝜃𝑐,𝑡𝑤𝑖𝑠𝑡 =
𝛿𝑐,𝑡𝑤𝑖𝑠𝑡,𝑊 − 𝛿𝑐,𝑡𝑤𝑖𝑠𝑡,𝐸

𝐿𝑐,𝑡𝑤𝑖𝑠𝑡
 (5.5) 

The column twist demands are shown in Figs. 5.29b-c at characteristic lateral drift demands for both test 

specimens. Referring to Specimen 1, the column twist demands do not exceed 0.1% rad up until a lateral 

drift demand of 6% rad. Once beam local buckling becomes prominent, 𝜃𝑐,𝑡𝑤𝑖𝑠𝑡 reaches 0.4% rad at a lateral 

drift demand of 8% rad. Referring to Specimen 2 (see Fig. 5.29b), 𝜃𝑐,𝑡𝑤𝑖𝑠𝑡 does not exceed 0.25% rad even at 

a lateral drift demand of 10% rad. The insignificant column twist demands are attributable to two reasons. 

The first relates to the high torsional stiffness of the employed column cross section. The second one is in-

dicative of the well-balanced inelastic deformations between the steel beams and the panel zone, which 

agrees with previous test findings on beam-to-column subassemblies (Chi and Uang 2002; Engelhardt et al. 

2000; Lee et al. 2005a; Ricles et al. 2004b). This aspect becomes important when deep columns (i.e., depths 

larger than 400 mm) are employed in the seismic design of steel MRFs. Elkady and Lignos (2018a) reported 

twist angles for 600 mm deep columns on the order of 3% rad at a lateral drift demand of 4% rad. These 

members are prone to coupled instabilities and their overall stability may be compromised once local buck-

ling forms within the anticipated beam plastic hinge. The column out-of-plane deformations at the column 
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mid-height location did not exceed 1 mm and 2 mm for Specimens 1 and 2, respectively. This confirms that 

the lateral support system design requirements of AISC (2016a; b) were effective in both tests. 

 

  

Figure 5.29 Column twist demands at characteristic lateral loading excursions: (a) schematic illustration of 

column twist angle; (b) Specimen 1; and (c) Specimen 2. 

5.4.2.4 Column flange local deformations 

Figure 5.30a depicts the column flange local deformations in the beam flange-to-column face locations. Ac-

cording to the AISC 360-16 provisions, the use of continuity plates is not imperative for the selected connec-

tion geometry. From the same figure, the cantilever-like deformation mode caused column flange localized 

yielding, which initiated near the column web at the panel zone kinking locations (see Fig. 5.31). El-Tawil 

(2000) found that similar deformations may increase the fracture potential of a beam-to-column connection. 

To quantify the column flange local deformations, the horizontal pair LVDTs that were placed at each 

kinking location (see Fig. 5.10d) are utilized. The column flange tangential rotation at the flange extremity, 

𝜃𝑐𝑓,𝑙𝑜𝑐𝑎𝑙, is then calculated (see Fig. 5.30a). Moreover, the displacement at the panel zone kinking locations, 

𝛿𝑐𝑓,𝑙𝑜𝑐𝑎𝑙 (see Fig. 5.30a), is deduced from 𝜃𝑐𝑓,𝑙𝑜𝑐𝑎𝑙, by conservatively assuming that the column flange canti-

lever is under uniform load. However, this is not the case considering that the flange near the k-area of the 

cross section has a higher rigidity than at the tip of the column flange(s). 
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Figure 5.30 Column flange local deformations at characteristic lateral loading excursions: (a) schematic il-

lustration of beam flange local deformations; (b) Specimen 1; and (c) Specimen 2. 

 

Figure 5.31 Yield pattern at the panel zone kinking locations due to column flange local deformations at 

characteristic lateral drift demands of Specimen 2. 

Figures 5.30b-c depict the computed 𝜃𝑐𝑓,𝑙𝑜𝑐𝑎𝑙 and 𝛿𝑐𝑓,𝑙𝑜𝑐𝑎𝑙 at characteristic loading excursions for Specimens 

1 and 2, respectively. Due to symmetry, the north-west and south-east panel zone kinking locations provided 
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nearly identical results. Similar findings hold true for the north-east (NE) and south-west (SW) locations. 

Therefore, the peak values of these pairs are shown herein (i.e., NW-SE and NE-SW, accordingly). The av-

erage of the top and bottom test specimen side (see Fig. 5.10d) rotations is considered in the computations, 

while the column twist rotation component is subtracted from the computations. Positive values of 𝜃𝑐𝑓,𝑙𝑜𝑐𝑎𝑙 

and 𝛿𝑐𝑓,𝑙𝑜𝑐𝑎𝑙 correspond to column flanges being “pulled” by the adjacent beams (i.e., NE-SW in Fig. 5.30a). 

Referring to Fig. 5.30, the column flange local deformations are fairly consistent at both NW-SE and NE-SW 

locations, while their amplitude is, qualitatively, proportional to the imposed lateral drift demands. At 2% rad 

and 4% rad lateral drift demands, 𝜃𝑐𝑓,𝑙𝑜𝑐𝑎𝑙 equals nearly 0.5% rad and 1.0% rad, accordingly for both test 

specimens. As for Specimen 2 (see Fig. 5.30c), 𝜃𝑐𝑓,𝑙𝑜𝑐𝑎𝑙 reaches nearly 2.5% rad at 10% rad lateral drift de-

mand. At this drift level, 𝛿𝑐𝑓,𝑙𝑜𝑐𝑎𝑙 equals 3 mm. The results confirm that the relatively minor column flange 

local deformations are attributable to the thick column flanges (i.e., 𝑡𝑐𝑓 = 70 mm) of the employed column 

cross section; hence the AISC 360-16 requirements for continuity plates are deemed to be satisfactory. 

5.4.2.5 Strain demands at critical locations 

Figure 5.32 illustrates the true stress and true strain demands at the panel zone bottom kinking location. The 

engineering strains are first extracted from the nine strain gauges positioned at this location for both test 

specimens. The true strain histories extracted from Specimen 1 and Specimen 2 at the east side mid-flange 

strain gauges are applied in cyclic coupons to extract the true stresses, as depicted in Figs. 5.32a-b (denoted 

as “Test”). In the same figures we have superimposed the simulated response with the Hartloper et al. (2021) 

constitutive material law at the same locations based on the calibrated material parameters of Table 5.3. The 

agreement between the measured and simulated quantities is noteworthy. Therefore, the same constitutive 

model may be used to predict the corresponding stress demands at selected locations for a given uniaxial 

strain history. 

Based on the above methodology, the true stress-strain histories of the column 50 mm below the panel zone 

are shown in Figs. 5.32c-f for both test specimens. The yield stress and strains are superimposed with dashed 

lines for reference. Referring to Specimen 1 (see Figs. 5.32c-d), the results of the last cycle of the 1-6% rad 

amplitudes are highlighted for the last positive and the last negative loading excursions, with the emphasis 

being on the last, negative, excursion. At a lateral drift demand of 3% rad, localized yielding in the column at 

the kinking locations initiated. At a lateral drift demand of 6% rad, the longitudinal strain demands reached 

1.2%, while the stresses capped at nearly 440 MPa. Referring to Specimen 2 (see Figs. 5.32e-f), the strain 

demands confirm that yielding at the panel zone kinking locations initiated after 2% rad. At a lateral drift 

demand of 6% rad, the strain demands reached 1%, while the stresses reached 360 MPa. Moreover, at the 

end of the test values of 2% and 470 MPa, respectively, are reported. 
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The experimental results confirm that the panel zone kinking effect causes some localized yielding near the 

panel zone edges, which initiates at a lateral drift demand of about 3% rad. However, this effect does not 

compromise the column stability or the overall stability of the welded connections. 

 

Figure 5.32 Stress and strain demands 50 mm away from the bottom panel zone kinking location for Speci-

mens 1 and 2. 

5.4.3 Effect of loading history and implications on structural collapse and predictive modeling 

Prior work (FEMA 2009b; Krawinkler 1996, 2009; Lignos et al. 2011) has stressed the influence of loading 

history on the evaluation of seismic demand and capacities of structural components. The same issue has also 

been stressed regarding the future development of acceptance criteria for collapse prevention (Maison and 

Speicher 2016; Suzuki and Lignos 2020, 2021). While the AISC symmetric cyclic loading protocol is gener-

West side

East side

(a) (b)

(c) (d)

(e) (f)

0tot 

0tot 

0tot 

0tot 

50 mm

E
as

t 
si

d
e

W
es

t 
si

d
e



Chapter 5: Full-scale experiments of cyclically loaded welded moment connections with highly dissipative panel zones and simplified weld details 

145 

ally conservative for structural component qualification at lateral drift demands higher than 2% rad (Krawin-

kler 2009), the experimental results suggest that the welded connections tested herein satisfy the prequalifi-

cation requirements established by AISC 360-16. In fact, Figs. 5.14a and 5.26a-b demonstrate that the con-

nection exhibits a stable hysteretic response up until a lateral drift demand of about 8% rad. While local 

buckling did occur in the steel beams at lateral drift demands of 6% rad, it was fairly mild and did not result 

in softening (i.e., negative stiffness) for both test specimens.  

It is generally known that the seismic performance of steel MRFs during low-probability of occurrence 

earthquakes tends to become asymmetric due to ratcheting prior to structural collapse (Ibarra and Krawinkler 

2005; Lignos et al. 2011). Within such a context, cyclic deterioration in flexural strength, attributable to non-

linear geometric instabilities and P-Δ effects dominate the dynamic behavior of a steel MRF near collapse 

(Zareian et al. 2009). In formal collapse risk assessment methodologies [e.g., FEMA (2009b)] as well as 

system level simulation studies, it has been shown that a steel MRF’s dynamic stability is governed by global 

P-Δ effects at lateral drift demands of 5% rad and above. The experimental findings (see Figs. 5.14b and 

5.26c-d) suggest that even in cases where seismic demands become asymmetric due to ratcheting of a steel 

MRF prior to sidesway collapse, the response of the welded connection exhibits a stable and non-degrading 

hysteretic behavior even at a lateral drift demand of 10% rad.  

Ibarra and Krawinkler (2005) pointed out the role of strength and post-peak strength deterioration (i.e., sof-

tening) on the earthquake-induced collapse risk of MRFs. In that respect, the testing program demonstrates 

that the welded connections remain stable throughout the employed loading histories. Therefore, unlike steel 

MRFs with elastic panel zone designs, the global collapse of steel MRFs featuring welded connections with 

highly dissipative panel zones is mostly controlled by the destabilizing effects of the gravity load and not by 

component deterioration. In that respect, Fig. 5.27 implies that simple bilinear models may suffice for simu-

lating the steel beam behavior even at large lateral drift demands associated with collapse; hence, modeling 

uncertainties in component modeling at large deformations, where the validity of available deterioration 

models [e.g., Ibarra et al. (2005)] may be questionable (Krawinkler and Deierlein 2013), are eliminated. This 

issue is further elaborated in the subsequent section. 

5.5 Predictive models and implications on collapse safety  

In this section, the deduced experimental results are compared with continuum finite element (CFE) predic-

tions. Implications on the seismic design of steel MRFs are also discussed. The CFE modeling assumptions 

presented in Chapters 2 and 3 are employed into the CFE models of Specimens 1 and 2. The global response 

comparisons are shown in Figs. 5.33a and 5.33c, while the panel zone response comparisons in Figs. 5.33b 

and 5.33d. The comparisons suggest a nearly identical match both at the global as well as the local response 

parameters. The CFE simulation results demonstrate the benefit of utilizing an instability-free beam-to-
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column connection design with regards to the modeling accuracy. In such case, the connection response is 

insensitive to initial beam imperfections due to hot rolling and/or fabrication. 

  

  

Figure 5.33 Comparisons of simulated versus experimental results: (a) global response of Specimen 1; (b) 

panel zone response of Specimen 1; (c) global response of Specimen 2; and (d) panel zone response of Spec-

imen 2. 

Conversely, beam-to-column connections with elastic panel zone designs may experience nonlinear geomet-

ric instabilities in the dissipative zone of a beam at modest lateral drift demands, depending on its cross-

sectional local slenderness ratios. Figure 5.34 shows indicative comparisons between the welded connections 

with highly dissipative panel zone test results (i.e., 𝛾𝑑 = 15𝛾𝑦) and their counterparts with elastic panel zone 

designs (i.e., 𝛾𝑑 = 𝛾𝑦). The imposed loading protocols of Specimens 1 and 2 are used (see Figs. 5.34a-b and 

5.34c-d, respectively). Referring to Fig. 5.34a, the beam-to-column connection with highly dissipative panel 

zone design is instability-free, whereas the elastic panel zone design triggers beam local buckling at lateral 

drift demands of 3-4% rad. This is attributable to the minimal participation of the panel zone to the story drift 

ratio (see Fig. 5.34b). On the other hand, the issue of repairability of structural components in the aftermath 

of earthquakes may be challenging depending on the extent of local buckling within a dissipative zone of 

steel MRF beams. Another important issue is the collapse safety of a steel MRF in a regular 

mainshock/aftershock sequence depending on the extent of inelastic local buckling within its steel beams. 
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Figure 5.34 Response comparisons of welded connections with elastic and highly dissipative panel zones: (a) 

global response of Specimen 1 protocol; (b) panel zone response of Specimen 1 protocol; (c) global response 

of Specimen 2 protocol; and (d) panel zone response of Specimen 2 protocol. 

5.6 Limitations of the present study 

In the experimental program of the present study, the beam composite action effect on the beam-to-column 

connection performance was not considered. The composite action would increase the strain demands on the 

bottom beam flange, thereby increasing the fracture potential at the beam flange-to-column face welded con-

nection (Hajjar et al. 1998; Kim and Lee 2017; Leon et al. 1998). To achieve the designed panel zone and 

beam deformation balancing, the panel zone demand shall be calculated based on the maximum probable 

moment of the composite beam. In this case, the panel zone and beam deformation objectives would be met. 

In the present study, all welds were performed based on the gas metal arc welding (GMAW) process. This 

welding process, that is similar in nature with gas-shielded flux-cored arc welding (FCAW-G), is sensitive to 

the wind speed under which the welds are performed. Under windy conditions, porosity in the welded joint 

may occur. Therefore, such welding processes are more typical for shop welds, since they are prohibited for 

wind speeds above 5km/h (AWS 2016). A more typical welding process for field welds is self-shielded flux-

cored arc welding (FCAW-S), which is found to provide decreased arc action compared to the FCAW-G. 
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The investigation of the beam-to-column connection performance with beveled backing bars under such 

welding processes should be examined in future studies. 

Referring to the utilized weld electrode, the present study utilized an electrode with diameter of 1.2 mm, 

regardless of the weld detail and weld pass. Even though this weld electrode diameter lies in the upper bound 

of available electrode diameters, the relatively tight welded joint between the beveled backing bars and the 

column face intersection was filled with the molten metal without any trace of discontinuity. Therefore, the 

proposed backing bar detail is insensitive to the electrode diameter to be utilized. 

Another issue to be stressed is the existent challenge tracing discontinuities through ultrasonic testing in 

welded joints with backing bars in presence, especially in the beam web centerline location (FEMA 2000a; 

Paret 2000b). Inspection of potential discontinuities in beam flange-to-column face joints with backing bars 

in presence, may be more uncertain compared to joints without backing bars. However, the finite element 

study of Chapter 4 showed that uncertainty in potential weld root discontinuities would not compromise the 

connection performance in this case. 

Finally, in the present study, the geometric tolerances in beam and column alignment, beam flange groove 

angles, and backing bar geometry, were respected. In reality, the backing bar groove angle may not coincide 

precisely with the groove angle of the beam flange. This issue should be considered in future work. 

5.7 Summary and conclusions 

In this chapter, the cyclic performance of a welded connection with highly dissipative panel zones and sim-

plified weld details was investigated through two full-scale cyclic experiments. The novel aspects of the ex-

plored welded connection were: (a) a beveled backing bar configuration that was intentionally kept in place 

after the completion of the top and bottom beam flange-to-column face complete joint penetration (CJP) 

welds, (b) the exploitation of the stable hysteretic response of panel zones in an effort to delay the onset of 

nonlinear geometric instabilities in the connection till a lateral drift demand of at least 5% rad, and (c) the 

utilization of a column steel material with minimum toughness requirements in the through-thickness direc-

tion so as to prevent divot fracture in the column flange. Two nominally identical welded connections were 

tested. The first one was subjected to a reversed cyclic symmetric loading protocol (AISC 2016a). The sec-

ond experiment was conducted with a near-fault loading protocol (Krawinkler et al. 2000), which was fol-

lowed by a collapse-consistent protocol (Suzuki and Lignos 2020) to benchmark the seismic performance of 

the welded connection at incipient collapse. The main findings are summarized as follows: 

• At seismic demands representative of a design-basis earthquake event (i.e., lateral drift demands of 2% 

rad), the welded connections experienced shear yielding in the panel zone and flexural yielding in the 

beams. No visual signs of structural damage were observed in the beam-to-column connections in this 

case. The panel zone shear distortions reached 4𝛾𝑦 at 2% rad, as intended. 
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• At lateral drift demands representative of a maximum-considered earthquake event (i.e., 3-4% rad), the 

panel zone shear distortions remained below 10𝛾𝑦. Panel zone kinking led to mild localized yielding in 

the column flanges near the panel zone corners. Moreover, the welded connections did not exhibit 

strength and stiffness degradation. The test results confirmed that the prequalification requirements of 

AISC (2016a) were satisfied. From a repairability standpoint, no visual structural damage was observed 

in the welded connection at the same drift amplitude, regardless of the employed loading protocol. 

• Local buckling in the steel beams became visible after 6% rad under a symmetric cyclic loading proto-

col. At the same lateral drift amplitude, the panel zones reached their targeted inelastic shear distortions 

(i.e., 15𝛾𝑦). The onset of local buckling in the steel beams did not cause in-cycle strength/stiffness dete-

rioration in the connection. Local buckling in the steel beams was further delayed in the case of non-

symmetric lateral loading history. Despite the severity of the symmetric cyclic loading history, at a lat-

eral drift ratio of 6% rad, no cracks were observed in the welded connections. 

• The experimental results suggest that the ultimate failure modes were fairly consistent in both test spec-

imens, regardless of the employed loading protocol. At 7-10% rad lateral drift demands, ductile cracks 

initiated due to ultra-low cycle fatigue at two primary locations: (a) at the column face, near the beam 

flange CJP weld root, and (b) at the shear tab end at the weld fusion. The first crack mostly controlled 

the cyclic behavior of the connections. These were able to withstand nearly 30% of the total energy dis-

sipated from the point where crack initiation occurred up until 50% loss of the load-carrying capacity of 

the connection, which occurred at lateral drift demands higher than 9% rad. 

• The beveled backing bars did not exhibit any visible sign of structural damage, even at lateral drift de-

mands exceeding 9% rad. This is attributable to the optimal bevel angle design that minimized the frac-

ture potential near the backing bar notches. Another reason is that the notch tip was kept away from the 

beam flanges. The experimental results highlighted that fillet-weld reinforcement between the backing 

bars and the column and beam flanges are not effective in the examined cases. 

• For the panel zone demand-to-resistance design ratio, 𝑅𝑛,𝑝𝑙/𝑅𝑢 = 0.8, the panel zone and the beams 

participated nearly equally to the energy dissipation of the welded connections throughout the imposed 

lateral load history. The experimental program demonstrated that, at a lateral drift amplitude of 10% rad, 

the welded connection can sustain panel zone shear distortions of nearly 30𝛾𝑦. 

• The experimental results revealed that the delay of local buckling in the beam(s) in combination with the 

stocky cross section of the column, led to minimal column twist demands. The measured out-of-plane 

deformations at the panel zone location did not exceed 2mm at lateral drift demands of 10% rad. There-

fore, the lateral bracing design requirements of AISC (2016a; b) are deemed to be satisfactory. 

• The experiments suggest that the absence of the continuity plates did not lead to accountable column 

flange local deformations due to the concentrated beam flange load. It was demonstrated that the column 

cross section with 70 mm flange thickness did not allow for column flange relative deformations higher 

than 2-4 mm at 10% rad lateral drift demands. 
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• Comparisons of the test results with simulations from continuum finite element (CFE) models showed a 

remarkable agreement up until the point of crack initiation. The delay of the onset of local buckling in 

the steel beams due to panel zone shear yielding minimizes the influence of modeling uncertainties re-

garding the proper tuning of local instability modes for triggering local buckling. While the capabilities 

of the predictive CFE model may still be impaired by the steel material uncertainty, this can be easily in-

corporated in simulation studies to benchmark the system seismic behavior of steel MRFs with highly 

dissipative panel zones. 
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6.1 Introduction 

In capacity-designed steel moment resisting frames (MRFs), the inelastic deformations in the beam-to-

column web panel zones are usually limited (AISC 2016b; CEN 2005). Instead, dissipative zones are situated 

near the beam ends and at the base of first story columns. While steel beams usually comprise seismically 

compact but slender cross sections near the current seismic compactness limits, local buckling is likely to 

occur even at modest lateral drift demands. Prior studies have shown that nonlinear geometric instabilities, 

such as local buckling, compromise a member’s flexural resistance and subsequently increase the collapse 

risk of steel MRFs during seismic events with a relatively low probability of occurrence (Elkady and Lignos 

2014; Ibarra et al. 2005). Although the annualized collapse risk of modern steel MRF buildings (Elkady and 

Lignos 2015) is within established limits of modern seismic standards (ASCE 2017), structural repairs may 

be deemed necessary depending on the extent of local buckling within a steel MRF’s dissipative zone. A 

potential way to limit structural damage near the beam ends is to allow for some participation of the beam-

to-column web panel zone joints in the inelastic response of the respective beam-to-column connections. 

However, following the 1994 Northridge and 1995 Kobe earthquakes, it was found that steel MRF connec-

tions that featured inadequate base and weld material toughness requirements had a high fracture potential 

when their panel zones exhibited inelastic shear distortions higher than 4𝛾𝑦 (FEMA 1997, 2000a) (where 𝛾𝑦 

is the panel zone shear distortion at yield). 

Recent test findings (Engelhardt et al. 2000; Lee et al. 2002; Rahiminia and Namba 2013; Ricles et al. 2000, 

2004b; Shin and Engelhardt 2013a) suggest that pre-qualified welded unreinforced flange-welded web 

(WUF-W) connections with highly inelastic panel zones (i.e., shear distortions up to 25𝛾𝑦) are not suscepti-

ble to fractures at the beam flange-to-column flange region even at lateral drift demands of 4% rads. This is 

attributed to today’s improvements in weld specifications and fabrication practices (AISC 2016c; AWS 

2010, 2016; Ricles et al. 2000). Noteworthy stating that for beam-to-column connections in multi-bay and 

space steel MRFs that feature beams with depths up to 500mm, the fracture potential is usually less than that 

in connections with deeper beams (Chi et al. 1997; El-Tawil et al. 1999; Ricles et al. 2000). 

Figure 6.1 shows the hysteretic response of pre-qualified WUF-W connections from recent experiments 

(Shin and Engelhardt 2013a) with limited (2𝛾𝑦) and high (12𝛾𝑦) inelastic panel zone shear distortion de-

signs, 𝛾𝑑. While both subassemblies featured the same cross sections, the fabrication cost in the second one 

was reduced because of the absence of doubler plates. Moreover, fabrication problems associated with weld-

ing near the k-area of steel columns are not a concern in this case. From the same figure, when inelastic de-

formations concentrate in the steel beams (see Fig. 6.1a), cyclic deterioration in flexural strength is evident at 

lateral drift demands of 3% rads. Conversely, WUF-W connections that exhibit inelastic deformations in 

their panel zones (see Fig. 6.1b) do not exhibit local instabilities prior to 5% story drift ratio (𝑆𝐷𝑅). Prior 

work (Elkady and Lignos 2014; Gupta and Krawinkler 2000b; NIST 2010) has shown that at these lateral 

deformation demands, the global stability of steel MRFs is controlled by P-Delta effects. Another aspect to 
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be considered is that panel zone yielding within fully restrained beam-to-column connections relaxes the 

column twist demands due to the beam instability in its dissipative zone. This may be a concerning issue in 

designs that feature wide flange steel columns with deep cross sections (i.e., 𝑑𝑏 > 500mm) (Ricles et al. 

2004a). 

A handful of studies highlighted that inelastic panel zones increase the lateral drift demands in steel MRFs 

by up to 30% and decrease their base shear capacity by 30% (Krawinkler and Mohasseb 1987; Liew and 

Chen 1995; Schneider and Amidi 1998). Conversely, research (Biddah and Heidebrecht 1998; Challa and 

Hall 1994) suggests that steel MRFs that exhibit some inelastic behavior in their panel zone joints enjoy a 

higher seismic collapse capacity than their elastic panel zone counterparts. Moreover, beam local buckling is 

delayed (Castro et al. 2008). However, the above studies utilized simplified modeling approaches and disre-

garded the likelihood of fracture within the beam-to-column connection attributable to panel zone kinking. 

Other studies investigated the influence of connection fractures on the seismic response of steel MRFs with 

pre-Northridge beam-to-column connections (Foutch and Yun 2002; Luco and Cornell 2000; Song and El-

lingwood 1999a; b). However, these studies did not consider explicitly the effects of the panel zone inelastic 

deformation on the seismic response of the analyzed steel MRFs. To the best of our knowledge, there has not 

been a comprehensive study to benchmark the seismic demands of steel MRFs with inelastic panel zones 

from the onset of damage to structural collapse On the other hand, there is a perception (Castro et al. 2005; 

Tsai and Popov 1990) that steel MRFs exhibiting inelastic deformations in their panel zones are susceptible 

to collapse. 

  

Figure 6.1 Hysteretic response of subassemblies with variable panel zone inelastic shear distortions: (a) 𝛾𝑑 =
2𝛾𝑦; and (b) 𝛾𝑑 = 12𝛾𝑦 [data from Shin and Engelhardt (2013a)]. 

This chapter proposes a new panel zone modeling approach that can be incorporated into system-level simu-

lations without compromising important features of the panel zone and overall beam-to-column connection 

response. The seismic demands of archetype steel buildings with MRFs are then quantified by means of non-

linear static and dynamic analyses procedures. Several design parameters are interrogated, including the steel 
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MRFs’ number of stories and bays as well as the ‘allowable’ level of panel zone inelastic distortions. The 

collapse risk of the examined steel MRFs is quantified in the context of performance-based earthquake engi-

neering. Hazard curves for global as well as local engineering demand parameters (EDPs) are developed to 

examine the influence of inelastic panel zone distortions on the seismic stability of steel MRFs at seismic 

intensities of interest to the engineering profession. 

6.2 Proposed modeling approach for beam-to-column connections with inelastic 

panel zones 

6.2.1 Behavioral insights 

Seminal studies (Krawinkler 1978) at the University of California at Berkeley in the 1970s demonstrated that 

beam-to-column web panel zone joints experience shear yielding, which is a stable damage mechanism, un-

der cyclic loading. Referring to Fig. 6.1a, the kinematics of the panel zone joint essentially imply that the top 

and bottom edges of the panel zone remain plain under lateral loading, whereas the column web and flanges 

exhibit shear and flexural modes of deformation, respectively, depending on the panel zone geometry. More-

over, the evolution of shear yielding, the cyclic hardening, and the axial-to-shear load interaction are im-

portant considerations in the overall hysteretic behavior of panel zones. Two modeling approaches are pro-

posed in the subsequent sections to preserve some of the above characteristics within a frame analysis non-

linear finite element program. Both approaches are made publicly available (https://github.com/RESSLab-

Team). 

6.2.2 Shell element modeling approach 

Figure 6.1b depicts schematically the proposed modeling approach for a typical panel zone geometry that is 

comprised of a steel beam and column with depths 𝑑𝑏 and 𝑑𝑐, respectively. Plane stress conditions are as-

sumed for the column web and flanges. These are modeled with shell elements with a thickness equal to the 

column web, 𝑡𝑐𝑤, and the column flange width, 𝑏𝑐𝑓, respectively. Α high fidelity four-node shell element is 

first developed and implemented in the Open System for Earthquake Engineering Simulation (OpenSees) 

(McKenna 1997) platform for this purpose. The developed element (so-called FourNodeQuad2D3DOF), 

which is suitable for two dimensional (2D) nonlinear analyses, considers both the translational and rotational 

degrees-of-freedom (DOFs). The proposed element employs a combined isotropic and kinematic hardening 

constitutive law within the framework of J2 plasticity (Hartloper et al. 2021). In order to satisfy the panel 

zone kinematics, rigid links are employed between the column top and bottom nodes and the panel zone top 

and bottom edge nodes, respectively (see Fig. 6.1b). These links constrain the translational and the rotational 

DOFs for this purpose. The proposed modeling approach captures the panel zone bending and shear defor-

mation modes. This is achieved by connecting the beam ends with a pin directly to the column’s rigid link 

corner nodes, without imposing any constraints to the shell element nodes of the panel zone. The beam mo-

https://github.com/RESSLab-Team
https://github.com/RESSLab-Team
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ment is transferred as a force couple, 𝑉𝑝𝑧, through beam rigid links as shown in Fig. 6.1b. The translational

and rotational DOFs are constrained for the rigid links between the beam end nodes and the bottom panel 

zone corners. Between the top panel zone corners and the beam end nodes, the translational DOF in the y 

direction is released so as the axial force passes through the panel zone shell elements. Therefore, the axial-

to-shear load interaction in the panel zone is explicitly considered. 

The proposed modeling approach is facilitated through an automatic mesh generator. This considers the input 

panel zone geometry and the desired elements per web and flange thickness. Based on a sensitivity analysis 

that was conducted as part of the present chapter, it was found that one element per flange thickness and 

eight elements per web thickness provide superior results. 

Figure 6.2 Schematic representation of panel zone modeling approaches: (a) kinematics of the panel zone 

joint [image adopted from Krawinkler (1978)]; (b) shell element model; (c) macro-model; and (d) modeling 

approach validation. 

6.2.3 Macro-model approach 

In this case, the proposed modeling approach is motivated by the parallelogram model, which was originally 

proposed by Gupta and Krawinkler (1999). This model is illustrated in Fig. 6.1c. The proposed modeling 
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approach retains simplicity and computational efficiency within a frame analysis nonlinear finite element 

program. Rigid links are assumed for the panel zone edges and pinned connections at three of the panel zone 

corners. The hysteretic behavior of the panel zone is preserved in a rotational spring, which is located at one 

of the panel zone corners as shown in Fig. 6.1c. This spring is assigned a trilinear panel zone moment, 𝑀𝑝𝑧, 

versus panel zone shear distortion, 𝛾, relationship. While the parallelogram model does not account explicitly 

for the bending deformation mode of a panel zone, this is implicitly considered based on the recently pro-

posed model by Skiadopoulos et al. (2021). In particular, the panel zone elastic stiffness, 𝐾𝑒, is computed 

based on Eqs. (6.1)-(6.3): 

𝐾𝑒 =
𝑀𝑝𝑧

𝛾
=
𝐾𝑆 ⋅ 𝐾𝑏
𝐾𝑠 + 𝐾𝑏

 (6.1) 

𝐾𝑠 =
𝐴𝑣 ⋅ 𝐺

𝑑𝑏 − 𝑡𝑏𝑓
=
𝑡𝑝𝑧 ⋅ (𝑑𝑐 − 𝑡𝑐𝑓) ⋅ 𝐺

𝑑𝑏 − 𝑡𝑏𝑓
 (6.2) 

𝐾𝑏 =
12 ⋅ 𝛦 ⋅ 𝛪𝑐
𝑑𝑏 − 𝑡𝑏𝑓

 (6.3) 

where 𝐾𝑠 and 𝐾𝑏 are the elastic stiffnesses corresponding to the shear and bending mode of deformation of 

the panel zone, respectively; 𝐴𝑣 is the panel zone shear area; 𝐺 is the shear modulus of the steel material; 𝑡𝑝𝑧 

is the panel zone thickness, including the column web and doubler plate(s) thicknesses, if any; 𝑑𝑐 is the 

depth of the column cross section; 𝑡𝑐𝑓 is the thickness of the column flange; 𝐸 is the Young’s modulus of the 

steel material; 𝐼𝑐 is the second moment of area of the column cross section (including the doubler plate 

thickness, if any) with respect to the strong axis of the column’s cross section. 

Referring to Fig. 6.1c, the moment resistance of the panel zone is defined at 𝛾𝑦, 4𝛾𝑦 and 6𝛾𝑦, according to 

Eq. (6.4) (Skiadopoulos et al. 2021): 

𝑀𝑝𝑧 =
𝑓𝑦

√3
⋅ [𝑎𝑤,𝑒𝑓𝑓 ⋅ (𝑑𝑐 − 𝑡𝑐𝑓) ⋅ 𝑡𝑐𝑤 + 𝑎𝑓,𝑒𝑓𝑓 ⋅ (𝑏𝑐𝑓 − 𝑡𝑐𝑤) ⋅ 2𝑡𝑐𝑓] ∙ (𝑑𝑏 − 𝑡𝑏𝑓) (6.4) 

where 𝑓𝑦 is the steel material yield stress; 𝑎𝑤,𝑒𝑓𝑓 and 𝑎𝑓,𝑒𝑓𝑓 are shear stress coefficients for the web and the 

flanges, respectively, that depend on the level of inelastic shear distortion within the panel zone. These coef-

ficients can be estimated according to Skiadopoulos et al. (2021). This model depicts well the contribution of 

the column flanges to the overall shear resistance of the panel zone, especially in designs that feature stocky 

column cross sections. It should be noted that, unlike the first approach, the macro-model discussed herein 

does not capture the cyclic hardening and shear-to-axial load interaction within the panel zone. 

6.2.4 Validation and comparison with system level behavior 

Figure 6.1d shows indicative comparisons between the simulated and measured panel zone moment versus 

shear distortion relationships from prior experimental work (Ricles et al. 2004b). The panel zone shear dis-
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tortion reached up to 12𝛾𝑦 in this case. The proposed shell element model provides a remarkable accuracy in

predicting the panel zone behavior, including the onset of shear yielding and the cyclic hardening. The simu-

lated response based on the macro-model is a modest representation of the experimental data. Same observa-

tions hold true for validations with a rich set of collected experimental data (Skiadopoulos and Lignos 2021), 

which are not shown herein due to brevity. 

To quantify the impact of the different panel zone modeling approaches on the structural response of steel 

MRF buildings, a four-story, three-bay steel MRF is analyzed with both modeling approaches. The evalua-

tion was conducted with nonlinear response history analysis based on the set of 44 far-field ground motions 

from FEMA P695 (NIST 2010). The plan view and the modeling assumptions of prior studies (Elkady and 

Lignos 2014, 2015; NIST 2010) are employed for WUF-W connections. In this case, 𝛾𝑑 = 10𝛾𝑦 is consid-

ered. Figure 6.3 depicts the median values of the peak 𝑆𝐷𝑅 and of the peak normalized panel zone distor-

tions, 𝛾/𝛾𝑦 along the steel MRF height. The 16th and 84th percentiles are also superimposed in the same

graph. Both panel zone modeling approaches lead to nearly identical distributions for the above mentioned 

EDPs of interest. Similar observations hold true for the beam and column responses, the absolute floor accel-

erations and the residual 𝑆𝐷𝑅 distributions along the steel MRF height. Therefore, to expedite the nonlinear 

analyses, which are discussed in the subsequent sections, the macro-model approach is adopted. 

Figure 6.3 Panel zone shell element model versus macro-model for the DBE-scaled FEMA P695 far-field 

ground motion set: (a) peak story drift ratio distributions; and (b) peak 𝛾/𝛾𝑦 distributions.

6.2.5 Modeling of beam flange fracture 

In this section, a methodology is formulated to consider the fracture potential in WUF-W beam-to-column 

connections with highly inelastic panel zone joints. The model updating technique of OpenSees (McKenna 

1997) is utilized for this purpose. Figure 6.4 shows a schematic illustration of the adopted workflow. In brief, 

at each analysis time step, 𝑘, the 𝑆𝐷𝑅𝑖𝑘, at floor 𝑖 and the normalized shear distortion, 𝛾𝑖𝑗𝑘/𝛾𝑦,𝑖𝑗, for each

panel zone 𝑖𝑗 are computed. For the given 𝑆𝐷𝑅𝑖𝑘 and 𝛾𝑖𝑗𝑘/𝛾𝑦,𝑖𝑗, the probability of fracture 𝑃𝑖𝑗𝑘 is computed
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for adjoining steel beams with their bottom flange in tension (denoted as Beam ij in Fig. 6.4). It is assumed 

that beam fracture is evident at this location, because the top flange is considered to be restrained by the con-

crete slab of the floor system. The computed 𝑃𝑖𝑗𝑘 is based on bivariate log-normal distributions for WUF-W

post-Northridge connections (Skiadopoulos and Lignos 2021) with input predictor variables the 𝑆𝐷𝑅𝑖𝑘 and

𝛾𝑖𝑗𝑘/𝛾𝑦,𝑖𝑗 as shown in Fig. 6.4. To claim fracture in Beam 𝑖𝑗 at time 𝑘, the 𝑃𝑖𝑗𝑘 should be greater or equal to

a targeted threshold, 𝑃𝑚𝑎𝑥. In this case, model updating is applied at the rotational zero-length element that

represents the response of the Beam 𝑖𝑗 end. The flexural resistance of the steel beam is set equal to zero at 

this step, 𝑘, as shown in Fig. 6.4. This is consistent with prior experimental work (Engelhardt et al. 2000; 

Ricles et al. 2000, 2004b; Shin and Engelhardt 2013a). 

A sensitivity analysis was conducted to determine the influence of the assumed 𝑃𝑚𝑎𝑥 value to the steel

MRF’s seismic response. Three threshold values were explored, for 𝑃𝑚𝑎𝑥 = [25, 50, 100]%. For all EDPs of

interest, at DBE, the simulations confirmed that there were no connection fractures regardless of the 𝑃𝑚𝑎𝑥

value. At MCE, only the 𝑃𝑚𝑎𝑥 = 25% showed beam end fractures in the steel MRFs with highly inelastic

panel zones (i.e., 𝛾𝑑 = 15𝛾𝑦). However, these fractures do not practically affect any of the local and global

EDPs of interest. In the subsequent nonlinear building simulations, 𝑃𝑚𝑎𝑥 = 50% is conservatively assumed.

Figure 6.4 Schematic illustration of workflow for modeling of beam flange fracture during nonlinear re-

sponse history analysis. 

6.3 Archetype steel buildings 

Thirty-two archetype steel office buildings are designed according to AISC (2016b; c; a); ASCE (2017). The 

design location is assumed to be in urban California (coordinates: 33.996°N, -118.162°W). A soil class D 

and risk category II are assumed as per ASCE/SEI 7-16 (ASCE 2017). The steel buildings consist of two 

perimeter steel MRFs, two orthogonal concentrically braced frames (CBFs), and a gravity frame system as 

shown in Fig. 6.5a. Four-, eight-, 12- and 20-story steel buildings are considered. The steel MRFs in the 

East-West loading direction have either three or five bays as shown in Fig. 6.5b and are designed as steel 

special moment frames. The typical story height is 4m in all examined cases. The first story height is 4.3m 

for the four-story steel MRF. The rest of the steel MRFs have a first story height of 4.2m. Beams and col-
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umns are made of A992, Gr. 50 (i.e., nominal yield stress, 𝑓𝑦 = 345𝑀𝑃𝑎) with a 100mm thick slab that rests 

on a 90mm thick steel deck. Pre-qualified WUF-W beam-to-column connections (AISC 2016c) are consid-

ered. Four steel MRF designs are conducted. The beam-to-column web panel zones are designed with the 

following targeted panel zone distortions, 𝛾𝑑 = [1, 4, 10, 15]𝛾𝑦. The first two values comply with AISC 360-

16 (AISC 2016b), whereas the last two design variations do not. The panel zone shear resistance, 𝑅𝑛 (AISC 

2016b), over the panel zone shear demand, 𝑅𝑢 (AISC 2016a), values are reported in Table 6.1 for all the 

designs. Column splices are positioned at the mid-height of every other story. 

 

Figure 6.5 Three- and five-bay, four-story steel buildings: (a) typical plan views; and (b) elevation views of 

the analyzed MRFs. 

The archetype steel buildings are designed based on response spectrum analysis. The first mode periods, 𝑇1, 

of the buildings in the East-West direction are also summarized in Table 6.1 for comparison purposes. For 

the same structural height, the first mode period is fairly similar between buildings regardless of the targeted 

panel zone strength and the number of bays. This is attributed to the fact that the steel MRFs are drift-

controlled. Referring to the same table, the range of the strong-column/weak-beam (SCWB) ratios is fairly 

similar between designs. The panel zone contribution to the MRF lateral deformations is considered as part 

of the design process. In steel MRF designs where panel zones were designed to attain 10 or 15𝛾𝑦, doubler 

plates were either not deemed to be necessary or they featured thicknesses up to 13mm. The above reduce 

the anticipated fabrication costs due to weld savings. A summary of the complete designs of the 32 MRFs 

presented herein are made publicly available from https://www.doi.org/10.5281/zenodo.5962407. 
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Table 6.1 Archetype steel MRF first mode periods and global performance factors. 

  𝛾𝑑 𝑅𝑛/𝑅𝑢 𝑇1 (s) SCWB ratio 𝛺 𝜇𝑇 𝜇𝑆𝛼𝐶 𝜎ln𝑆𝑎𝐶  

4-story 

3-bay 

𝛾𝑦 1.25 1.28 

1.4-2.2 

2.30 3.98 1.65 0.42 

4𝛾𝑦 1.03 1.29 2.28 4.21 1.70 0.42 

10𝛾𝑦 0.82 1.31 2.21 4.85 1.67 0.39 

15𝛾𝑦 0.79 1.32 2.17 5.23 1.78 0.37 

5-bay 

𝛾𝑦 1.26 1.28 

1.4-2.0 

2.60 3.70 1.55 0.37 

4𝛾𝑦 1.04 1.29 2.58 3.89 1.64 0.41 

10𝛾𝑦 0.85 1.31 2.52 4.34 1.74 0.36 

15𝛾𝑦 0.75 1.32 2.45 4.86 1.89 0.35 

8-story 

3-bay 

𝛾𝑦 1.22 2.04 

1.2-2.3 

2.56 3.35 0.96 0.36 

4𝛾𝑦 1.00 2.08 2.52 3.57 0.99 0.35 

10𝛾𝑦 0.85 2.11 2.45 4.08 1.04 0.34 

15𝛾𝑦 0.77 2.13 2.39 4.50 1.09 0.33 

5-bay 

𝛾𝑦 1.23 2.06 

1.1-2.2 

2.77 3.03 0.96 0.36 

4𝛾𝑦 0.98 2.09 2.73 3.18 0.99 0.35 

10𝛾𝑦 0.84 2.12 2.65 3.53 1.04 0.34 

15𝛾𝑦 0.74 2.14 2.59 3.83 1.09 0.33 

12-story 

3-bay 

𝛾𝑦 1.23 2.41 

1.1-2.1 

3.46 2.92 0.93 0.36 

4𝛾𝑦 0.97 2.45 3.41 3.06 0.91 0.35 

10𝛾𝑦 0.81 2.49 3.34 3.35 1.00 0.35 

15𝛾𝑦 0.75 2.50 3.27 3.64 1.04 0.34 

5-bay 

𝛾𝑦 1.21 2.47 

1.1-2.7 

3.68 2.69 0.92 0.37 

4𝛾𝑦 0.99 2.51 3.61 2.90 0.91 0.35 

10𝛾𝑦 0.84 2.55 3.48 3.45 0.99 0.35 

15𝛾𝑦 0.76 2.57 3.37 3.87 1.03 0.34 

20-story 

3-bay 

𝛾𝑦 1.24 3.91 

1.1-2.1 

2.98 1.57 0.50 0.32 

4𝛾𝑦 0.99 3.95 2.94 1.63 0.52 0.32 

10𝛾𝑦 0.83 3.98 2.89 1.73 0.52 0.31 

15𝛾𝑦 0.74 4.00 2.81 1.91 0.51 0.31 

5-bay 

𝛾𝑦 1.23 3.86 

1.1-2.2 

3.16 1.65 0.50 0.32 

4𝛾𝑦 0.97 3.91 3.09 1.75 0.52 0.32 

10𝛾𝑦 0.85 3.94 3.01 1.91 0.52 0.31 

15𝛾𝑦 0.75 3.97 2.92 2.14 0.51 0.31 

6.4 Nonlinear building models 

Two-dimensional models of the steel buildings are developed in OpenSees (McKenna 1997). The steel 

members of the perimeter steel MRFs shown in Fig. 6.5b are idealized with elastic beam-column elements 

and concentrated plasticity elements at their ends. The modified Ibarra-Medina-Krawinkler deterioration 

model (Ibarra et al. 2005) is considered to model cyclic deterioration in flexural strength and stiffness of the 

respective steel beams and columns. For this purpose, the modeling recommendations by Lignos and 

Krawinkler (2011) and Lignos et al. (2019) are employed, respectively. The panel zones are modeled as ex-

plained in Chapter 6.2 based on the macro-model approach. 



Chapter 6: Seismic demands of steel moment resisting frames with inelastic beam-to-column web panel zones 

161 

The nonlinear geometric effects are explicitly considered during the nonlinear analyses of the considered 

models with the P-Delta geometric transformation. The destabilizing effects of the gravity load are consid-

ered through a leaning column, which is connected to the steel MRF through axially rigid links. The axial 

load assigned to the leaning column equals half the gravity load, excluding that assigned directly to the steel 

MRF columns based on their tributary area. Two percent damping ratio is assigned at the first and third 

modes of the steel MRFs. Viscous damping is considered with the Rayleigh model based on the procedures 

discussed in Zareian and Medina (2010). While prior studies (Elkady and Lignos 2015; Flores et al. 2014; 

Gupta and Krawinkler 1999) have emphasized on the beneficial effects of the gravity framing system on the 

seismic stability of steel frame buildings, herein, the lateral stiffness and strength of the gravity framing sys-

tem is, conservatively, neglected. While the prototype frames in this study are designed by disregarding the 

composition action, this may be considered according to prior related studies (El Jisr et al. 2022; Elkady and 

Lignos 2014). 

6.5 Nonlinear static analysis 

Nonlinear static analysis (referred to as pushover analysis hereinafter) based on a first mode lateral load pat-

tern of each steel MRF is conducted to quantify the effect of the targeted panel zone distortions, 𝛾𝑑, on the 

static overstrength factor, 𝛺, and the period-based ductility factor, 𝜇𝑇. These parameters, which are shown in 

Fig. 6.6a for the four-story, three-bay steel MRFs, are defined according to FEMA P-695 (NIST 2010). In 

this figure, the base shear, 𝑉, is normalized with respect to the seismic weight, 𝑊; the roof drift ratio, 𝛿𝑟/𝐻, 

is computed based on the roof displacement, 𝛿𝑟 , over the total height, 𝐻, of the steel building. Superimposed 

in the same figure is the normalized design base shear, 𝑉𝑑/𝑊, which is identical in all design cases shown in 

the figure. The results suggest that the elastic stiffness and the base shear capacity (noted as 𝑉𝑚𝑎𝑥 in Fig. 

6.6a) are nearly the same in all cases. 

Referring to Fig. 6.6a, the static overstrength, 𝛺, and the period-based ductility, 𝜇𝑇, are summarized in Table 

6.1 for all the examined MRFs. The variation of both parameters between the three- and the five-bay MRFs 

is insignificant. Except for a few MRF designs, 𝛺 appears to be lower than the minimum overstrength factor 

for special moment frames, i.e., 𝛺𝑑 = 3, as specified in ASCE/SEI 7-16 (ASCE 2017). However, this is be-

cause the stabilizing effects of the gravity framing system have been neglected (Elkady and Lignos 2015). 

Interestingly, Table 6.1 suggests that 𝛺 is practically not influenced by the targeted panel zone shear distor-

tion designs. The 𝜇𝑇 generally decreases while the structural height increases. In taller MRFs, their primary 

collapse mechanism involves lesser stories due to the shear mode of deformation. Moreover, the 𝜇𝑇 of steel 

MRFs increases by 20 to 30% when their panel zone design intentionally exceeds the current seismic design 

requirements (i.e., 𝛾𝑑 ≤ 4𝛾𝑦) due to the delay of the onset of local buckling in beam ends. 

Figure 6.6b shows the normalized floor displacements along the building heights for the 4-story steel MRF 

designs. The floor displacements, 𝛿𝑖, are normalized with respect to the building heights, 𝐻. The results sug-
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gest that the collapse mechanisms of the employed designs are not sensitive to the targeted panel zone shear 

distortions even at roof drift ratios of 6% rads. Figure 6.6c depicts the maximum (among all bays) plastic 

rotations, 𝜃𝑝𝑙., of the first story columns at the base and at the floor beams along the building height at a roof 

drift ratio of 3% rads. In the same figure, we have superimposed the pre-capping plastic rotations, 𝜃𝑝, of the 

same members according to Lignos et al. (2019); Lignos and Krawinkler (2011). These values indicate the 

onset of local buckling within the dissipative zone of the respective member(s). Interestingly, in steel MRF 

designs with 𝛾𝑑 ≥ 10𝛾𝑦, although flexural yielding occurs in the steel beam ends, these do not experience 

local buckling. Conversely, designs with 𝛾𝑑 ≤ 4𝛾𝑦 experience local buckling within the dissipative zones of 

steel beams, particularly in the first two stories of the steel MRF. This comparison demonstrates the value of 

balancing the panel zone strength with respect to that of the adjoining steel beam(s). 

  

  

Figure 6.6 Pushover analysis results for the four-story, three-bay MRF: (a) normalized base shear versus roof 

drift ratio; (b) normalized floor displacement distributions; (c) plastic rotation distributions; and (d) 𝛾/𝛾𝑦 dis-

tributions. 

Figure 6.6d depicts the normalized panel zone shear distortions, 𝛾/𝛾𝑦, along the building height at a targeted 

roof drift ratio of 3% rads, i.e., characteristic of an MCE with a 2% probability of exceedance over a 50-year 

building life expectancy. It is observed that for the designs with 𝛾𝑑 ≤ 4𝛾𝑦, the panel zones reach the targeted 

distortion, since beams reach their capping moment at the targeted roof drift ratio. Conversely, in designs 

T

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where 𝛾𝑑 ≥ 10𝛾𝑦, the targeted inelastic shear distortions are not attained. This explains the increased 𝜇𝛵 

values in the latter case. Same findings hold true for the rest of the designs but the results are not shown 

herein due to brevity. 

Observations from nonlinear static analyses suggest that when inelastic deformations are more balanced be-

tween the steel beams and the beam-to-column web panel zone, local buckling is not pronounced even at 

lateral drifts associated with an MCE, thereby minimizing the need for structural repairs in the aftermath of 

earthquakes. Due to well-known limitations of pushover analysis (Krawinkler and Seneviratna 1998), non-

linear response history analyses are carried out in the subsequent section for quantifying both local and glob-

al EDPs of interest for all the examined steel MRFs. 

6.6 Nonlinear response history analysis 

6.6.1 Collapse risk evaluation 

This section summarizes the effect of the targeted panel zone inelastic shear distortions on the collapse risk 

of the examined steel MRFs. Incremental dynamic analysis (IDA) (Vamvatsikos and Cornell 2002) is con-

ducted for the set of 44 far-field ground motions of FEMA-P695 (NIST 2010). For a given ground motion, 

its seismic intensity is scaled till a single story or a number of stories displaces laterally by more than 15% 

rads and the corresponding story shear resistance becomes zero. This definition of sidesway collapse is con-

sistent with measurements from shake table collapse experiments on steel MRFs (Lignos et al. 2011). The 

adopted intensity measure (IM) for the ground motion scaling is the first mode, 5% damped spectral acceler-

ation, 𝑆𝑎(𝑇1, 5%). Although more efficient and sufficient IMs exist (Eads et al. 2015), at this time, the lack 

of available seismic hazard curves as a function of these IMs hinders their adaptation in the present study. 

The seismic hazard curves of the 4-, 8-, 12-, and 20-story, three-bay steel MRFs at the design location are 

shown in Fig. 6.7. These are adopted from the United States Geological Survey (USGS) online tool (USGS 

2014). 

 

Figure 6.7 Seismic hazard curves for the three-bay moment resisting frames. 
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Figure 6.8a shows representative IDA curves for the three-bay, four-story steel MRF with 𝛾𝑑 = 10𝛾𝑦. The 

median, the 16th and 84th percentiles of the IDA curves are superimposed for reference based on counted 

statistics. The peak 𝑆𝐷𝑅 at which structural collapse occurs ranges from 6 to 11% rads. Figure 6.8b shows 

the IDA curves with respect to the peak 𝛾/𝛾𝑦 along the height of the steel MRF. The results suggest that 

when 𝑆𝑎(𝑇1, 5%) is larger than 1.2g (i.e., at MCE), the peak panel zone inelastic shear distortions are capped 

at about 10𝛾𝑦. This is because the adjacent steel beams attain their capping moment at the same lateral drift 

demands, as intended. From the same figure, the peak 𝛾 ranges between 8𝛾𝑦 and 14𝛾𝑦. 

  

Figure 6.8 IDA curves for the three-bay, four-story steel MRF with 𝛾𝑑 = 10𝛾𝑦: (a) 𝑆𝑎(𝑇1, 5%) versus peak 

story drift ratio; and (b) 𝑆𝑎(𝑇1, 5%) versus peak 𝛾/𝛾𝑦. 

Figures 6.9a-b compare the fitted log-normal collapse fragility curves of the 𝛾𝑑 = 𝛾𝑦 and 𝛾𝑑 = 10𝛾𝑦 design 

cases for the 4-story, three- and five-bay steel MRFs. In the collapse fragility computations, spectral shape 

effects that were disregarded from the ground motion selection are considered through an adjustment of epsi-

lon as per Haselton et al. (2011). Noteworthy stating that the median collapse intensity of all steel MRFs 

with inelastic panel zone designs is almost 10-20% higher than that of their elastic panel zone design coun-

terparts. Because all designs are drift-controlled, the collapse fragility curves are not practically affected by 

the number of the steel MRF bays. Similar trends hold true for the rest of the MRF designs. This can also be 

seen in Table 6.1 from the tabulated median, 𝜇𝑆𝑎,𝐶 and the logarithmic standard deviation, 𝜎𝑙𝑛𝑆𝑎,𝐶, of the 

collapse intensities of the respective steel MRFs. Interestingly, the 𝜎𝑙𝑛𝑆𝑎,𝐶 values for the examined steel 

MRFs are not practically influenced by the extent of the panel zone inelastic shear distortion. The seismic 

collapse risk of the steel MRFs is evaluated by computing the mean annual frequency of collapse, 𝜆𝑐. To 

compute 𝜆𝑐, the collapse fragility curves of the steel MRFs are numerically integrated over the seismic haz-

ard curve that corresponds to the design location (Zareian et al. 2009), as per Eq. (6.5). For a given intensity, 

𝑖𝑚, the probability of collapse, 𝑃(𝐶|𝑖𝑚), is computed based on the empirical cumulative probability distri-

bution. The term 𝑑𝜆(𝑖𝑚)/𝑑(𝑖𝑚) is then computed from the slope of the hazard curve at the given 𝑖𝑚, while 

𝑑(𝑖𝑚) is the increment over which the numerical integration is applied as per Eads et al. (2013). By assum-
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ing that earthquakes follow a Poisson distribution, the probability of collapse over 50 years, 𝑃𝑐  (50 𝑦𝑒𝑎𝑟𝑠) is 

then computed in Figs 6.9c-d for the three- and five-bay steel MRF, respectively. 

𝜆𝑐 = ∫ 𝑃(𝐶|𝑖𝑚) ∙ |
𝑑𝜆(𝑖𝑚)

𝑑(𝑖𝑚)
| ∙ 𝑑(𝑖𝑚)

∞

0

 (6.5) 

The results suggest that the earthquake-induced collapse risk is practically not influenced by the number of 

the steel MRF bays. This is attributed to the fact that the steel MRF designs are drift-controlled as discussed 

earlier; hence P-Delta effects dominate their seismic stability (Christoph et al. 2004; NIST 2010). The col-

lapse risk tends to decrease while the number of stories increases because the seismic hazard is typically 

lower for long-period structures (see Fig. 6.7). The 1% limit of the probability of collapse over 50 years of 

ASCE/SEI 7-16 (ASCE 2017) is superimposed for reference in Figs. 6.9c-d. While steel MRFs with elastic 

panel zone designs do not respect the above limit, it should be stressed that the stabilizing effects of the grav-

ity framing have been neglected in the collapse simulations (Elkady and Lignos 2015). 

  

  

Figure 6.9 Collapse fragility curves for the four-story steel MRFs: (a) three-bay steel MRFs; and (b) five-bay 

steel MRFs. Probabilities of collapse in 50 years and mean annual frequency of collapse for the four-story 

steel MRFs: (c) three-bay steel MRFs; and (d) five-bay steel MRFs. 

Interestingly, steel MRFs with panel zones attaining 10 − 15𝛾𝑦 have smaller or equal collapse risk with 

code-compliant steel MRFs. For instance, for the four-story, three-bay steel MRF, the collapse risk decreases 
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by more than 30% when panel zones are designed to attain 15𝛾𝑦 contrary to the design with 𝛾𝑑 = 𝛾𝑦. More-

over, the findings suggest that steel MRFs exhibiting inelastic panel zone deformations are not necessarily 

prone to soft story collapse mechanisms. This is further substantiated in Fig. 6.10 that shows the median 

peak 𝑆𝐷𝑅s along the steel MRF heights at the last stable point of each IDA curve for the three-bay steel 

MRFs. The peak 𝑆𝐷𝑅 distributions along the building heights are nearly the same regardless of the targeted 

panel zone inelastic shear distortion. 

 

Figure 6.10 Peak story drift ratio distributions near collapse for the three-bay MRFs: (a) 4-story; (b) 8-story; 

(c) 12-story; and (d) 20-story. 

6.6.2 Seismic demands at discrete seismic intensities of interest 

This section quantifies the seismic demands of the examined steel MRFs at two seismic intensities of inter-

est, namely DBE and MCE. The focus is on global EDPs, such as the peak 𝑆𝐷𝑅𝑠 and the residual 𝑆𝐷𝑅𝑠 

along the steel MRF heights. Moreover, of interest are local EDPs, such as the peak panel zone inelastic 

shear distortions, the peak plastic rotations of the steel beams as well as the number of potential beam bottom 

flange fractures. Among other reasons, the above EDPs are strongly related to structural repairs in steel 

MRFs in the aftermath of earthquakes. 

Figure 6.11 shows comparisons of the EDPs of interest between the 𝛾𝑑 = 𝛾𝑦 and the 𝛾𝑑 = 10𝛾𝑦 cases. The 

median and the 84th percentiles of the four-story, three-bay MRFs are shown for reference. The peak 𝑆𝐷𝑅 

demands are somewhat reduced in cases where steel MRFs are designed with highly inelastic panel zones 

(i.e., 𝛾𝑑 = 10𝛾𝑦) relative to their elastic panel zone counterparts. These reductions are more pronounced at 

MCE (see Figs 6.11a and 6.11e). 

Figures 6.11b and 6.11f suggest that the residual 𝑆𝐷𝑅𝑠 are reduced by 50-100% in steel MRFs with inelastic 

panel zones compared to those in their elastic panel zone counterparts. Prior studies (Elkady et al. 2020; 

Hwang and Lignos 2017; Ramirez and Miranda 2012) have highlighted the impact of residual 𝑆𝐷𝑅 on eco-

nomic losses of MRF buildings due to demolition. Noteworthy stating that at DBE, steel MRF designs with 

𝛾𝑑 = 10𝛾𝑦 do not exhibit residual 𝑆𝐷𝑅 values of more than 0.4% rads, on average, contrary to 0.6% rads for 

the designs with 𝛾𝑑 = 𝛾𝑦. At MCE, the same designs attain, on average, about 0.8% and 1.2% residual 
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𝑆𝐷𝑅𝑠, respectively. Interestingly, the 84th percentile of the analyzed cases at MCE suggests that the residual 

𝑆𝐷𝑅 is 2% or less along the steel MRF height when panel zones are designed to exhibit inelastic shear dis-

tortions of 10𝛾𝑦. Conversely, steel MRFs with elastic panel zones are likely to experience a residual 𝑆𝐷𝑅 in 

the order of 4% at an MCE. While in both cases building demolition is likely, in the latter the likelihood of 

structural collapse is high in a typical mainshock-aftershock seismic event series (Li et al. 2014; Shokrabadi 

et al. 2018). The general consensus from the above findings is that leveraging the beneficial stable hysteretic 

behavior of beam-to-column web panel zones greatly reduces the anticipated residual 𝑆𝐷𝑅𝑠 in steel MRFs 

after a low probability-of-occurrence earthquake. This is further substantiated from the local EDP responses 

of the examined steel MRFs. 

 

Figure 6.11 Effect of targeted panel zone distortion on engineering demand parameters of interest for the 

four-story, three-bay MRF [top figures (a)-(d) refer to DBE and bottom figures (e)-(h) refer to MCE]. 

Figures 6.11c and 6.11g suggest that in steel MRFs with 𝛾𝑑 = 10𝛾𝑦, the panel zones contribute 5 to 15 times 

more to the 𝑆𝐷𝑅 for the DBE and the MCE, respectively, compared to steel MRFs with elastic panel zones. 

Steel MRF panel zones designed with 𝛾𝑑 = 10−15𝛾𝑦 do not experience, on average, more than 6 − 9𝛾𝑦, 

respectively. This suggests that fracture due to kinking is highly unlikely (El Jisr et al. 2019; Skiadopoulos 

and Lignos 2021), given that the fabrication of beam-to-column connections follows the current practice 

(AISC 2016b; c; a; AWS 2010, 2016). 

Figures 6.11d and 6.11h depict the median and 84th percentiles of the peak plastic rotation demands along the 

height of the steel MRFs with elastic and inelastic panel zones at DBE and MCE, respectively. Superim-

posed in the same figures are the rotation demands at which the onset of local buckling at the beam ends is 

anticipated. The results suggest that steel MRFs designed with elastic panel zones are likely to experience 

local buckling at their beam ends even at modest lateral drift demands associated with DBE seismic events. 
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Conversely, steel MRFs with a balanced beam-to-column connection design are only expected to experience 

flexural yielding at their beam ends even at an MCE seismic event, thereby minimizing the likelihood of 

structural repairs for the same intensity. However, one aspect to be evaluated is the likelihood of fractures at 

the bottom flanges of steel beams due to panel zone kinking (Krawinkler 1978). 

At DBE seismic intensities, the simulation results confirm that none of the steel MRFs experienced beam 

fractures regardless of the targeted panel zone inelastic shear distortion demands and the associated number 

of steel MRF bays. Therefore, our focus hereinafter is at seismic intensities associated with a 2% probability 

of exceedance earthquakes. Naturally, steel MRFs with a lesser number of bays feature deeper beams to 

achieve the targeted lateral drift requirements by current seismic standards. It is generally known that beam-

to-column connections featuring deep beams (i.e., depths larger than 500mm) are more prone to beam flange 

fractures (El-Tawil et al. 1999; Ricles et al. 2000). Figure 6.12 shows the likelihood of having one or more 

beam end fractures per MRF (noted as “fractures” hereinafter) for variable degrees of inelasticity in the panel 

zone joints (see Fig. 6.12a) and MRF heights (see Fig. 6.12b). Figure 6.12a underscores that for the MCE, no 

beam fractures are anticipated for panel zone designs that respect the current specifications (AISC 2016b). 

For highly inelastic panel zone designs, the chance of getting up to four fractures is less than 20% for the 

four-story steel MRF. On the other hand, Fig. 6.11h suggests that at least half of the steel beams of the MRF 

with elastic panel zone designs will experience local buckling within their dissipative zones. Similar observa-

tions hold true for the 8- and the 12-story MRFs (see Fig. 6.12b). From the same figure, taller steel MRFs 

experience significantly less beam fractures compared to the low-rise ones. 

  

Figure 6.12 Exceedance functions for the number of beam end fractures per MRF at MCE: (a) four-story, 

three-bay MRFs with varying 𝛾𝑑; and (b) three-bay MRFs with 𝛾𝑑 = 10𝛾𝑦 and variable number of stories. 

6.6.3 Engineering demand parameter hazard curves 

To further explore the potential benefits of panel zone shear yielding on the seismic response of steel MRFs, 

in this section, global and local EDP hazard curves are developed within the methodological framework of 

Performance-based Earthquake Engineering (FEMA 2012). The EDP hazard curves are computed according 

to Eq. (6.6). To compute the annual rate of exceeding a certain EDP value, 𝐸𝐷𝑃𝑖, the 𝐸𝐷𝑃𝑖 fragility curves 
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are numerically integrated over the hazard curve at 𝑑𝜆(𝑖𝑚) increments. The 𝐸𝐷𝑃𝑖 fragility curves are then 

developed according to Eq. (6.7): 

𝜆𝐸𝐷𝑃(𝐸𝐷𝑃𝑖) = ∫ 𝑃[𝐸𝐷𝑃 > 𝐸𝐷𝑃𝑖|𝑖𝑚] ∙ |𝑑𝜆(𝑖𝑚)|
∞

0

 (6.6) 

𝑃[𝐸𝐷𝑃 > 𝐸𝐷𝑃𝑖|𝑖𝑚] = {
𝑃[𝐸𝐷𝑃 > 𝐸𝐷𝑃𝑖|𝑁𝐶, 𝑖𝑚] ∙ (1 −  𝑃[𝐶|𝑖𝑚]) + 𝑃[𝐶|𝑖𝑚] (𝑎)

∑[𝐸𝐷𝑃 > 𝐸𝐷𝑃𝑖|𝑖𝑚]/𝑁𝑟_𝐺𝑀𝑠 (𝑏)
 (6.7) 

where 𝑃[𝐸𝐷𝑃 > 𝐸𝐷𝑃𝑖|𝑁𝐶, 𝑖𝑚] is the probability of exceeding 𝐸𝐷𝑃𝑖 given no collapse at a targeted 𝑖𝑚, 

which is calculated by assuming the empirical cumulative distribution; and 𝑁𝑟_𝐺𝑀𝑠 is the number of con-

sidered ground motions. 

Equation (6.7)a assumes that the probability of exceeding 𝐸𝐷𝑃𝑖 at collapse equals one, meaning 𝑃[𝐸𝐷𝑃 >

𝐸𝐷𝑃𝑖|𝐶, 𝑖𝑚] = 1. This assumption holds true for EDPs that reach ‘infinite’ values when a steel MRF col-

lapses. However, this is not the case for other EDPs, such as the absolute accelerations that saturate once 

steel MRFs exhibit inelastic behavior. The same holds true for the peak 𝛾/𝛾𝑦 EDP (see Figs. 6.8b and 6.13); 

hence in these cases, Eq. (6.7)b is utilized. This is illustrated in Fig. 6.13b, where the number of ground mo-

tions that lead to peak 𝛾/𝛾𝑦 higher than (peak 𝛾/𝛾𝑦)𝑖 are divided by the total number of ground motions for 

each 𝑖𝑚. 

  

Figure 6.13 (a) Peak 𝛾/𝛾𝑦 for the most critical panel zone along the building height for the four-story, 3-bay, 

MRF with 𝛾𝑑 = 10𝛾𝑦; and (b) distribution of peak 𝛾/𝛾𝑦 for selected seismic intensities. 

Figure 6.14 shows the computed EDP hazard curves of the four-story, three-bay steel MRFs. The EDPs of 

interest are the residual 𝑆𝐷𝑅𝑠 (see Fig. 6.14a), the peak 𝛾/𝛾𝑦 (see Fig. 6.14b), the number of beam end frac-

tures (see Fig. 6.14c) and the number of beam end local buckles (see Fig. 6.14d) per steel MRF. The mean 

annual frequency of the DBE, 𝜆𝐷𝐵𝐸, and that of the MCE, 𝜆𝑀𝐶𝐸, are superimposed as a reference in these 

figures based on a 475year and 2475year return periods, respectively. Referring to Fig. 6.14a, steel MRF 

designs with panel zones achieving 10𝛾𝑦 to 15𝛾𝑦 experience at least 50% less residual 𝑆𝐷𝑅 than their code-

( )Peak / y i
 
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compliant counterparts. Figure 6.14b suggests that, at DBE, steel MRFs reach the anticipated 𝛾𝑑 only when 

elastic panel zones are employed. Conversely, steel MRF designs with inelastic panel zones do not generally 

exceed inelastic distortions of more than 7 − 8𝛾𝑦. The improved seismic performance of MRFs designed 

with panel zones reaching 10 − 15𝛾𝑦 is highlighted in the above discussion. For panel zone design targets of 

10𝛾𝑦, even when the beam-to-column relative expected strength is not as anticipated due to the material var-

iability of the adjoining steel members, the structural performance is not impaired. Therefore, some variabil-

ity in the steel material properties of the respective members is not considered to be detrimental to the overall 

beam-to-column connection performance under seismic loading. 

At this level of inelastic shear distortions there are no documented fractures in prequalified beam-to-column 

connections (Skiadopoulos and Lignos 2021), as highlighted in Fig. 6.14c. At MCE, panel zones reach dis-

tortions close to their design targets. In this case, up to two beam bottom flange fractures per MRF may be 

expected. Noteworthy stating that at DBE, steel MRF designs with 𝛾𝑑 = 𝛾𝑦 lead to local buckles within the 

beam ends, whereas this is not the case for steel MRF designs with inelastic panel zones. At MCE, the num-

ber of beam end local buckles is nearly half when steel MRF panel zones feature 𝛾𝑑 = 15𝛾𝑦 designs com-

pared to those for steel MRFs with 𝛾𝑑 = 𝛾𝑦. 

  

  

Figure 6.14 Hazard curves for engineering demand parameters of interest for the four-story, three-bay MRFs: 

(a) residual story drift ratio; (b) peak 𝛾/𝛾𝑦; (c) beam end fractures per MRF; and (d) beam local buckles per 

MRF. 
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Figure 6.15 Expected global and local engineering demand parameters at DBE for the three-bay MRFs: (a) 

residual story drift ratio; (b) peak 𝛾/𝛾𝑦; and (c) beam local buckles per MRF. 

  

Figure 6.16 Expected number of beam end fractures per MRF at MCE: (a) three-bay; and (b) five-bay. 

Figure 6.15 summarizes expected global and local EDPs of interest at DBE for the three-bay MRFs, as ex-

tracted from the developed EDP hazard curves. The results suggest that residual 𝑆𝐷𝑅𝑠 decrease in steel 

MRFs with inelastic panel zones regardless of the steel MRF height (see Fig. 6.15a). For instance, in steel 

MRF designs with 𝛾𝑑 = 10 − 15𝛾𝑦, there is at least a 50% reduction in residual 𝑆𝐷𝑅𝑠 compared to their 

counterparts with 𝛾𝑑 ≤ 4𝛾𝑦. According to Fig. 6.15b, code-compliant panel zone designs (i.e., 𝛾𝑑 ≤ 4𝛾𝑦) are 

likely to achieve 𝛾𝑑 at DBE. However, steel MRFs with panel zones designed to attain 𝛾𝑑 = 10 − 15𝛾𝑦 

reach distortions of up to 5 − 8𝛾𝑦. These findings hold true for all the examined steel MRFs regardless of 

their height. Moreover, beam flange fractures are unlikely to occur at DBE for all the examined steel MRFs. 

On the other hand, designs where panel zones are designed to remain elastic exhibit local buckling in 3-10 

beam-to-column connections (see Fig. 6.15c), thereby increasing the anticipated repair costs and potential 

downtime in the aftermath of earthquakes. 

Figure 6.16 compares the expected number of fractures at the bottom beam flange of the steel MRF connec-

tions at MCE for the three- and the five-bay steel MRFs. The designs with 𝛾𝑑 ≤ 10𝛾𝑦 do not experience any 

fractures, regardless of the number of bays in the steel MRFs. The three-bay designs with 𝛾𝑑 = 15𝛾𝑦 experi-
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ence one to four beam flange fractures per steel MRF. Fractures practically do not occur for the five-bay 

MRFs, due to the utilization of beams with smaller depths (𝑑𝑏 ranges from 450 to 750mm). 

6.7 Summary and conclusions 

This chapter provides quantitative knowledge on important seismic response characteristics of steel frame 

buildings with moment resisting frames (MRFs) with inelastic panel zone joints. For this reason, two beam-

to-column connection modeling approaches are proposed for simulating the hysteretic response of steel MRF 

beam-to-column web panel zone joints. The first approach involves shell elements, whereas the second one 

features a macro-model. The former captures the panel zone yielding evolution, the cyclic hardening, and the 

axial-to-shear load interaction. The latter utilizes an improved tri-linear backbone curve to simulate the panel 

zone response (Skiadopoulos et al. 2021) and assumes an effective panel zone uniform yielding, while it 

disregards the cyclic hardening phenomena and the shear-to-axial load interaction. Both models consider the 

shear and bending panel zone deformation modes, which is a limitation of available panel zone models in the 

literature. Validations with available experimental data suggest that both modeling approaches accurately 

represent the panel zone hysteretic response in steel MRFs. Moreover, the seismic response of steel MRFs is 

not practically affected by the employed modeling approach. A methodology is also proposed to consider the 

fracture potential in steel MRF beam-to-column connections with highly inelastic panel zones (i.e., shear 

distortions higher than 10𝛾𝑦, where 𝛾𝑦 is the panel zone distortion at yield). 

Nonlinear static and dynamic analyses are conducted to evaluate the seismic demands and the collapse risk 

of prototype steel buildings with moment resisting frames (MRFs) as their primary lateral load resisting sys-

tem. The archetype steel buildings feature welded beam-to-column connections with variable targeted inelas-

tic shear distortions. Geometric parameters that are examined involve the number of stories as well as num-

ber of bays in steel MRFs. The prototype buildings are designed based on ASCE/SEI 7-16 (ASCE 2017) and 

AISC (2016b; c; a), except for the panel zones that comprise code-compliant as well as highly inelastic panel 

zone design distortions (i.e., 10 − 15𝛾𝑦). The seismic demands of the examined steel MRFs are quantified 

from the onset of structural damage through structural collapse. Local as well as global engineering demand 

parameter (EDP) hazard curves are developed in the context of performance-based earthquake engineering to 

interpret the simulation results for risk-targeted seismic performance. The primary findings of this study are 

summarized as follows: 

• Nonlinear static analyses demonstrate that the static overstrength factor of steel MRFs is not practically 

influenced by the level of inelastic deformations within the panel zone joints. Designs with highly inelas-

tic panel zones (i.e., inelastic shear distortions of 10 − 15𝛾𝑦) generally increase the period-based ductili-

ty of steel MRFs by 20-30% relative to their elastic panel zone counterparts. 

• Low-rise steel MRFs with highly dissipative panel zones (i.e., 10 − 15𝛾𝑦) demonstrate up to 30% lower 

collapse risk than that of conventionally designed steel MRFs (𝛾 ≤ 4𝛾𝑦). On the other hand, the collapse 
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risk of mid- to high-rise steel MRFs remains practically unchanged regardless of the panel zone design. 

This is because the global stability of these MRFs is generally sensitive to the destabilizing effects of the 

gravity load. The collapse mechanism is consistent between steel MRFs of the same height regardless of 

the examined levels of inelastic deformations in the MRF panel zones. Moreover, there is no indication 

of soft-story collapse mechanisms even in cases that 𝛾𝑑 ranges from 10 to 15𝛾𝑦. 

• At seismic intensities associated with a design-basis earthquake, the expected residual story drift ratios 

(𝑆𝐷𝑅𝑠) are reduced by nearly 50% for steel MRFs with highly inelastic panel zones (10 − 15𝛾𝑦). The 

results suggest that the number of beam end local buckles per MRF is minimal in this case, contrary to 

those in steel MRFs featuring elastic panel zone designs. In steel MRFs with inelastic panel zones, these 

attain 7 − 8𝛾𝑦 even when the design targets 10 − 15𝛾𝑦, because the respective beams do not reach their 

capping moment at a design-basis earthquake. None of the examined steel MRFs exhibited any connec-

tion fractures at the same seismic intensity. 

• At seismic intensities associated with a maximum considered earthquake, the expected residual 𝑆𝐷𝑅𝑠 

range from 1-2% rads for steel MRF designs with highly inelastic panel zones, which are two times low-

er than corresponding results with code-compliant steel MRFs (i.e., 𝛾 ≤ 4𝛾𝑦). The above findings are 

important when considering the collapse risk during mainshock-aftershock earthquake series.  

• The simulation results reveal that beam-to-column connections that provide well balance between the 

inelastic deformations occurring in the panel zone and the adjoining steel beams, these do not experience 

local buckling, contrary to the elastic panel zone designs. It is also found that the number of beam flange 

fractures is zero even for steel MRF designs with targeted inelastic panel zone shear distortions of 10𝛾𝑦 

even for a low probability of occurrence seismic event (2% probability of exceedance over 50 years).  

• While at rare seismic events (return periods higher than 2475 years), it is probable that the number of 

beam-to-column connection fractures increases for highly inelastic panel zone designs, at this level of 

lateral drift demands (6% rads and above), the steel MRF seismic stability is governed by P-Delta ef-

fects. 

The above findings, which apply in the examined cases and for the assumed nonlinear modeling conditions 

described herein, suggest that structural repairs due to beam end local buckling are less likely when steel 

MRFs are designed with panel zones attaining inelastic shear distortions on the order of 10𝛾𝑦. At this level 

of inelastic shear distortions, the system-level simulations conducted herein do not reveal any connection 

fractures even at seismic intensities with a low probability of occurrence (i.e., 2% in 50 years) regardless of 

the steel MRF height and number of bays. The above findings are substantiated by a comprehensive review 

(El Jisr et al. 2019; Skiadopoulos and Lignos 2021) of over 100 experiments on bare and composite beam-to-

column connections where their panel zones exhibited similar inelastic shear distortions under cyclic load-

ing. 
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 Conclusions and future work 

7.1 Summary 

This doctoral thesis advanced the state of knowledge regarding the seismic design and behavior of steel mo-

ment-resisting frames (MRFs) with highly dissipative panel zones. A key contribution of this thesis was the 

development of a new panel zone design model that addresses the primary limitations of all available models 

in the literature to this date. The model was systematically validated with available experiments on beam-to-

column connections with inelastic panel zones and can be effectively used to achieve balanced design of 

fully restrained beam-to-column connections. 

The second primary contribution of this thesis was the development of an optimized beveled backing bar for 

welded connections through simulation-assisted design. The proposed backing bar defies the current para-

digm in prequalified welded connections where backing bars shall be removed after the completion of com-

plete joint penetration (CJP) groove welds at the bottom beam flange-to-column face joints. Instead, the bev-

eled backing bar, which is not imperative to be removed, minimizes the fracture potential at this location. 

The findings are substantiated by means of detailed continuum finite element (CFE) analysis that leverage 

traditional fracture mechanics along with full-scale experiments of cyclically loaded welded connections that 

adopted the simplified weld detail. The physical experiments demonstrate a superior hysteretic performance 

of the welded connections, which were designed to leverage the beneficial aspect of shear yielding in the 

panel zones. Consequently, structural repairs due to beam local buckling are circumvented even at lateral 

drift demands of 7% rad. As such, the seismic stability of steel MRFs is only governed by global P-Delta 

effects at large deformations since component deterioration under cyclic loading is not prevailing.  

Nonlinear system-level dynamic simulations highlighted that steel MRFs with highly dissipative panel zone 

designs enjoy up to 30% reduced collapse risk, depending on their height, compared to their counterparts 

with elastic panel zone designs. Moreover, residual story drift ratios along the steel MRF’s height are re-

duced by up to two times and beam local buckling is not evident for low probability of occurrence earth-

quakes.  
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7.2 Conclusions 

7.2.1 Proposed panel zone model for the seismic design of fully restrained beam-to-column connections 

To potentially mobilize the beneficial aspects of the stable hysteretic response of the panel zones, a robust 

panel zone design model is necessary. The accuracy of available panel zone design models was assessed 

based on comparisons with nearly 100 available experiments of beam-to-column connections with inelastic 

panel zones. The assembled data from these tests were made publicly available. The comparisons reveal that 

the AISC (2016b) panel zone model overestimates the panel zone elastic stiffness, 𝐾𝑒, by nearly 30%. This is 

attributed to the fact that this model neglects the panel zone bending deformation mode, which is found to be 

important in panel zone geometries with 𝑑𝑏/𝑑𝑐 larger than 1.5 (i.e., typical in North American designs). The 

same model overestimates the panel zone strength at yield, 𝑉𝑦, by more than 10% due to the assumption of 

uniform shear stresses at yield. The panel zone shear strength, 𝑉𝑝, at 4𝛾𝑦 (where 𝛾𝑦 is the panel zone shear 

distortions at yield), is overestimated by more than than 40% when column cross sections feature thick 

flanges (𝑡𝑐𝑓 > 40 mm). Similar limitations hold true for other pane zone models (CEN 2005; Kim et al. 

2015; Kim and Engelhardt 2002; Krawinkler 1978; Lee et al. 2005c; Lin et al. 2000). 

To overcome the above shortcomings, a new panel zone model was developed. The model relies on mechan-

ics first principles and realistic panel zone shear stresses, which are extracted from representative panel zone 

geometries. The panel zone shear distributions are informed by CFE analyses for a broad range of panel zone 

geometries. The CFE analyses revealed that the panel zone bending deformation modes are prominent for 

slender panel zone geometries (beam-to-column depth ratios, 𝑑𝑏/𝑑𝑐 ≥ 1.5). Therefore, the proposed model 

accounts for both shear and bending deformations modes on the calculation of 𝐾𝑒. Moreover, the proposed 

model assumes realistic shear stress distributions at yield for the calculation of 𝑉𝑦, which is particularly im-

portant for slender panel zone geometries, since the shear distributions on the web are not uniform in this 

case. Regarding 𝑉𝑝, a distinction is made in the shear stresses resisted by the column web and flanges, de-

pending on the panel zone geometry. For stocky and shallow panel zone geometries (e.g., 𝑑𝑏/𝑑𝑐 = 1.0 and 

𝑡𝑐𝑓 = 50 mm), where the contribution of the flanges in the panel zone shear strength may reach 40%, the 

flange contributes five times more compared to that in slender panel zone geometries. 

Available panel zone models assume a post-4𝛾𝑦 stiffness that equals 0.03𝐾𝑒. The CFE analysis simulations 

demonstrate that this assumption is not justifiable after 4𝛾𝑦 due to the increased contribution of the column 

flanges in resisting the panel zone shear demand. Instead, the panel zone shear strength at 6𝛾𝑦 is proposed 

and utilized to predict the panel zone stiffness at shear distortions higher than 4𝛾𝑦. Comparisons of the pro-

posed panel zone model with about 100 experiments highlight the superior accuracy in predicting both the 

panel zone stiffness and strength at 4 − 6𝛾𝑦, especially when panel zones feature columns with thick flanges 

(𝑡𝑐𝑓 > 40 mm), which was a known limitation in literature since the 1970s.  
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The compatibility of shear stresses between the column web and potential doubler plates was examined. 

Simulation results on both fillet- and CJP-welded doubler plates revealed the compatibility in the shear 

stresses between doubler plates and the column web, provided that the current seismic provisions and detail-

ing criteria are respected (AISC 2016a; AWS 2016). Therefore, doubler plates should not be treated differ-

ently either by reducing the total panel zone thickness (i.e., thickness of the web plus the total doubler plate 

thickness) or by accounting only for one out of the potentially two doubler plates (CEN 2005). 

The effect of column axial load in reducing the panel zone strength was also examined. The CFE analyses 

demonstrated that the commonly used von Mises criterion (von Mises 1913) suffices to describe the shear 

force-to-axial load interaction within the panel zone. This holds true for both interior and end columns in 

steel MRFs, regardless of the applied lateral loading history. Particularly for end columns, the peak axial 

compressive load should be considered, including the gravity and the transient axial components due to dy-

namic overturning effects. 

7.2.2 Hysteretic behavior of welded connections with highly dissipative panel zones and simpli-

fied weld details  

A welded beam-to-column connection detail simplification for seismic applications was explored by keeping 

the beam flange-to-column face weld backing bars in place after the completion of the CJP weld at the beam 

flange-to-column face joint. The concept development was informed by CFE analyses. Several configura-

tions were investigated including beveled backing bars, with and without fillet weld reinforcement for a 

broad range of monotonically-loaded beam-to-column connection geometries. The assessment was based on 

traditional fracture mechanics to quantify the fracture potential of the proposed configuration. 

The simulation results highlighted the superior connection performance of optimally designed beveled back-

ing bars that are kept in place after the execution of the CJP welds, contrary to the current practice with con-

ventional backing bars. Notably, pre-Northridge welded beam-to-column connections with the customized 

beveled backing bars could withstand at least 4-6% rad prior to fracture. This is attributable to the optimized 

beveled backing bar configuration that pushes the crack tip away from the critical beam flange-to-column 

face location. From a wide range of examined bevel angles, the optimal one (i.e., 35° for pre-Northridge 

connections) increases the peak lateral drift capacity by at least 4 times compared to that with conventional 

backing bars. Fillet-weld reinforcement in the backing bars was found to depreciate the optimal fracture po-

tential of the proposed beveled backing bars. This is attributable to the fact that fillet-weld reinforcement 

impairs the optimal backing bar stress flow that is achieved by the proposed beveled backing bar configura-

tion. 

Post-Northridge welded connections with weld electrodes of improved fracture toughness can sustain lateral 

drift demands of at least 6% rad based on the proposed customized beveled backing bar (i.e., 45° bevel an-

gle). At these lateral drift demands, welded connections with panel zones exhibiting highly inelastic shear 
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distortions (i.e., higher than 15𝛾𝑦) possess 50% higher fracture potential compared to their elastic panel zone 

counterparts. However, at lateral drift demands associated with a design-basis (2% probability of exceedance 

over 50 years) or a maximum considered earthquake event (2% probability of exceedance over 50 years), the 

panel zone kinking effect is not prominent. Therefore, elastic panel zone designs possess 50% higher fracture 

potential in this case compared to inelastic panel zone connection designs. The beam depth was found to 

affect the fracture potential of welded connections the most. For instance, connections with beam depths less 

than 600mm possess 30% lower fracture potential compared to those with beam depths of 900mm. 

The seismic performance of fully restrained welded beam-to-column connections that utilize the developed 

beveled backing bar was validated through two full-scale experiments on welded unreinforced flange-welded 

web connections. The connection design featured highly dissipative panel zones to exploit their stable hys-

teretic response, deep beams of 650mm depth and minimum toughness requirements for the column material 

to avoid divot fracture. The experimental results highlighted the superior performance of the proposed beam-

to-column connection design. Regardless of the applied lateral loading protocol, the test specimens sustained 

lateral drift demands of at least 9% rad before losing more than 20% of their peak story shear resistance. 

At seismic intensities corresponding to design-basis and maximum considered earthquake events (i.e., lateral 

drift demands of 2% and 3-4% rad, respectively), there was no visual damage in the form of beam local de-

formations or crack initiation in the beam-to-column connections. The onset of beam yielding occurred at 

2% rad, while the panel zones reached distortions of 4𝛾𝑦 and 10𝛾𝑦, respectively. At 4% rad, there was no 

sign of in-cycle strength or stiffness deterioration in the test specimens. Therefore, the prequalification re-

quirements of AISC (2016a) were safely met. The panel zone kinking effect started being visible in the form 

of column flange localized yielding at the panel zone corners for lateral drift demands of 4% rad and higher. 

At 6% rad, the panel zone shear distortion became 15𝛾𝑦, as targeted by the connection design. 

The ultimate failure modes were fairly consistent in both test specimens. These involved ductile cracks due 

to ultra-low-cycle fatigue. The cracks initiated at lateral drift demands of 7-10% rad depending on the em-

ployed loading protocol. The initiation locations were at the column, near the beam flange CJP weld root and 

at the shear tab end at the weld fusion. These cracks propagated in a ductile manner in the column thickness 

and in the longitudinal direction. From the crack initiation to the loss of more than 50% of the load-carrying 

capacity of the test specimens, these were able to dissipate at least 30% of their total dissipated energy 

throughout the loading history.  

The experimental results demonstrated that the proposed beveled backing bars did not induce fracture, even 

at lateral drift demands exceeding 9% rad. Noteworthy stating that at this lateral drift demand, panel zone 

shear distortions reached 30𝛾𝑦. 
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The panel zone demand-to-resistance design ratio, 𝑅𝑛,𝑝𝑙/𝑅𝑢 = 0.8, led to a well-balanced contribution of the 

steel beams and panel zone to the total story drift ratio. The delayed onset of beam local instabilities in com-

bination with the stocky column cross section was associated with minimal column twist demands and out-

of-plane deformations. The lateral support system design requirements of AISC (2016a; b) were found to be 

adequate. Moreover, regardless of the absence of continuity plates in the design, the column flange local 

deformations did not exceed 2-4mm at 10% rad lateral drift demands. 

The stable hysteretic response of the welded connections until very large lateral drift demands was captured 

with remarkable accuracy by CFE analyses up until the crack initiation. This is attributable to the exploita-

tion of the stable hysteretic response of panel zones that delays the onset of beam local buckling, which is a 

considerable source of modeling uncertainty in CFE simulations. 

7.2.3 Seismic demands of steel moment resisting frames with inelastic beam-to-column web panel 

zones 

The role of inelastic panel zones on the seismic demands of steel MRFs was quantified through nonlinear 

static and dynamic analyses on 32 steel buildings with variable number of bays, storeys and panel zone tar-

geted distortions. To assist the simulations, two panel zone modeling approaches were developed: (a) a 

spring-based approach that involves a tri-linear backbone curves as proposed by Skiadopoulos et al. (2021), 

and (b) a shell element approach that employs a recently developed multiaxial plasticity formulation for 

structural steels (Hartloper et al. 2021). Both approaches were validated with experimental data. The former 

is computationally more effective in system-level simulations, while the latter captures with higher accuracy 

the onset and evolution of panel zone yielding, the cyclic hardening phenomena and the shear-to-axial load 

interaction within the panel zone. The fracture potential of highly dissipative panel zones was explicitly con-

sidered in the modeling approach through model updating during the nonlinear building simulations. 

Results of nonlinear static analyses highlighted that the static overstrength factor of steel MRFs is not practi-

cally affected by the extent of inelasticity within the panel zone(s). On the other hand, for highly inelastic 

panel zones (i.e., 𝛾𝑑 = 10 − 15𝛾𝑦, where 𝛾𝑑 are the panel zone design distortions), the period-based ductility 

of steel MRFs may increase by up to 30% relative to their elastic panel zone design counterparts. Steel MRFs 

with highly inelastic panel zones show up to 30% lower collapse risk compared to their counterparts with 

elastic panel zones, while the collapse mechanism is insensitive to the extent of panel zone yielding.  

For seismic intensities associated with design-basis earthquake events, a 50% reduction in the residual story 

drift ratios was observed when highly dissipative panel zones were employed in the steel MRF designs. 

Beam local buckling in this case was not evident, contrary to that in connections that featured elastic panel 

zone designs. Panel zones did not exceed 8𝛾𝑦 and there were no fracture incidents. At seismic intensities 
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associated with the maximum considered earthquake, residual story drift ratios decreased by two times when 

highly inelastic panel zones were utilized in the seismic design of steel MRFs. 

For steel MRF designs featuring panel zones with a targeted shear distortion of 10𝛾𝑦 , no fractures are likely 

to occur for seismic events with a 2% probability of exceedance over 50 years. While steel MRF designs 

with panel zones reaching or exceeding 15𝛾𝑦 may experience a handful of connection fractures, at this level 

of lateral drift demands (i.e., above 6% rad), the steel MRF seismic stability is mostly governed by global P-

Delta effects. 

The system level simulations revealed that by targeting 10𝛾𝑦 panel zone shear distortions, steel MRF panel 

zones do not exceed 7𝛾𝑦 and 10𝛾𝑦 for the 10% and 2% probability of exceedance over 50 years earthquake 

event, respectively. Such a design is associated with delayed beam local buckles and reduction of residual 

story drift ratios due to the exploitation of the stable panel zone hysteretic response. For such panel zone 

shear distortions, available experiments in the literature, which are all summarized in Chapter 2, showed that 

welded moment connections are not prone to fractures at lateral drift demands lower than 4% rad. The de-

veloped welded connections with highly inelastic panel zones and improved details ensure a superior hyster-

etic behavior during earthquake loading at the above connection performance targets. Therefore, a connec-

tion design with a targeted panel zone shear distortion of 10𝛾𝑦 is proposed for ductile welded connections 

that incorporate beveled backing bars. 

7.3 Recommendations for future research 

Building upon the contributions of this doctoral thesis, the following topics are few of those proposed for 

future research: 

• The focus of this doctoral thesis was mainly on welded connections with steel wide flange columns. The 

proposed beveled backing bar configuration should be explored for welded hollow steel column moment 

connections. In such a context, a panel zone model for hollow structural cross sections should be devel-

oped. 

• The proposed beam-to-column connection design was validated experimentally by utilizing bare steel 

beams of a certain depth. The proposed concepts should be explored in cases where deeper beams may 

be of interest. Moreover, the role of the composite slab on the overall connection performance should be 

carefully examined.  

• The simulation results suggest a remarkable accuracy up until the point that cracks initiate due to ultra-

low-cycle fatigue. The development of reliable fracture models that simulate the crack initiation as well 

as the propagation phase should be further developed and validated to explore the beneficial aspects of 

the developed concepts presented herein.  
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Appendix A. Design drawings of test specimens 

Description 

This appendix includes the design drawings of the test specimens described in Chapter 5. 
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Figure A.1 Test specimen general plan drawings. 
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Figure A.2 Test specimen detailed drawings. 
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Figure A.3 Beam-to-column connection drawings. 
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Figure A.4 Test specimen west beam drawings. 



Appendix A: Design drawings of test specimens 

186 

Figure A.5 Test specimen east beam drawings. 
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Figure A.6 Test specimen column drawings. 
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Figure A.7 Test specimen column weld drawings. 
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Figure A.8 Test specimen actuator adapter plate drawings. 
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Figure A.9 Test specimen list of bolts and rods. 
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Appendix B. Design drawings of the test speci-

men lateral support system 

Description 

This appendix includes the design drawings of the test specimen lateral support system described in Chapter 

5. 
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Figure B.1 Lateral support system general plan drawings. 
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Figure B.2 Lateral support system overview drawings. 



Appendix B: Design drawings of the test specimen lateral support system 

194 

Figure B.3 Lateral support system piece location drawings. 
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Figure B.4 Lateral support system angle overview drawings. 
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Figure B.5 Lateral support system angle P1 drawings. 
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Figure B.6 Lateral support system angle P2 drawings. 
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Figure B.7 Lateral support system angle P3 drawings. 
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Figure B.8 Lateral support system beam P4 drawings. 



Appendix B: Design drawings of the test specimen lateral support system 

200 

Figure B.9 Lateral support system beam P5 drawings. 
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Figure B.10 Lateral support system list of bolts and rods. 
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Appendix C. Detailed instrumentation plan 

Description 

This appendix includes the drawings of the instrumentation plan described in Chapter 5. 
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Figure C.1 Instrumentation plan – top side general plan drawings. 
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Figure C.2 Instrumentation plan – bottom side general plan drawings. 
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Figure C.3 Instrumentation plan – column strain gauge drawings. 
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Figure C.4 Instrumentation plan – west beam strain gauge drawings. 
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Figure C.5 Instrumentation plan – east beam strain gauge drawings. 
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Figure C.6 Instrumentation plan – LVDT (Part A) drawings. 
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Figure C.7 Instrumentation plan – LVDT (Part B) drawings. 
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Figure C.8 Instrumentation plan – LVDT (Part C) drawings. 
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Figure C.9 Instrumentation plan – Rosette and potentiometer drawings. 
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Figure C.10 Instrumentation plan – beam end string pot drawings. 
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Appendix D. Welding procedure specifications 

and ultrasonic test results 

Description 

This appendix includes the weld electrode mill certificates, the welding procedure specifications and the 

ultrasonic test results of all weld details of the test specimens described in Chapter 5. 

 

Contributors of the specimen fabrication: 

The fabricator of the test specimens was Techno Steel Daishin. 

The welder of the beam-to-column connections was Mr. Kenta Yoshiba. 

The ultrasonic testing was performed by Mr. Shun Ri. 

The weld electrodes were provided by Nippon Steel Welding & Engineering Co., Ltd. 

 

 

https://guide.narashino-cci.or.jp/en/172
https://guide.narashino-cci.or.jp/en/172


Appendix D: Welding procedure specifications and ultrasonic test results 

216 

D.1 Weld electrode mill certificates 

 

Figure D.1 Mill certificate of the T49J0T1-1CA-UH5 weld electrode. 

INSPECTION CERTIFICATE

     Certificate No.

       

Date     

Trade Designation 

(  )

SF-1V

Size 

(  )

1.2

mm Manuf.No. 

(    )

1Y312DQ222

Weight 

(  )

-

kg Applicable specification and classification 

(        )

JIS Z 3313 T49J0T1-1CA-UH5

Chemical Composition of Wire            Heat No.       

Chemical Composition of Deposited Metal            

Mechanical Properties of Deposited Metal            

We hereby certify that above welding materials satisfy 

the requirements of the applicable specification.

                                 
Hikari Plant

            
4-2-1,ASAE,HIKARI-SHI,YAMAGUCHI-KEN,JAPAN

       4  2 1 TEL 0833(71)3390 FAX 0833(71)3394

Tension test       Impact test      ) Hardness test (    )

Yield point

     MPa

0.2%proof stress

 0.2%   MPa

Tensile strength 

(     MPa

Elongation

    %

Charpy absorbed energy               

-
Test temp.

(  )℃

Average

(   J

Individual value

(    )J

537 - 607 24 0 71 57 85 70

Welding conditions        
Post weld heat treatment

        

       Manuf.No of Test  1Z252DQ521 
       Size, mm  1.2

Type of Current

       

Current

     

Voltage

     

Travel speed

     /min

Shielding Gas

       )

Preheat Temp

    ℃

Interpass Temp

     ℃

DCEP 270 31 30 CO2 100% 17 149-163 -

C Si Mn P S Cu

0.05 0.61 1.30 0.018 0.011 0.37

C Si Mn P S Cu

- - - - - -

2109549VCustomer 

(   ) July 28,2021

Yasunobu Shigemori

Group manager,Quality Control Dept.
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Figure D.2 Mill certificate of the YGW-18 weld electrode. 

INSPECTION CERTIFICATE

     
Certificate No.

       

Date     

Trade Designation

(  )

YM-55C

Size

(  )

1.2

mm Manuf.No.

(    )

0N28202098

Heat No.

      

M31485

Weight

(  )

-

kg Remark

    

JIS Z 3312 YGW18

Chemical Composition of Wire            

We hereby certify that above welding materials satisfy 

the requirements of the applicable specification. Yasunobu Shigemori

Group manager,Quality Control Dept.

                                 
Hikari Plant

            
4-2-1,ASAE,HIKARI-SHI,YAMAGUCHI-KEN,JAPAN

       4  2 1 TEL 0833(71)3390 FAX 0833(71)3394

C Si Mn P S Mo Cu Ti+Zr

0.05 0.78 1.58 0.011 0.012 0.23 0.36 0.22

2109550VCustomer 

(   ) July 28,2021
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D.2 Welding procedure specifications 

Table D.1 Overview of the weld procedure specifications of both test specimens. 

 
 

 

Order of 

loading 

test

Location 

on loading 

setup

Part Bevel angle
Root gap 

(Nominal)
Date of welding Sheets

Discontin

uities 

found

Shear-tab to column 45, dual 0 13-May-21 2(A)-1 ✔
Top flange to column 30, single 10 30-Jun-21 2(A)-2

Bottom flange to column (Right) 30, single 10 1-Jul-21 2(A)-4

Bottom flange to column (Left) 30, single 10 1-Jul-21 2(A)-5

Web to column 45, single 6 1-Jul-21 2(A)-3

Shear-tab to column 45, dual 0 13-May-21 2(A)-6

Top flange to column 30, single 10 30-Jun-21 2(A)-7

Bottom flange to column (Right) 30, single 10 30-Jun-21 2(A)-9 ✔
Bottom flange to column (Left) 30, single 10 1-Jul-21 2(A)-10 ✔
Web to column 45, single 6 1-Jul-21 2(A)-8

Shear-tab to column 45, dual 0 13-May-21 1(B)-1

Top flange to column 30, single 10 24-Jun-21 1(B)-2

Bottom flange to column (Right) 30, single 10 24-Jun-21 1(B)-4

Bottom flange to column (Left) 30, single 10 24-Jun-21 1(B)-5

Web to column 45, single 6 24-Jun-21 1(B)-3

Shear-tab to column 45, dual 0 13-May-21 1(B)-6

Top flange to column 30, single 10 23-Jun-21 1(B)-7

Bottom flange to column (Right) 30, single 10 23-Jun-21 1(B)-9

Bottom flange to column (Left) 30, single 10 23-Jun-21 1(B)-10

Web to column 45, single 6 23-Jun-21 1(B)-8

2nd

1st B

③ East

④ West

Symbol of specimen 

②

①

A

West

East
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Figure D.3 Shear tab-to-column face welding procedure specification of Specimen 1 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date May 13, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 1 (Shear Tab) Temperature 16℃ Humidity 61%

(Base Metal) Thickness: 16mm Width: 550mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 0mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　5 layers 6 passes

Welding Wire Manufacturer: Kobe Steel, ltd. Classification: YGW18 (JIS)

Product Name: MG-56 Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 86

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 292 35.0 89 37.2 16.50 283 97 145 ●▲

2 294 35.0 118 27.9 22.11 240 53 Back Gouging ●▲

3 284 35.0 99 33.3 17.89 226 100 144 ●▲

4 288 35.0 120 27.5 21.99 260 112 134 ●▲

5 294 35.0 96 34.4 17.96 277 141 132 ●▲

6 282 35.0 86 38.5 15.40 193 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.4 Top beam flange-to-column face welding procedure specification of Specimen 1 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 30, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 1 (Top Flange) Temperature 24.4℃ Humidity 61%

(Base Metal) Thickness: 25mm Width: 375mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 12mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 22 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 54

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 236 33.2 88 25.5 18.43 66 62 108 ●▲

2 252 33.4 45 50.0 10.10 72 70 65 ●▲

3 236 33.2 79 28.4 16.55 124 108 73 ●▲

4 246 33.4 58 38.7 12.75 114 110 67 ●▲

5 248 33.2 58 38.7 12.78 152 142 70 ●▲

6 252 33.4 74 30.5 16.56 151 145 45 ●▲

7 258 33.2 70 32.1 16.04 179 171 57 ●▲

8 246 33.4 56 40.3 12.23 175 169 46 ●▲

9 238 33.4 45 50.0 9.54 170 160 65 ●▲

10 254 33.4 61 36.8 13.85 195 185 60 ●▲

11 242 33.6 59 38.3 12.75 197 190 44 ●▲

12 240 32.8 53 42.6 11.08 195 187 44 ●▲

13 248 33.2 59 38.3 12.91 200 188 44 ●▲

14 246 33.4 65 34.7 14.20 190 174 78 ●▲

15 252 33.6 61 36.8 13.82 191 179 47 ●▲

16 240 33.2 66 34.1 14.02 212 198 79 ●▲

17 254 33.4 73 30.7 16.56 180 170 49 ●▲

18 240 33.6 72 31.3 15.48 201 189 45 ●▲

19 234 33.2 47 48.1 9.69 212 190 96 ●▲

20 242 33.4 53 42.6 11.38 228 209 33 ●▲

21 234 33.2 76 29.5 15.78 225 198 46 ●▲

22 238 33.2 58 38.7 12.26 210 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.5 Bottom right beam flange-to-column face welding procedure specification of Specimen 1 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date July 1, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 1 (Bottom Flange Right)Temperature 21.6℃ Humidity 69%

(Base Metal) Thickness: 25mm Width: 195mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 12mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 21 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 52

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 232 34.4 41 28.7 16.70 64 68 50 ●▲

2 234 34.2 24 48.8 9.85 75 72 80 ●▲

3 258 34.2 34 34.2 15.48 137 137 56 ●▲

4 232 34.2 37 31.5 15.14 159 149 55 ●▲

5 234 34.2 35 33.6 14.28 154 147 56 ●▲

6 240 34.2 39 30.0 16.42 173 166 80 ●▲

7 242 34.2 36 32.5 15.28 222 210 75 ●▲

8 246 34.2 26 45.4 11.13 194 198 50 ●▲

9 242 34.2 24 48.8 10.19 201 213 65 ●▲

10 252 34.2 27 43.3 11.93 273 187 150 ●▲

11 242 34.4 36 32.5 15.37 172 184 90 ●▲

12 226 34.2 31 37.5 12.37 208 160 180 ●▲

13 238 34.0 31 37.5 12.95 230 224 85 ●▲

14 222 34.2 37 31.5 14.48 216 206 75 ●▲

15 238 34.0 31 37.5 12.95 248 231 58 ●▲

16 226 34.0 33 35.5 13.01 269 233 154 ●▲

17 224 34.2 42 27.9 16.50 221 218 45 ●▲

18 222 34.2 38 31.0 14.72 261 229 86 ●▲

19 224 33.8 40 29.1 15.61 250 186 290 ●▲

20 232 34.0 37 31.5 15.05 196 182 110 ●▲

21 216 34.2 49 23.8 18.64 179 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.6 Bottom left beam flange-to-column face welding procedure specification of Specimen 1 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date July 1, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 1 (Bottom Flange Left) Temperature 21.6℃ Humidity 69%

(Base Metal) Thickness: 25mm Width: 187mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 12mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 21 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 60

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 236 33.4 47 24.0 19.73 64 62 55 ●▲

2 242 33.4 35 32.2 15.04 72 74 65 ●▲

3 248 33.2 33 34.0 14.53 127 128 50 ●▲

4 250 33.4 39 28.8 17.41 139 146 42 ●▲

5 224 33.6 36 31.2 14.49 182 169 90 ●▲

6 222 33.2 41 27.5 16.08 157 175 50 ●▲

7 222 33.4 37 30.2 14.75 218 215 50 ●▲

8 232 33.6 33 34.0 13.76 190 184 55 ●▲

9 242 33.2 26 43.5 11.08 199 188 72 ●▲

10 236 33.4 33 34.0 13.91 216 192 68 ●▲

11 246 33.6 39 28.8 17.24 191 169 80 ●▲

12 224 33.2 31 36.0 12.41 186 179 60 ●▲

13 232 33.4 36 31.2 14.92 236 203 90 ●▲

14 236 33.3 41 27.5 17.15 191 191 55 ●▲

15 224 33.4 34 32.8 13.68 231 218 60 ●▲

16 226 33.4 31 36.0 12.59 228 200 100 ●▲

17 230 33.4 30 37.4 12.32 197 190 47 ●▲

18 226 33.2 30 37.4 12.04 205 213 50 ●▲

19 224 33.4 36 31.2 14.40 255 205 70 ●▲

20 238 33.2 30 37.4 12.68 229 219 55 ●▲

21 216 33.2 32 35.3 12.20 213 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.7 Beam web-to-column face welding procedure specification of Specimen 1 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date July 1, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 1 (Web) Temperature 21.6℃ Humidity 69%

(Base Metal) Thickness: 16mm Width: 530mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 9mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Vertical PositionShielding Gas: CO2 (100%) 　6 layers 11 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification:

A5.36 E71T1-C1A0-CS1 

(AWS)

Product Name: SF-1V Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 64

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 162 23.4 228 14.0 16.30 86 74 130 ●▲

2 178 24.2 123 25.9 10.00 91 88 116 ●▲

3 176 24.0 163 19.5 13.00 125 121 80 ●▲

4 172 24.4 184 17.3 14.59 118 113 55 ●▲

5 168 24.4 225 14.1 17.41 142 131 110 ●▲

6 152 24.2 173 18.4 11.99 123 120 80 ●▲

7 170 24.6 223 14.3 17.61 159 145 60 ●▲

8 172 24.4 249 12.8 19.72 142 143 65 ●▲

9 172 24.2 241 13.2 18.95 145 134 125 ●▲

10 168 24.4 294 10.8 22.73 132 92 900 ●▲

11 168 24.2 252 12.6 19.33 123 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.8 Shear tab-to-column face welding procedure specification of Specimen 1 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date May 13, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 2 (Shear Tab) Temperature 16℃ Humidity 61%

(Base Metal) Thickness: 16mm Width: 550mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 0mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　5 layers 6 passes

Welding Wire Manufacturer: Kobe Steel, ltd. Classification: YGW18 (JIS)

Product Name: MG-56 Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 82

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 294 35.0 96 34.4 17.96 248 85 140 ●▲

2 298 35.0 101 32.7 19.11 217 82 Back Gouging ●▲

3 280 30.0 134 24.7 20.44 202 105 132 ●▲

4 270 30.0 128 25.8 18.82 218 138 89 ●▲

5 252 30.0 88 37.4 12.13 185 129 100 ●▲

6 256 30.0 92 36.0 12.82 146 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.9 Top beam flange-to-column face welding procedure specification of Specimen 1 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 30, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 2 (Top Flange) Temperature 24.4℃ Humidity 59%

(Base Metal) Thickness: 25mm Width: 375mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 11mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 19 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 62.7

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 242 33.6 94 23.9 20.42 78.3 75 92 ●▲

2 236 33.6 58 38.7 12.31 87.7 86.8 84 ●▲

3 252 33.8 55 40.8 12.54 144 127 88 ●▲

4 242 33.8 68 33.2 14.79 141 129 95 ●▲

5 262 33.4 67 33.5 15.68 187 157 144 ●▲

6 254 33.8 77 29.3 17.58 166 154 60 ●▲

7 256 33.4 84 26.8 19.15 226 172 124 ●▲

8 258 33.6 70 32.1 16.23 179 168 103 ●▲

9 252 33.4 90 25.0 20.20 241 185 127 ●▲

10 254 33.8 67 33.5 15.39 189 172 81 ●▲

11 262 33.8 55 40.8 13.04 192 188 75 ●▲

12 254 33.6 59 38.3 13.38 246 195 90 ●▲

13 248 33.8 73 30.7 16.36 207 178 101 ●▲

14 252 33.4 74 30.5 16.56 213 199 91 ●▲

15 242 33.6 69 32.6 14.96 222 191 124 ●▲

16 246 33.8 49 45.7 10.91 197 165 122 ●▲

17 272 33.8 64 35.1 15.74 130 120 95 ●▲

18 264 33.2 83 27.2 19.36 192 177 86 ●▲

19 246 33.4 80 28.2 17.48 193 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.10 Bottom right beam flange-to-column face welding procedure specification of Specimen 1 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 30, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 2 (Bottom Flange Right)Temperature 24.5℃ Humidity 61%

(Base Metal) Thickness: 25mm Width: 185mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 11mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 20 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 62

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 226 33.6 47 23.7 19.21 72 69 88 ●▲

2 234 33.8 34 32.5 14.62 76 70 79 ●▲

3 242 33.4 34 32.5 14.94 124 121 85 ●▲

4 232 33.4 36 30.8 15.08 138 130 67 ●▲

5 238 33.4 38 29.4 16.24 190 175 73 ●▲

6 256 33.4 44 25.3 20.25 195 176 88 ●▲

7 242 33.4 39 28.5 17.04 224 180 101 ●▲

8 254 33.8 48 23.1 22.27 196 171 86 ●▲

9 236 33.4 39 28.5 16.62 207 194 85 ●▲

10 256 33.4 37 29.8 17.19 201 192 64 ●▲

11 246 33.6 28 39.4 12.60 216 200 69 ●▲

12 262 33.6 28 39.4 13.42 263 218 71 ●▲

13 258 33.4 37 29.8 17.33 207 190 101 ●▲

14 254 33.6 29 38.5 13.29 230 183 90 ●▲

15 262 33.4 30 37.0 14.19 252 189 107 ●▲

16 254 33.4 36 30.8 16.51 201 180 85 ●▲

17 248 33.2 30 37.0 13.35 222 199 77 ●▲

18 224 33.2 42 26.4 16.88 264 211 91 ●▲

19 248 33.4 29 38.5 12.90 215 212 70 ●▲

20 242 33.4 35 31.9 15.20 206 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.11 Bottom left beam flange-to-column face welding procedure specification of Specimen 1 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date July 1, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 2 (Bottom Flange Left) Temperature 21.6℃ Humidity 69%

(Base Metal) Thickness: 25mm Width: 197mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 11mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 21 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 54

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 226 33.4 44 27.0 16.78 61 63 60 ●▲

2 242 33.8 25 46.9 10.46 72 60 46 ●▲

3 240 33.4 32 37.2 12.94 111 126 55 ●▲

4 236 33.6 35 34.0 14.01 141 145 55 ●▲

5 238 33.6 37 31.8 15.10 194 155 100 ●▲

6 226 33.6 42 28.1 16.19 174 165 60 ●▲

7 238 33.6 39 30.3 15.83 224 185 85 ●▲

8 234 33.2 29 41.0 11.36 188 186 45 ●▲

9 232 33.6 22 53.2 8.78 204 199 40 ●▲

10 240 33.8 30 39.4 12.35 273 208 80 ●▲

11 224 33.6 37 31.8 14.21 211 151 312 ●▲

12 226 33.4 33 35.8 12.64 179 173 50 ●▲

13 220 34.2 30 39.4 11.46 256 164 113 ●▲

14 224 33.8 42 28.1 16.14 187 186 40 ●▲

15 228 33.8 34 34.6 13.38 225 211 56 ●▲

16 226 33.8 27 43.8 10.47 276 196 100 ●▲

17 230 33.8 28 41.9 11.13 202 190 38 ●▲

18 232 33.6 30 39.4 11.87 238 223 45 ●▲

19 230 33.8 38 31.3 14.92 271 226 95 ●▲

20 212 34.0 33 35.8 12.07 248 208 80 ●▲

21 210 34.0 40 29.4 14.57 221 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.12 Beam web-to-column face welding procedure specification of Specimen 1 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date July 1, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 2 (Web) Temperature 21.6℃ Humidity 69%

(Base Metal) Thickness: 16mm Width: 530mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 8mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Vertical PositionShielding Gas: CO2 (100%) 　6 layers 11 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification:

A5.36 E71T1-C1A0-CS1 

(AWS)

Product Name: SF-1V Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 58

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 176 24.2 141 22.6 11.33 78 78 35 ●▲

2 176 24.4 132 24.1 10.70 89 83 30 ●▲

3 178 24.6 144 22.1 11.90 114 104 70 ●▲

4 180 24.4 147 21.6 12.18 109 100 52 ●▲

5 166 24.0 161 19.8 12.08 135 130 44 ●▲

6 178 24.2 179 17.8 14.53 123 112 66 ●▲

7 176 23.6 176 18.1 13.78 153 142 62 ●▲

8 176 23.8 206 15.5 16.27 129 122 50 ●▲

9 178 23.8 210 15.1 16.79 138 121 137 ●▲

10 178 24.0 272 11.7 21.91 119 111 75 ●▲

11 176 23.6 288 11.0 22.57 134 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.13 Shear tab-to-column face welding procedure specification of Specimen 2 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date May 13, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 3 (Shear Tab) Temperature 16℃ Humidity 61%

(Base Metal) Thickness: 16mm Width: 550mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 0mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　6 layers 7 passes

Welding Wire Manufacturer: Kobe Steel, ltd. Classification: YGW18 (JIS)

Product Name: MG-56 Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 86

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 256 35.0 102 32.4 16.62 220 112 162 ●▲

2 278 35.0 100 32.9 17.73 247 74 Back Gouging ●▲

3 264 30.0 129 25.6 18.58 183 96 151 ●▲

4 276 33.0 136 24.2 22.55 236 129 137 ●▲

5 240 33.0 75 44.0 10.80 236 134 39 ●▲

6 270 33.0 93 35.5 15.07 184 127 130 ●▲

7 242 33.0 102 32.4 14.81 256 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.14 Top beam flange-to-column face welding procedure specification of Specimen 2 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 24, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 3 (Top Flange) Temperature 22℃ Humidity 58%

(Base Metal) Thickness: 25mm Width: 376mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 10mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 16 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 66

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 226 33.2 88 25.6 17.60 79 73 75 ●▲

2 222 33.4 111 20.3 21.89 146 120 100 ●▲

3 234 33.4 114 19.8 23.70 149 139 105 ●▲

4 232 33.6 57 39.6 11.82 138 140 75 ●▲

5 234 33.6 72 31.3 15.06 178 126 195 ●▲

6 246 33.2 85 26.5 18.51 146 147 70 ●▲

7 246 33.2 70 32.1 15.25 182 138 158 ●▲

8 252 33.6 82 27.5 18.51 158 164 65 ●▲

9 246 33.8 87 25.9 19.24 208 182 90 ●▲

10 248 33.6 80 28.3 17.69 148 174 55 ●▲

11 234 33.6 50 45.3 10.41 184 169 70 ●▲

12 262 33.6 60 37.6 14.05 213 188 205 ●▲

13 232 33.8 53 42.7 11.01 168 169 50 ●▲

14 224 33.8 55 40.9 11.12 196 169 120 ●▲

15 224 33.6 76 29.6 15.25 198 191 70 ●▲

16 264 33.6 70 32.1 16.56 187 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.15 Bottom right beam flange-to-column face welding procedure specification of Specimen 2 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 24, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 3 (Bottom Flange Right)Temperature 22℃ Humidity 58%

(Base Metal) Thickness: 25mm Width: 205mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 10mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 20 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 52

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 232 33.8 42 29.3 16.06 62 65 80 ●▲

2 246 33.6 25 48.8 10.16 72 73 85 ●▲

3 246 33.4 30 41.0 12.02 125 122 70 ●▲

4 242 33.4 34 36.0 13.49 142 136 105 ●▲

5 242 33.4 31 39.4 12.30 166 162 65 ●▲

6 258 33.6 30 41.0 12.69 154 163 55 ●▲

7 236 33.8 35 35.3 13.54 203 196 80 ●▲

8 232 33.6 34 36.0 13.01 197 184 76 ●▲

9 232 33.6 37 33.1 14.15 218 206 84 ●▲

10 250 33.6 39 31.5 15.98 209 194 78 ●▲

11 226 33.6 35 35.3 12.89 232 195 105 ●▲

12 236 33.6 44 28.1 16.94 213 186 90 ●▲

13 234 33.4 39 31.5 14.87 247 176 161 ●▲

14 248 33.8 31 39.4 12.76 168 163 60 ●▲

15 252 33.6 28 43.6 11.65 194 177 75 ●▲

16 248 33.2 30 41.0 12.05 206 184 75 ●▲

17 242 33.2 32 38.7 12.46 235 208 75 ●▲

18 222 33.4 35 35.3 12.59 223 218 60 ●▲

19 242 33.2 35 35.3 13.64 208 168 110 ●▲

20 246 33.4 34 36.0 13.71 183 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.16 Bottom left beam flange-to-column face welding procedure specification of Specimen 2 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 24, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 3 (Bottom Flange Left) Temperature 22℃ Humidity 58%

(Base Metal) Thickness: 25mm Width: 185mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 10mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　8 layers 18 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 72

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 222 33.6 43 25.7 17.42 78 79 45 ●▲

2 232 33.6 23 48.7 9.61 79 82 55 ●▲

3 234 33.6 32 34.9 13.51 132 151 56 ●▲

4 240 33.6 33 33.6 14.38 154 161 50 ●▲

5 246 33.4 30 37.0 13.32 202 206 55 ●▲

6 248 33.6 36 30.8 16.22 190 176 115 ●▲

7 248 33.6 36 30.8 16.22 222 179 110 ●▲

8 240 33.6 37 29.8 16.21 178 192 56 ●▲

9 236 33.2 40 27.6 17.03 261 189 200 ●▲

10 222 33.4 34 32.5 13.71 193 189 70 ●▲

11 238 33.6 22 50.0 9.60 204 198 50 ●▲

12 252 33.4 27 41.1 12.28 252 179 200 ●▲

13 246 33.4 36 30.8 15.99 191 188 57 ●▲

14 246 33.4 30 37.0 13.32 212 206 48 ●▲

15 242 33.4 29 38.5 12.58 272 189 150 ●▲

16 232 33.2 32 34.9 13.24 218 206 130 ●▲

17 254 33.2 30 37.0 13.67 222 207 60 ●▲

18 234 33.0 35 31.9 14.52 204 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.17 Beam web-to-column face welding procedure specification of Specimen 2 east beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 24, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 3 (Web) Temperature 22℃ Humidity 58%

(Base Metal) Thickness: 16mm Width: 530mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 10mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Vertical PositionShielding Gas: CO2 (100%) 　7 layers 11 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification:

A5.36 E71T1-C1A0-CS1 

(AWS)

Product Name: SF-1V Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 53

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 164 24.6 170 18.7 12.92 87 78 100 ●▲

2 164 24.8 190 16.7 14.60 106 93 70 ●▲

3 162 24.8 218 14.6 16.51 116 112 55 ●▲

4 172 24.6 140 22.8 11.16 134 118 105 ●▲

5 178 24.8 165 19.3 13.74 135 119 100 ●▲

6 166 24.8 178 17.9 13.84 144 126 140 ●▲

7 174 24.2 155 20.5 12.30 128 116 170 ●▲

8 170 25.0 173 18.4 13.86 129 118 72 ●▲

9 164 25.4 172 18.5 13.53 119 114 130 ●▲

10 162 25.4 170 18.7 13.18 122 120 70 ●▲

11 172 24.6 182 17.5 14.52 126 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.18 Shear tab-to-column face welding procedure specification of Specimen 2 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date May 13, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 4 (Shear Tab) Temperature 16℃ Humidity 61%

(Base Metal) Thickness: 16mm Width: 550mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 0mm Recorder's Name Huy

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　6 layers 7 passes

Welding Wire Manufacturer: Kobe Steel, ltd. Classification: YGW18 (JIS)

Product Name: MG-56 Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 79

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 280 35.0 91 36.2 16.25 213 104 110 ●▲

2 284 35.0 95 34.8 17.13 203 77 Back Gouging ●▲

3 242 33.0 112 29.4 16.29 166 94 198 ●▲

4 256 33.0 132 25.0 20.28 241 122 127 ●▲

5 240 32.0 86 38.5 11.98 220 142 97 ●▲

6 252 33.0 99 33.3 14.97 175 160 55 ●▲

7 252 32.0 103 32.0 15.13 246 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.19 Top beam flange-to-column face welding procedure specification of Specimen 2 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 23, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 4 (Top Flange) Temperature 21.5℃ Humidity 58%

(Base Metal) Thickness: 25mm Width: 375mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 10mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 15 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 61.2

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 234 34.0 85 26.4 18.07 73 71 80 ●▲

2 236 34.8 112 20.1 24.58 151 115 135 ●▲

3 250 34.6 101 22.3 23.25 166 125 156 ●▲

4 252 35.0 55 40.8 12.98 140 133 53 ●▲

5 248 34.8 56 40.3 12.84 187 152 100 ●▲

6 250 35.0 60 37.5 14.00 166 139 105 ●▲

7 252 34.8 71 31.8 16.56 209 147 159 ●▲

8 246 34.6 67 33.5 15.25 174 136 124 ●▲

9 234 34.6 91 24.7 19.69 214 159 135 ●▲

10 240 34.6 87 25.9 19.27 185 158 120 ●▲

11 242 34.6 94 23.9 21.03 228 184 125 ●▲

12 230 34.8 78 28.9 16.65 179 142 180 ●▲

13 220 35.0 67 33.5 13.80 183 133 180 ●▲

14 286 34.2 63 35.7 16.43 205 161 100 ●▲

15 240 34.6 74 30.5 16.34 163 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.20 Bottom right beam flange-to-column face welding procedure specification of Specimen 2 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 23, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 4 (Bottom Flange Right)Temperature 21.5℃ Humidity 58%

(Base Metal) Thickness: 25mm Width: 185mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 10mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 17 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 66

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 234 34.6 40 27.6 17.59 76 74 45 ●▲

2 230 34.8 57 19.5 24.67 146 128 120 ●▲

3 233 35.0 29 38.5 12.70 136 128 80 ●▲

4 272 34.6 30 37.0 15.26 192 146 120 ●▲

5 234 34.8 31 35.6 13.73 156 149 85 ●▲

6 254 34.8 36 30.8 17.20 209 148 140 ●▲

7 246 34.6 41 27.2 18.77 174 165 85 ●▲

8 234 34.6 41 27.2 17.85 215 171 105 ●▲

9 250 34.6 42 26.4 19.64 198 180 70 ●▲

10 252 34.6 42 26.4 19.79 257 176 155 ●▲

11 250 34.6 36 30.8 16.83 178 186 65 ●▲

12 256 34.6 25 44.1 12.06 220 184 110 ●▲

13 276 34.8 26 43.0 13.40 240 190 150 ●▲

14 252 34.8 27 41.1 12.80 223 190 96 ●▲

15 248 34.8 30 37.0 14.00 200 180 120 ●▲

16 272 34.8 23 48.7 11.67 212 186 77 ●▲

17 254 34.6 31 35.6 14.82 194 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.21 Bottom left beam flange-to-column face welding procedure specification of Specimen 2 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 23, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 4 (Bottom Flange Left) Temperature 21.5℃ Humidity 58%

(Base Metal) Thickness: 25mm Width: 195mm Welder's Name Yoshiba

Groove Design Bevel Angle: 30° Root Gap: 10mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Flat Position Shielding Gas: CO2 (100%) 　9 layers 17 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification: YGW18 (JIS)

Product Name: YM-55C Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 71

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 240 34.6 40 29.1 17.12 78 84 60 ●▲

2 230 34.4 43 27.1 17.53 145 122 140 ●▲

3 232 34.6 43 27.1 17.79 165 163 60 ●▲

4 240 34.4 31 37.5 13.21 162 169 66 ●▲

5 248 34.4 32 36.8 13.91 212 207 70 ●▲

6 240 34.4 44 26.7 18.55 201 194 75 ●▲

7 252 33.8 36 32.5 15.72 249 169 150 ●▲

8 258 34.4 36 32.5 16.38 194 168 94 ●▲

9 236 34.2 39 30.0 16.14 219 214 96 ●▲

10 234 34.6 29 40.6 11.96 209 185 66 ●▲

11 254 34.4 22 52.7 9.95 205 189 70 ●▲

12 242 34.0 30 39.0 12.66 279 192 126 ●▲

13 246 34.4 29 40.6 12.50 210 190 102 ●▲

14 242 34.2 23 51.3 9.68 213 187 96 ●▲

15 240 34.4 35 33.6 14.73 251 227 70 ●▲

16 262 34.2 28 41.5 12.96 239 228 50 ●▲

17 232 34.6 35 33.6 14.33 221 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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Figure D.22 Beam web-to-column face welding procedure specification of Specimen 2 west beam. 

Project H-Beam to H-Column Connection Interior Joint Specimen Date June 23, 2021 Weather Cloudy

Specimen Grade: SN490B No.: 4 (Web) Temperature 21.5℃ Humidity 57%

(Base Metal) Thickness: 16mm Width: 530mm Welder's Name Yoshiba

Groove Design Bevel Angle: 45° Root Gap: 10mm Recorder's Name Ueno

Welding Process Gas Metal Arc Welding (Semi-Automatic Welding) Welding Sequence

Welding Position:Vertical PositionShielding Gas: CO2 (100%) 　6 layers 9 passes

Welding Wire Manufacturer:
Nippon Steel Welding &

 Engineering co.,ltd.
Classification:

A5.36 E71T1-C1A0-CS1 

(AWS)

Product Name: SF-1V Wire Diameter: 1.2mm

Maximum Heat Input 30kJ/cm Maximum Interpass Temperature250℃

Measuring Instrument Adachi HD1200K Initial Temperature(℃): 51

Pass No. Current Voltage Arcing Time Travel Speed Heat Input Post-Weld Interpass Interval Time Remarks

Temperature Temperature

(A) (V) (sec) (cm/min) (kJ/cm) (℃) (℃) (sec)

1 162 26.6 174 18.3 14.14 93 75 130 ●▲

2 154 25.4 207 15.4 15.28 105 76 240 ●▲

3 170 26.0 204 15.6 17.01 120 95 198 ●▲

4 170 26.0 143 22.3 11.91 140 105 130 ●▲

5 174 26.0 153 20.8 13.06 132 107 135 ●▲

6 174 25.8 164 19.4 13.88 253 116 135 ●▲

7 176 26.0 159 21.4 12.85 134 107 165 ●▲

8 174 26.6 210 15.1 18.34 157 108 220 ●▲

9 170 26.4 179 17.8 15.14 135 － －

Notes: ●・・・Slag Removal　　▲・・・Nozzle Cleaning
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D.3 Ultrasonic test results 

 

Figure D.23 Locations of welds subjected to ultrasonic test. 
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Table D.2 Overview of the ultrasonic test results of both test specimens. 

 

Weld identification

Number of 

Inspection

s

Number of 

Visual 

Inspections

Number of 

Failures

Acceptanc

e 

Rate

Number of 

UT

Inspections

Number of 

Failures

Acceptanc

e 

Rate

Number of

Acceptable

Defects

Defect

No.

Inspectio

n 

Date

1 A1-GP (Shear Tab) 1 1 0 100% 1 0 100% 1 1 5/14/2021

2 A2-GP (Shear Tab) 1 1 0 100% 1 0 100% 0 － 5/14/2021

3 B3-GP (Shear Tab) 1 1 0 100% 1 0 100% 0 － 5/14/2021

4 B4-GP (Shear Tab) 1 1 0 100% 1 0 100% 0 － 5/14/2021

5 B3-FU (Top Flange) 1 1 0 100% 1 0 100% 0 － 6/24/2021

6 B3-FL (Bottom Flange) 1 1 0 100% 1 0 100% 0 － 6/24/2021

7 B3-GW (Web) 1 1 0 100% 1 0 100% 0 － 6/24/2021

8 B4-FU (Top Flange) 1 1 0 100% 1 0 100% 0 － 6/25/2021

9 B4-FL (Bottom Flange) 1 1 0 100% 1 0 100% 0 － 6/25/2021

10 B4-GW (Web) 1 1 0 100% 1 0 100% 0 － 6/25/2021

11 A1-FU (Top Flange) 1 1 0 100% 1 0 100% 0 － 7/2/2021

12 A1-FL (Bottom Flange) 1 1 0 100% 1 0 100% 0 － 7/2/2021

13 A1-GW (Web) 1 1 0 100% 1 0 100% 0 － 7/2/2021

14 A2-FU (Top Flange) 1 1 0 100% 1 0 100% 0 － 7/2/2021

15 A2-FL (Bottom Flange) 1 1 0 100% 1 0 100% 1 2 7/2/2021

16 A2-GW (Web) 1 1 0 100% 1 0 100% 0 － 7/2/2021

Subtotal 16 16 0 100% 16 0 100% 2 1,2
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Figure D.24 Ultrasonic test results.  

Defect 

No.

Acceptance

/ Rejection

Weld 

identification
Groove Design

Thickness

of 

inspected

plate

UT 

Length
Surface

Probe

Angle
Location (mm)

Region 

of echo 

height

Single 

Defect 

Length

Equivalen

t Single 

Defect

Length

Summation
Threshold 

Length
Re-inspection

(mm) (mm) (°) X Y W d k (mm) (mm) (mm) (mm)

1 Accept
A1-GP

(Shear Tab)

K (Double 

Bevel Groove)
16 550 A 70 245 38 33 11 7 III 15 15 － 20 －

2 Accept
A2-FL 

(Bottom Flange)

レ (Single 

Bevel Groove)
25 300 B 70 160 40 28 15 14 III 15 15 － 25 －

Location of Defect

1 Location on the plane

Location in cross section

2 Location on the plane

Location in cross section

Definitions: X:Distance from left end of the weld seam to start of the defect

Y:Distance from reference line to probe

W:Ultrasonic transmission distance from probe to the defect

d:Depth from surfae to the defect

k:Y-direction distance from reference line to the defect

L:Single defect length

Surface A

Surface B

Surface A

Surface B

Weld seam

Weld seam

Surface A

Surface B

Surface C

Surface D
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Appendix E. Material test results 

Description 

This appendix includes material test results from coupons extracted from the web and flanges of the steel 

beams and columns of the test specimens described in Chapter 5. 
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E.1 Monotonic material test results 

  

Figure E.1 Representative monotonic coupon test before and after test (Column flange, 2nd test). 

 

Figure E.2 Monotonic coupon test results: (a) beam web; (b) beam flange; (c) column web; and (d) column 

flange. 
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E.2 Cyclic material test results 

The 10 strain-based uniaxial loading protocols based on the testing procedures of de Castro e Sousa et al. 

(2020) are described herein. The cyclic coupon test results are compared with the simulation results by em-

ploying the multiaxial constitutive law proposed by Hartloper et al. (2021), based on two backstresses. The 

calibrated material model parameters are shown in Table E.1 for the column and beam flanges and webs, 

where 𝐸 is the Young’s modulus, 𝜎𝑦,0 is the equivalent yield stress at zero plastic strain, 𝑄∞ and 𝑏 are the 

maximum and the rate of expansion of the yield surface, accordingly, 𝐷∞ and 𝑎 are the magnitude and rate 

of decrease in the initial yield stress, accordingly, 𝐶𝑘 and 𝛾𝑘 are parameters that describe the magnitude and 

rate of the yield surface translation of the backstress component 𝑘. 

Table E.1 Calibrated parameters of multiaxial constitutive law for the steel material of columns and beams. 

Parameter 
𝐸 

(MPa) 

𝜎𝑦,0 

(MPa) 

𝑄∞ 

(MPa) 
𝑏  

𝐷∞ 

(MPa) 
𝑎  

𝐶1 

(MPa) 
𝛾1  

𝐶2 

(MPa) 
𝛾2  

Column flange 182459 324.7 144.6 16.6 95.8 280.2 21872.5 185.0 2586.2 15.3 

Column web 182120 329.0 144.1 18.6 107.2 227.8 19457.9 158.6 2270.4 12.4 

Beam flange 181105 358.1 141.4 21.1 148.2 138.5 16047.8 130.2 1498.9 7.7 

Beam web 172061 385.6 120.9 19.1 143.5 145.7 16984.2 132.5 1835.5 9.2 

 

  

Figure E.3 Representative cyclic coupon test before and after test (Column flange, loading protocol 3). 
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Figure E.4 Beam web coupon test and simulation results. 
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Figure E.5 Beam flange coupon test and simulation results. 
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Figure E.6 Column web coupon test and simulation results. 
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Figure E.7 Column flange coupon test and simulation results. 
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E.3 Material test results from measured experimental strain histories 

The calibrated material model described in Chapter 5 is validated based on eight additional material tests 

based on realistic experimental strain histories. The applied strain histories come from the following critical 

test specimen locations (same locations for Specimen 1 and 2): 

• Beam flange: west beam, south flange, middle strain gauge, plastic hinge region. 

• Beam web: west beam, north side, horizontal rosette component, plastic hinge region. 

• Column flange: west side, below panel zone, bottom side. 

• Column web: panel zone centre, diagonal rosette component. 

The applied strain gauge histories are shown in Fig. E.8 for Specimen 1 and in Fig. E.9 for Specimen 2. 

The comparisons of the tested coupons with the calibrated material model (referred to as “Simulation”) are 

shown in Figs. E.10-E.13. 

 

Figure E.8 Experimental strain histories: Specimen 1. 

 

Figure E.9 Experimental strain histories: Specimen 2. 
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(a) (b) 

Figure E.10 Beam web coupon test and simulation results based on experimental strain histories: (a) Speci-

men 1; and (b) Specimen 2. 

  

(a) (b) 

Figure E.11 Beam flange coupon test and simulation results based on experimental strain histories: (a) Spec-

imen 1; and (b) Specimen 2. 

  

(a) (b) 

Figure E.12 Column web coupon test and simulation results based on experimental strain histories: (a) Spec-

imen 1; and (b) Specimen 2. 
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(a) (b) 

Figure E.13 Column flange coupon test and simulation results based on experimental strain histories: (a) 

Specimen 1; and (b) Specimen 2. 
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Appendix F. Detailing requirements and design 

procedure of the proposed welded connections 

and summary of experimental results of test spec-

imens 

Description 

This appendix includes the design and detailing requirements for the test specimens described in Chapter 5, 

as well as a brief summary of the experimental results. 
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F.1 Detailing requirements and design procedure of the proposed welded connec-

tions 

The proposed welded unreinforced flange-welded web (WUF-W) moment connection is described in this 

section, as illustrated in Fig. F.1. The connection features: (a) the beveled backing bars developed in Chapter 

4 that are intentionally kept in place after the execution of the complete joint penetration (CJP) welds in the 

beam flange to column face connection, (b) a balanced participation of the panel zones and the adjoining 

beams in the energy dissipation, and (c) toughness requirements in the through-thickness direction of the 

column mild steel material. In this design context, the panel zones are designed to attain shear distortions of 

10𝛾𝑦 when the beams reach their capping moment, while beam local instabilities are expected for lateral drift 

demands exceeding 4% rad (associated with the 2475 return period earthquake event). The proposed targeted 

panel zone deformations are based on findings from Chapters 2 to 6. 

 

Figure F.1 Proposed welded unreinforced moment connection detailing. 

F.1.1 Detailing requirements of the proposed welded connections 

• The beams feature the access hole geometry of AWS D1.8/D1.8M:2016 (AWS 2016), Section 6.11.1.2. 

• Continuity plates in the column may be deemed imperative, if any of the required flange local bending, 

web local yielding, web local crippling, web sidesway buckling and web compression buckling strengths 

exceed the available strengths, according to ANSI/AISC 360-16, Section J10.1-J10.5 (AISC 2016b). The 

continuity plate requirements should conform with ANSI/AISC 341-16, Section E3.6f (AISC 2016a). 

• Doubler plates in the column may be deemed imperative to achieve the targeted panel zone design dis-

tortions. The doubler plate requirements should conform with ANSI/AISC 341-16, Section E3.6e.3 

(AISC 2016a). 

25

6

1
4

10

51°
Detail

Phase 1

Phase 2

25

6

1
2

6

45°

Detail

Detail



Appendix F: Detailing requirements and design procedure of the proposed welded connections and summary of experimental results of test specimens 

255 

• The thickness of the column web and the doubler plates (if applicable) should conform with ANSI/AISC 

341-16, Section E3.6e.2 (AISC 2016a) to prevent shear buckling. 

• The shear tab is shop-welded to the column with double bevel CJP welds. The geometry of the shear tab 

complies with ANSI/AISC 358-16, Section 8.6 (AISC 2016c). 

• The beams are positioned in place with the aid of erection bolts. 

• The beveled weld backing bars shall be tack welded to the beam flanges at the interior of the beam 

flange groove angle (see “Detail” of Fig. F.1). Tack welds should not be executed in other locations. De-

pending on the root length of the beam flange-to-column face CJP welds (i.e., either 6mm or 10mm), the 

backing bar geometry is illustrated in Fig. F.1. Fillet weld reinforcement between the backing bar and the 

column face or the beam flanges shall be prohibited. 

• To satisfy a smooth start and end of the CJP welding, runoff tabs shall be installed at the end of the beam 

flanges. After the execution of the CJP welds, runoff tabs should be removed according to ANSI/AISC 

358-16, Section 3.4 (AISC 2016c). 

• The beam flanges and beam web shall be connected to the column face using CJP welds (see Fig. F.1). 

The weld properties shall conform with the requirements of demand critical welds of ANSI/AISC 341-16 

(AISC 2016a) and AWS D1.8/D1.8M:2016 (AWS 2016). 

• The shear tab shall be connected to the beam web with fillet welds, according to ANSI/AISC 358-16, 

Section 8.6 (AISC 2016c). 

• Nondestructive ultrasonic testing shall be performed in all demand critical welds to identify potential 

discontinuities, as per AWS D1.8/D1.8M:2016 (AWS 2016). 

• The lateral bracing of the beams and the columns should conform to the requirements of ANSI/AISC 

341-16 (AISC 2016a). No attachment of lateral bracing shall be placed between the column face and a 

distance 𝑑𝑏 from it (where 𝑑𝑏 is the beam depth), since this area is deemed to be a protected zone. 

F.1.2 Design procedure of the proposed welded connections 

Step 1: Compute the probable maximum beam end moment at the beam plastic hinge location according to 

Eq. (6.1). 

𝑀𝑝𝑟 = 𝐶𝑝𝑟𝑅𝑦𝐹𝑦𝑍𝑒  (F.1) 

𝐶𝑝𝑟 =
𝐹𝑦 + 𝐹𝑢

2𝐹𝑦
≤ 1.2 (F.2) 

Where 𝐶𝑝𝑟 is the factor to account for the peak connection strength as per Eq. (F.2); 𝐹𝑦 is the specified min-

imum yield stress of the beam; 𝐹𝑢 is the specified minimum tensile stress of the beam; 𝑅𝑦 is the ratio of the 

expected to specified minimum yield stress as per ANSI/AISC 341-16 (AISC 2016a); 𝑍𝑒 is the effective 

plastic modulus of the beam within the assumed plastic hinge location. 
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The plastic hinge location is assumed at the column face location. 

Step 2: Compute the panel zone available shear strength at 10𝛾𝑦 shear distortions, which is the design target, 

according to Eq. (F.3). This is based on the panel zone strength model developed in Chapter 3, Eq. (3.18). 

𝑉10𝛾𝑦 = 𝑉6𝛾𝑦 + 2 ∙ (𝑉6𝛾𝑦 − 𝑉4𝛾𝑦) (F.3) 

Step 3: Compute the panel zone required shear strength according to Eq. (2.10). 

𝑅𝑢 =
𝑎𝑀𝑝𝑟
𝑑𝑏 − 𝑡𝑏𝑓

∙ (
1 −

𝑎𝑑𝑐
2𝐿𝑏

−
𝑑𝑏
𝐻𝑐

1 −
𝑎𝑑𝑐
2𝐿𝑏

) (F.4) 

Where 𝑎 = 1 for exterior joints and 𝑎 = 2 for interior joints; 𝑑𝑏 is the beam depth; 𝑡𝑏𝑓 is the beam flange 

thickness; 𝑑𝑐 is the column depth; 𝐿𝑏 is the inflection point-to-inflection point beam length; 𝐻𝑐 is the inflec-

tion point-to-inflection point column height. 

Step 4: Compute the required doubler plate thickness, if applicable. 

If 𝑉10𝛾𝑦 ≥ 𝑅𝑢, then no doubler plates are needed. 

If 𝑉10𝛾𝑦 < 𝑅𝑢, then doubler plates should be designed with a thickness such that 𝑉10𝛾𝑦 ≥ 𝑅𝑢. 

Step 5: Compute the shear force at the beam plastic hinge region, 𝑉ℎ, according to ANSI/AISC 358-16, Sec-

tion 8.7. Step 3 (AISC 2016c). Based on 𝑉ℎ, compute the strong column weak beam ratio according to AN-

SI/AISC 358-16, Section 8.4.(2) (AISC 2016c) and check if the beam design shear strength is higher than 𝑉ℎ 

at both beam ends. 

Step 6: Check for continuity plate requirements according to Section F.1.1 of this Ph.D. thesis. 
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F.2 Summary of experimental results of Specimen 1 

F.2.1 Specimen 1 connection and test setup details 

The experimental results of Specimen 1 of the testing program of Chapter 5 are summarized in this section. 

The testing program information is summarized in Table F.1. The welded beam-to-column connection is 

illustrated in Fig. F.2. A schematic of the test setup is illustrated in Fig. F.3. The material properties together 

with some connection detailing information are summarized in Table F.2. 

 Table F.1 Testing program information of Specimen 1. 

Specimen IDs Specimen 1 

Keywords Welded beam-to-column connections, inelastic panel zones, full-scale experi-

ments, beveled weld backing bars, ductile tearing fracture 

Test location Hasaki Research and Development Center, Nippon Steel Corporation 

Test date 17th August 2021 

Principal investigators A. Skiadopoulos, D. G. Lignos, M. Arita, S. Hiroshima 

Reference Skiadopoulos, A. (2022). “Welded moment connections with highly dissipative 

panel zones for enhanced seismic performance of steel moment frames.” PhD 

Thesis, School of Architecture, Civil and Environmental Engineering, École 

Polytechnique Fédérale de Lausanne (EPFL), Switzerland. 

Funding source 
Nippon Steel Corporation (NSC) 

École Polytechnique Fédérale de Lausanne (EPFL) 

 

Figure F.2 Beam-to-column connection detailing of Specimen 1. 
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Figure F.3 Schematic of the test setup of Specimen 1. 

Table F.2 Material properties and test specimen details of Specimen 1. 

Member Size Grade 
Yield stress 

(MPa) 
Ultimate stress 

(MPa) 

Beam HY650x300x16x25 
SN490B 

(𝑓𝑦 = 325 MPa) 
Flange: 363 

Web: 398 

Flange: 509 

Web: 525 

Column H498x432x45/70 
SM490A 

(𝑓𝑦 = 325 MPa) 
Flange: 368 

Web: 363 

Flange: 531 

Web: 528 

Welding details 

All welds were performed as per the gas metal arc welding (GMAW) procedure 

The beam web and beam flange-to-column face complete joint penetration 

welds were designed as demand critical welds 

Ultrasonic testing was performed in these welds 

The diameter of the wire was 1.2 mm in all welds and all weld passes 

A preheat of 50°C was applied in all complete joint penetration welds 

Maximum heat input: 30-40 kJ/cm 

Maximum permissible temperature between passes: 250-350°C 

Panel zone No doubler and no continuity plates 

Boundary conditions 

Beam-loaded interior subassembly tested in horizontal position 

No beam composite action 

Constant compressive axial load applied at the column south location of magni-

tude 0.2𝑃𝑦 = 5000 kN (𝑃𝑦 is the column axial yield strength) 

Loading protocol Standard cyclic symmetric loading protocol (AISC 2016a) 

Other details All field welds were performed with the column in the upright position 
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F.2.2 Specimen 1 experimental results 

Specimen 1 was subjected to a standard cyclic symmetric loading protocol (AISC 2016a) so that the connec-

tion performance is compared with the prequalification requirements of AISC (2016b). The story shear re-

sistance versus story drift ratio, the panel zone shear force versus normalized panel zone shear distortions, 

𝛾/𝛾𝑦, as well as the west and east beam end moments at the column face location versus beam chord rota-

tions are shown in Fig. F.4. Key experimental observations of Specimen 1 are shown in Table F.3, while the 

experimental results of Specimen 1 are summarized in Table F.4. In Fig. F.5, characteristic views of the 

Specimen 1 are shown that correspond to points 2 to 5 of Table F.3. 

At 4% rad lateral drift demands, Specimen 1 exhibited a stable hysteretic response and met the prequalifica-

tion criteria of AISC (2016b). Specimen 1 showed a stable hysteretic response up until 7% rad, where ductile 

tearing cracks initiated at the weld root of the beam top flanges near the column face and propagated slightly 

through the thickness of the column flange. At 8% rad, ductile tearing crack initiated at the weld root be-

tween the bottom beam flange and the column face. At 9% rad, the beam-to-column connection lost its load 

carrying capacity. 

  

  

Figure F.4 Specimen 1 hysteretic responses of: (a) subassembly; (b) panel zone; (c) west beam; and (d) east 

beam. 
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Table F.3 Key experimental observations of Specimen 1. 

Applied drift ratio Point Description 

 

1 Onset of panel zone shear yielding 

2 Onset of beam flange yielding 

3 Onset of beam local buckling 

4 

Ductile tearing cracks initiated at the weld 

root of the beam top flanges near the column 

face and propagated slightly through the 

thickness of the column flange 

5 

Ductile tearing crack initiated at the weld root 

between the bottom beam flange and the col-

umn face 

Table F.4 Summary of Specimen 1 experimental results. 

Quantity Maximum 

Force/Deformation 
Peak actuator force [kN] 

Beam tip displacement [mm] 

1265 

360 

Rotation 

Story drift ratio [% rad] 

Panel zone shear distortions [% rad] 

Beam chord rotation [% rad] 

Cumulative story drift ratio [% rad] 

9.0 

4.8 (16𝛾𝑦) 

2.9 

380 

Cumulative energy 

dissipation 

Beams [kNm] 

Panel zone [kNm] 

Column [kNm] 

Total [kNm] 

3003 

6424 

0 

9427 

 

Figure F.5 Characteristic views of Specimen 1 during the experiment. 
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F.3 Summary of experimental results of Specimen 2 

F.3.1 Specimen 2 connection and test setup details 

The experimental results of Specimen 2 of the testing program of Chapter 5 are summarized in this section. 

The testing program information is summarized in Table F.5. The welded beam-to-column connection is 

illustrated in Fig. F.6. A schematic of the test setup is illustrated in Fig. F.7. The material properties together 

with some connection detailing information are summarized in Table F.6. 

 Table F.5 Testing program information of Specimen 2. 

Specimen IDs Specimen 2 

Keywords Welded beam-to-column connections, inelastic panel zones, full-scale experi-

ments, beveled weld backing bars, ductile tearing fracture 

Test location Hasaki Research and Development Center, Nippon Steel Corporation 

Test date 28th September 2021 

Principal investigators A. Skiadopoulos, D. G. Lignos, M. Arita, S. Hiroshima 

Reference Skiadopoulos, A. (2022). “Welded moment connections with highly dissipative 

panel zones for enhanced seismic performance of steel moment frames.” PhD 

Thesis, School of Architecture, Civil and Environmental Engineering, École 

Polytechnique Fédérale de Lausanne (EPFL), Switzerland. 

Funding source 
Nippon Steel Corporation (NSC) 

École Polytechnique Fédérale de Lausanne (EPFL) 

 

Figure F.6 Beam-to-column connection detailing of Specimen 2. 
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Figure F.7 Schematic of the test setup of Specimen 2. 

Table F.6 Material properties and test specimen details of Specimen 2. 

Member Size Grade 
Yield stress 

(MPa) 
Ultimate stress 

(MPa) 

Beam HY650x300x16x25 
SN490B 

(𝑓𝑦 = 325 MPa) 
Flange: 363 

Web: 398 

Flange: 509 

Web: 525 

Column H498x432x45/70 
SM490A 

(𝑓𝑦 = 325 MPa) 
Flange: 368 

Web: 363 

Flange: 531 

Web: 528 

Welding details 

All welds were performed as per the gas metal arc welding (GMAW) procedure 

The beam web and beam flange-to-column face complete joint penetration 

welds were designed as demand critical welds 

Ultrasonic testing was performed in these welds 

The diameter of the wire was 1.2 mm in all welds and all weld passes 

A preheat of 50°C was applied in all complete joint penetration welds 

Maximum heat input: 30-40 kJ/cm 

Maximum permissible temperature between passes: 250-350°C 

Panel zone No doubler and no continuity plates 

Boundary conditions 

Beam-loaded interior subassembly tested in horizontal position 

No beam composite action 

Constant compressive axial load applied at the column south location of magni-

tude 0.2𝑃𝑦 = 5000 kN (𝑃𝑦 is the column axial yield strength) 

Loading protocol 
SAC Near fault (Krawinkler et al. 2000)/Collapse-consistent (Suzuki and Li-

gnos 2020)/Cyclic intervals of ±10% rad drift ratio 

Other details All field welds were performed with the column in the upright position 
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F.3.2 Experimental results of Specimen 2 

Specimen 2 was subjected to three loading protocols: (a) the SAC near-fault asymmetric loading protocol 

(Krawinkler et al. 2000); (b) the collapse-consistent loading protocol by Suzuki and Lignos (2020); and (c) 

cyclic intervals of ±10% rad drift ratio until loss of the load-carrying capacity. The story shear resistance 

versus story drift ratio, the panel zone shear force versus normalized panel zone shear distortions, 𝛾/𝛾𝑦, as 

well as the west and east beam end moments at the column face location versus beam chord rotations are 

shown in Fig. F.8. Key experimental observations of Specimen 2 are shown in Table F.7, while the experi-

mental results of Specimen 2 are summarized in Table F.8. In Fig. F.9, characteristic views of the Specimen 

2 are shown that corresponds to points 1 to 4 of Table F.7. 

Specimen 2 showed a stable hysteretic response until the end of the collapse-consistent loading protocol, 

even with the backing bars being present, the panel zone reaching 30𝛾𝑦 shear distortions and the lateral drift 

demands reached 10% rad. During the third loading protocol, ductile tearing cracks propagated through the 

column thickness direction starting at the west beam top flange weld roots near the column face. Moreover, 

ductile tearing cracks propagated at the east beam top side near the shear tab end towards the column width 

direction. Macro-etching inspection results revealed no crack initiating from the beam flange backing bars. 

  

  

Figure F.8 Specimen 2 hysteretic responses of: (a) subassembly; (b) panel zone; (c) west beam; and (d) east 

beam. 
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Table F.7 Key experimental observations of Specimen 2. 

Applied drift ratio Point Description 

 

1 Onset of panel zone and beam flange yielding 

2 Panel zone reached 30𝛾𝑦 shear distortions 

3 

Ductile micro-cracks observed at the west 

beam top flange weld roots near the column 

face and near the access hole 

4 
Propagation of west beam cracks towards the 

column width and longitudinal direction 

5 

Ductile tearing crack propagated at the east 

beam top side near the shear tab end towards 

the column width direction 

6 

Ductile tearing crack propagated at the weld 

fusion of the west beam top flange towards 

the column flange thickness 
∗ 𝛾𝑦: panel zone shear distortion at yield 

Table F.8 Summary of Specimen 2 experimental results. 

Quantity Maximum 

Force/Deformation 
Peak actuator force [kN] 

Beam tip displacement [mm] 

1278 

400 

Rotation 

Story drift ratio [% rad] 

Panel zone shear distortions [% rad] 

Beam chord rotation [% rad] 

Cumulative story drift ratio [% rad] 

10.0 

8.9 (29𝛾𝑦) 

4.2 

235 

Cumulative energy 

dissipation 

Beams [kNm] 

Panel zone [kNm] 

Column [kNm] 

Total [kNm] 

1154 

3904 

0 

5058 

 

Figure F.9 Characteristic views of Specimen 2 during the experiment. 
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Appendix G. Design summaries of steel moment 

resisting frames with elastic and dissipative panel 

zones 

Description 

This appendix includes the design summaries of the 32 steel moment resisting frames with elastic and dissi-

pative panel zone designs, described in Chapter 6. 
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In this appendix, the thirty-two (32) archetype steel office building designs examined in Chapter 6 are sum-

marized. The designs are based on AISC (2016c; a; b); ASCE (2016). A soil class D and risk category II are 

assumed. The design location is urban California, and specifically Los Angeles, with (Latitude = 33.996° and 

Longitude = -118.162°). The design spectrum of the selected location in shown in Fig. G.1. The steel build-

ings comprise two perimeter steel MRFs, two orthogonal concentrically braced frames, and a gravity frame 

system, as depicted in the plan view in Fig. G.2. Four-, Eight-, 12- and 20-story steel buildings are consid-

ered. The typical story height is 4m in all examined cases. The first story height is 4.3m for the four-story 

steel MRF. The rest of the steel MRFs have a first story height of 4.2m. The elevation views of all MRFs are 

shown in Fig. G.3 (four-story), Fig. G.4 (eight-story), Fig. G.5 (twelve-story), and Fig. G.6 (twenty-story). 

Beams and columns are made of A992, Gr. 50 (i.e., nominal yield stress, 𝑓𝑦 = 345 MPa) with a 100mm 

thick slab that rests on a 90mm thick steel deck. Pre-qualified WUF-W beam-to-column connections are 

considered. 

The beam-to-column web panel zones are designed with the following targeted panel zone distortions, 𝛾𝑑 =

[1, 4, 10, 15] ∙ 𝛾𝑦, where 𝛾𝑦 is the panel zone shear distortions at yield. The last two values do not comply 

with AISC 360-16. The panel zone shear resistance, 𝑅𝑛 (AISC 2016b), over the panel zone shear demand, 

𝑅𝑢 (AISC 2016a), values are reported in Table G.1 for all the designs. Column splices are positioned at the 

mid-height of every other story. The MRFs are designed with a response modification coefficient, 𝑅 = 8, an 

overstrength factor, 𝛺0 = 3 and a deflection amplification factor, 𝐶𝑑 = 5.5. From Table G.2 to Table G.9, 

the cross sections of the beams and the columns and the doubler plate thicknesses are shown for all the steel 

MRF designs. 

 

Figure G.1 Design spectrum and archetype MRF periods. 
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Figure G.2 Plan view of the three- and five-bar steel MRFs. 

The MRFs are designed by considering: 

• P-Delta effects. 

• The panel zone contribution to the MRF deformations. 

• End beam offsets (physical dimensions of beams and columns). 

• Response spectrum analysis (RSA). 

• Wind design is neglected. 

The loads for which the MRFs are designed are the following: 

• Dead load: 4.3𝑘𝑁/𝑚2(90𝑝𝑠𝑓). 

• Live load floor: 2.4𝑘𝑁/𝑚2(50𝑝𝑠𝑓). 

• Dead load roof: 0.96𝑘𝑁/𝑚2(20𝑝𝑠𝑓). 

• Cladding: 1.2𝑘𝑁/𝑚2(25𝑝𝑠𝑓). 

• Earthquake load: design spectrum as shown in Fig. G.1. 

  

(a) (b) 

Figure G.3 Elevation view of the four-story steel MRFs: (a) three-bay; and (b) five-bay. 
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(a) (b) 

Figure G.4 Elevation view of the eight-story steel MRFs: (a) three-bay; and (b) five-bay. 

  

(a) (b) 

Figure G.5 Elevation view of the twelve-story steel MRFs: (a) three-bay; and (b) five-bay. 
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(a) (b) 

Figure G.6 Elevation view of the twenty-story steel MRFs: (a) three-bay; and (b) five-bay. 
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Table G.1 Archetype steel MRF panel zone shear resistance over panel zone shear demand values and first 

mode periods. 

  𝛾𝑑 𝑅𝑛/𝑅𝑢 𝑇1 (s) 

4-story 

3-bay 

𝛾𝑦 1.25 1.28 

4𝛾𝑦 1.03 1.29 

10𝛾𝑦 0.82 1.31 

15𝛾𝑦 0.79 1.32 

5-bay 

𝛾𝑦 1.26 1.28 

4𝛾𝑦 1.04 1.29 

10𝛾𝑦 0.85 1.31 

15𝛾𝑦 0.75 1.32 

8-story 

3-bay 

𝛾𝑦 1.22 2.04 

4𝛾𝑦 1.00 2.08 

10𝛾𝑦 0.85 2.11 

15𝛾𝑦 0.77 2.13 

5-bay 

𝛾𝑦 1.23 2.06 

4𝛾𝑦 0.98 2.09 

10𝛾𝑦 0.84 2.12 

15𝛾𝑦 0.74 2.14 

12-story 

3-bay 

𝛾𝑦 1.23 2.41 

4𝛾𝑦 0.97 2.45 

10𝛾𝑦 0.81 2.49 

15𝛾𝑦 0.75 2.50 

5-bay 

𝛾𝑦 1.21 2.47 

4𝛾𝑦 0.99 2.51 

10𝛾𝑦 0.84 2.55 

15𝛾𝑦 0.76 2.57 

20-story 

3-bay 

𝛾𝑦 1.24 3.91 

4𝛾𝑦 0.99 3.95 

10𝛾𝑦 0.83 3.98 

15𝛾𝑦 0.74 4.00 

5-bay 

𝛾𝑦 1.23 3.86 

4𝛾𝑦 0.97 3.91 

10𝛾𝑦 0.85 3.94 

15𝛾𝑦 0.75 3.97 
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Table G.2 Four-story, three-bay steel MRF design. 

Story/Floor 
Columns Doubler plates (in) 

Beam 
Exterior Interior 𝛾𝑑 = 𝛾𝑦 𝛾𝑑 = 4𝛾𝑦 𝛾𝑑 = 10𝛾𝑦 𝛾𝑑 = 15𝛾𝑦 

4/Roof W24x76 W24x84 4/16, 14/16 2/16, 10/16 0, 7/16 0, 6/16 W18x60 

3/4 
W24x103, 

W24x76 

W24x146, 

W24x84 
4/16, 14/16 2/16, 10/16 0, 7/16 0, 6/16 W18x60 

2/3 W24x103 W24x146 4/16, 15/16 2/16, 10/16 0, 7/16 0, 5/16 W24x76 

1/2 W24x103 W24x146 4/16, 15/16 2/16, 10/16 0, 7/16 0, 5/16 W24x76 

Table G.3 Four-story, five-bay steel MRF design. 

Story/Floor 
Columns Doubler plates (in) 

Beam 
Exterior Interior 𝛾𝑑 = 𝛾𝑦 𝛾𝑑 = 4𝛾𝑦 𝛾𝑑 = 10𝛾𝑦 𝛾𝑑 = 15𝛾𝑦 

4/Roof W21x50 W21x62 2/16, 10/16 1/16, 7/16 0, 5/16 0, 3/16 W18x40 

3/4 
W21x83, 

W21x50 

W21x111, 

W21x62 
2/16, 10/16 1/16, 7/16 0, 5/16 0, 3/16 W18x40 

2/3 W21x83 W21x111 4/16, 15/16 2/16, 11/16 0, 8/16 0, 6/16 W21x62 

1/2 W21x83 W21x111 4/16, 16/16 2/16, 11/16 0, 8/16 0, 6/16 W21x62 

Table G.4 Eight-story, three-bay MRF design. 

Story/Floor 
Columns Doubler plates (in) 

Beam 
Exterior Interior 𝛾𝑑 = 𝛾𝑦 𝛾𝑑 = 4𝛾𝑦 𝛾𝑑 = 10𝛾𝑦 𝛾𝑑 = 15𝛾𝑦 

8/Roof W24x94 W24x94 4/16, 15/16 2/16, 11/16 0, 8/16 0, 6/16 W21x68 

7/8 
W24x103, 

W24x94 

W24x131, 

W24x94 
4/16, 15/16 2/16, 11/16 0, 8/16 0, 6/16 W21x68 

6/7 W24x103 W24x131 4/16, 16/16 2/16, 11/16 0, 7/16 0, 6/16 W24x76 

5/6 
W24x131, 

W24x103 

W24x176, 

W24x131 
4/16, 16/16 2/16, 11/16 0, 7/16 0, 6/16 W24x76 

4/5 W24x131 W24x176 6/16, 18/16 3/16, 12/16 1/16, 9/16 0, 7/16 W27x94 

3/4 
W24x162, 

W24x131 

W24x192, 

W24x176 
6/16, 18/16 3/16, 12/16 1/16, 9/16 0, 7/16 W27x94 

2/3 W24x162 W24x192 5/16, 20/16 2/16, 13/16 0, 9/16 0, 7/16 W27x102 

1/2 W24x162 W24x192 5/16, 20/16 2/16, 13/16 0, 10/16 0, 7/16 W27x102 

Table G.5 Eight-story, five-bay MRF design. 

Story/Floor 
Columns Doubler plates (in) 

Beam 
Exterior Interior 𝛾𝑑 = 𝛾𝑦 𝛾𝑑 = 4𝛾𝑦 𝛾𝑑 = 10𝛾𝑦 𝛾𝑑 = 15𝛾𝑦 

8/Roof W24x62 W24x84 3/16, 12/16 1/16, 9/16 0, 6/16 0, 4/16 W18x55 

7/8 
W24x84, 

W24x62 

W24x94, 

W24x84 
3/16, 12/16 1/16, 9/16 0, 6/16 0, 4/16 W18x55 

6/7 W24x84 W24x94 3/16, 13/16 1/16, 9/16 0, 6/16 0, 5/16 W21x62 

5/6 
W24x103, 

W24x84 

W24x103, 

W24x94 
3/16, 13/16 1/16, 9/16 0, 6/16 0, 5/16 W21x62 

4/5 W24x103 W24x103 4/16, 16/16 1/16, 12/16 0, 8/16 0, 6/16 W21x73 

3/4 
W24x131, 

W24x103 

W24x131, 

W24x103 
4/16, 16/16 1/16, 12/16 0, 8/16 0, 6/16 W21x73 

2/3 W24x131 W24x131 3/16, 16/16 1/16, 11/16 0, 8/16 0, 6/16 W24x76 

1/2 W24x131 W24x131 3/16, 16/16 1/16, 11/16 0, 8/16 0, 6/16 W24x76 
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Table G.6 Twelve-story, three-bay MRF design. 

Story/Floor 
Columns Doubler plates (in) 

Beam 
Exterior Interior 𝛾𝑑 = 𝛾𝑦 𝛾𝑑 = 4𝛾𝑦 𝛾𝑑 = 10𝛾𝑦 𝛾𝑑 = 15𝛾𝑦 

12/Roof W27x94 W27x102 4/16, 15/16 2/16, 10/16 0, 7/16 0, 5/16 W24x76 

11/12 
W27x114, 

W27x94 

W27x129, 

W27x102 
4/16, 15/16 2/16, 10/16 0, 7/16 0, 5/16 W24x76 

10/11 W27x114 W27x129 5/16, 17/16 2/16, 12/16 0, 9/16 0, 7/16 W27x94 

9/10 
W27x129, 

W27x114 

W27x194, 

W27x129 
5/16, 17/16 2/16, 12/16 0, 9/16 0, 7/16 W27x94 

8/9 W27x129 W27x194 5/16, 17/16 2/16, 12/16 0, 8/16 0, 6/16 W30x108 

7/8 
W27x178, 

W27x129 

W27x217, 

W27x194 
5/16, 17/16 2/16, 12/16 0, 8/16 0, 6/16 W30x108 

6/7 W27x178 W27x217 6/16, 21/16 2/16, 14/16 0, 10/16 0, 8/16 W30x124 

5/6 
W27x217, 

W27x178 

W27x258, 

W27x217 
6/16, 21/16 2/16, 14/16 0, 10/16 0, 8/16 W30x124 

4/5 W27x217 W27x258 5/16, 21/16 1/16, 13/16 0, 9/16 0, 7/16 W30x132 

3/4 
W27x235, 

W27x217 

W27x281, 

W27x258 
5/16, 21/16 1/16, 13/16 0, 9/16 0, 7/16 W30x132 

2/3 W27x235 W27x281 4/16, 18/16 0, 11/16 0, 8/16 0, 5/16 W30x132 

1/2 W27x235 W27x281 4/16, 19/16 0, 12/16 0, 8/16 0, 6/16 W30x132 

Table G.7 Twelve-story, five-bay MRF design. 

Story/Floor 
Columns Doubler plates (in) 

Beam 
Exterior Interior 𝛾𝑑 = 𝛾𝑦 𝛾𝑑 = 4𝛾𝑦 𝛾𝑑 = 10𝛾𝑦 𝛾𝑑 = 15𝛾𝑦 

12/Roof W24x84 W24x84 4/16, 20/16 2/16, 10/16 0, 7/16 0, 6/16 W18x60 

11/12 
W24x94, 

W24x84 

W24x94, 

W24x84 
4/16, 20/16 2/16, 10/16 0, 7/16 0, 6/16 W18x60 

10/11 W24x94 W24x94 4/16, 15/16 2/16, 11/16 0, 8/16 0, 6/16 W21x68 

9/10 
W24x103, 

W24x94 

W24x131, 

W24x94 
4/16, 15/16 2/16, 11/16 0, 8/16 0, 6/16 W21x68 

8/9 W24x103 W24x131 4/16, 16/16 2/16, 11/16 0, 7/16 0, 6/16 W24x76 

7/8 
W24x131, 

W24x103 

W24x146, 

W24x131 
4/16, 16/16 2/16, 11/16 0, 7/16 0, 6/16 W24x76 

6/7 W24x131 W24x146 6/16, 20/16 3/16, 14/16 1/16, 10/16 0, 8/16 W27x94 

5/6 
W24x146, 

W24x131 

W24x176, 

W24x146 
6/16, 20/16 3/16, 14/16 1/16, 10/16 0, 8/16 W27x94 

4/5 W24x146 W24x176 5/16, 18/16 2/16, 12/16 0, 9/16 0, 7/16 W27x94 

3/4 
W24x162, 

W24x146 

W24x192, 

W24x176 
5/16, 18/16 2/16, 12/16 0, 9/16 0, 7/16 W27x94 

2/3 W24x162 W24x192 5/16, 20/16 2/16, 13/16 0, 9/16 0, 7/16 W27x102 

1/2 W24x162 W24x192 5/16, 20/16 2/16, 13/16 0, 9/16 0, 7/16 W27x102 
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Table G.8 Twenty-story, three-bay MRF design. 

Story/Floor 
Columns Doubler plates (in) 

Beam 
Exterior Interior 𝛾𝑑 = 𝛾𝑦 𝛾𝑑 = 4𝛾𝑦 𝛾𝑑 = 10𝛾𝑦 𝛾𝑑 = 15𝛾𝑦 

20/Roof W33x130 W36x150 5/16, 15/16 2/16, 10/16 0, 7/16 0, 5/16 W27x114 

19/20 
W33x152, 

W33x130 

W36x170, 

W36x150 
5/16, 15/16 2/16, 10/16 0, 7/16 0, 5/16 W27x114 

18/19 W33x152 W36x170 5/16, 17/16 2/16, 12/16 0, 8/16 0, 6/16 W30x132 

17/18 
W33x169, 

W33x152 

W36x194, 

W36x170 
5/16, 17/16 2/16, 12/16 0, 8/16 0, 6/16 W30x132 

16/17 W33x169 W36x194 5/16, 16/16 2/16, 10/16 0, 7/16 0, 4/16 W30x132 

15/16 
W33x201, 

W33x169 

W36x262, 

W36x194 
5/16, 16/16 2/16, 10/16 0, 7/16 0, 4/16 W30x132 

14/15 W33x201 W36x262 6/16, 18/16 2/16, 12/16 0, 8/16 0, 5/16 W33x152 

13/14 
W33x241, 

W33x201 

W36x282, 

W36x262 
6/16, 18/16 2/16, 12/16 0, 8/16 0, 5/16 W33x152 

12/13 W33x241 W36x282 4/16, 17/16 1/16, 11/16 0, 7/16 0, 5/16 W36x160 

11/12 
W33x291, 

W33x241 

W36x302, 

W36x282 
4/16, 17/16 1/16, 11/16 0, 7/16 0, 5/16 W36x160 

10/11 W33x291 W36x302 2/16, 16/16 0, 10/16 0, 7/16 0, 4/16 W36x160 

9/10 
W33x318, 

W33x291 

W36x330, 

W36x302 
2/16, 16/16 0, 10/16 0, 7/16 0, 4/16 W36x160 

8/9 W33x318 W36x330 0, 15/16 0, 9/16 0, 5/16 0, 3/16 W36x160 

7/8 
W33x387, 

W33x318 
W36x330 0, 15/16 0, 9/16 0, 5/16 0, 3/16 W36x160 

6/7 W33x387 W36x330 0, 17/16 0, 10/16 0, 7/16 0, 4/16 W36x170 

5/6 
W36x441, 

W33x387 

W36x361, 

W36x330 
0, 17/16 0, 10/16 0, 7/16 0, 4/16 W36x170 

4/5 W36x441 W36x361 0, 15/16 0, 8/16 0, 5/16 0, 3/16 W36x170 

3/4 
W36x487, 

W36x441 

W36x395, 

W36x361 
0, 15/16 0, 8/16 0, 5/16 0, 3/16 W36x170 

2/3 W36x487 W36x395 0, 13/16 0, 7/16 0, 3/16 0, 1/16 W36x170 

1/2 W36x487 W36x395 0, 13/16 0, 7/16 0, 3/16 0, 1/16 W36x170 
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Table G.9 Twenty-story, five-bay MRF design. 

Story/Floor 
Columns Doubler plates (in) 

Beam 
Exterior Interior 𝛾𝑑 = 𝛾𝑦 𝛾𝑑 = 4𝛾𝑦 𝛾𝑑 = 10𝛾𝑦 𝛾𝑑 = 15𝛾𝑦 

20/Roof W27x94 W27x102 4/16, 15/16 2/16, 10/16 0, 7/16 0, 5/16 W24x76 

19/20 
W27x114, 

W27x94 

W27x129, 

W27x102 
4/16, 15/16 2/16, 10/16 0, 7/16 0, 5/16 W24x76 

18/19 W27x114 W27x129 5/16, 17/16 2/16, 12/16 0, 9/16 0, 7/16 W27x94 

17/18 
W27x129, 

W27x114 

W27x161, 

W27x129 
5/16, 17/16 2/16, 12/16 0, 9/16 0, 7/16 W27x94 

16/17 W27x129 W27x161 4/16, 17/16 1/16, 11/16 0, 8/16 0, 6/16 W27x94 

15/16 
W27x161, 

W27x129 

W27x194, 

W27x161 
4/16, 17/16 1/16, 11/16 0, 8/16 0, 6/16 W27x94 

14/15 W27x161 W27x194 5/16, 17/16 2/16, 12/16 0, 8/16 0, 6/16 W30x108 

13/14 
W27x178, 

W27x161 

W27x217, 

W27x194 
5/16, 17/16 2/16, 12/16 0, 8/16 0, 6/16 W30x108 

12/13 W27x178 W27x217 6/16, 21/16 2/16, 14/16 0, 10/16 0, 8/16 W30x124 

11/12 
W27x194, 

W27x178 

W27x235, 

W27x217 
6/16, 21/16 2/16, 14/16 0, 10/16 0, 8/16 W30x124 

10/11 W27x194 W27x235 5/16, 19/16 2/16, 12/16 0, 9/16 0, 6/16 W30x124 

9/10 
W27x217, 

W27x194 

W27x258, 

W27x235 
5/16, 19/16 2/16, 12/16 0, 9/16 0, 6/16 W30x124 

8/9 W27x217 W27x258 4/16, 18/16 0, 11/16 0, 7/16 0, 5/16 W30x124 

7/8 
W27x235, 

W27x217 

W27x281, 

W27x258 
4/16, 18/16 0, 11/16 0, 7/16 0, 5/16 W30x124 

6/7 W27x235 W27x281 4/16, 18/16 0, 11/16 0, 8/16 0, 5/16 W30x132 

5/6 
W27x281, 

W27x235 

W27x307, 

W27x281 
4/16, 18/16 0, 11/16 0, 8/16 0, 5/16 W30x132 

4/5 W27x281 W27x307 1/16, 17/16 0, 10/16 0, 6/16 0, 4/16 W30x132 

3/4 
W27x307, 

W27x281 

W27x336, 

W27x307 
1/16, 17/16 0, 10/16 0, 6/16 0, 4/16 W30x132 

2/3 W27x307 W27x336 2/16, 19/16 0, 12/16 0, 7/16 0, 5/16 W30x148 

1/2 W27x307 W27x336 2/16, 19/16 0, 12/16 0, 7/16 0, 5/16 W30x148 

The above designs were controlled by the drift limit as per ASCE (2016), while all beam and column 

strength checks are respected. The drift check was performed for the 𝛾𝑑 = 15𝛾𝑦 cases, since deformations 

are higher in these cases. The drift stability coefficient checks are shown in Fig. F.7 and Fig. G.8 for the 

three- and the five-bay MRFs, respectively. 
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Figure G.7 Drift and stability coefficient checks for the four-, eight-, twelve- and twenty-story, three-bay 

MRFs.  
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Figure G.8 Drift and stability coefficient checks for the four-, eight-, twelve- and twenty-story, five-bay 

MRFs. 
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The strong column weak beam (SCWB) check for all MRFs is respected and shown from Table G.10 to Ta-

ble G.17. 

Table G.10 SCWB ratio for the four-story, three-bay MRF 

Story/Floor Column 1 Column 2 Column 3 Column 4 

4/Roof 1.2 0.7 0.7 1.2 

3/4 2.2 1.4 1.4 2.2 

2/3 1.8 1.7 1.7 1.8 

1/2 1.5 1.6 1.6 1.5 

Table G.11 SCWB ratio for the four-story, five-bay MRF 

Story/Floor Column 1 Column 2 Column 3 Column 4 Column 5 Column 6 

4/Roof 1.1 0.7 0.7 0.7 0.7 1.1 

3/4 2.0 1.4 1.4 1.4 1.4 2.0 

2/3 1.9 1.5 1.5 1.5 1.5 1.9 

1/2 1.6 1.5 1.5 1.5 1.5 1.6 

Table G.12 SCWB ratio for the eight-story, three-bay MRF 

Story/Floor Column 1 Column 2 Column 3 Column 4 

8/Roof 1.2 0.6 0.6 1.2 

7/8 2.3 1.2 1.2 2.3 

6/7 1.9 1.5 1.5 1.9 

5/6 1.6 1.4 1.4 1.6 

4/5 1.5 1.4 1.4 1.5 

3/4 1.2 1.4 1.4 1.2 

2/3 1.4 1.4 1.4 1.4 

1/2 1.2 1.3 1.3 1.2 

Table G.13 SCWB ratio for the eight-story, five-bay MRF 

Story/Floor Column 1 Column 2 Column 3 Column 4 Column 5 Column 6 

8/Roof 1.0 0.8 0.8 0.8 0.8 1.0 

7/8 2.0 1.5 1.5 1.5 1.5 2.0 

6/7 2.2 1.3 1.3 1.3 1.3 2.2 

5/6 1.9 1.3 1.3 1.3 1.3 1.9 

4/5 1.9 1.2 1.2 1.2 1.2 1.9 

3/4 1.7 1.1 1.1 1.1 1.1 1.7 

2/3 1.9 1.3 1.3 1.3 1.3 1.9 

1/2 1.7 1.3 1.3 1.3 1.3 1.7 
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Table G.14 SCWB ratio for the twelve-story, three-bay MRF 

Story/Floor Column 1 Column 2 Column 3 Column 4 

12/Roof 1.1 0.6 0.6 1.1 

11/12 2.1 1.2 1.2 2.1 

10/11 1.7 1.1 1.1 1.7 

9/10 1.5 1.1 1.1 1.5 

8/9 1.3 1.4 1.4 1.3 

7/8 1.1 1.4 1.4 1.1 

6/7 1.5 1.3 1.3 1.5 

5/6 1.3 1.2 1.2 1.3 

4/5 1.6 1.4 1.4 1.6 

3/4 1.3 1.4 1.4 1.3 

2/3 1.4 1.5 1.5 1.4 

1/2 1.2 1.5 1.5 1.2 

Table G.15 SCWB ratio for the twelve-story, five-bay MRF 

Story/Floor Column 1 Column 2 Column 3 Column 4 Column 5 Column 6 

12/Roof 1.4 0.7 0.7 0.7 0.7 1.4 

11/12 2.7 1.4 1.4 1.4 1.4 2.7 

10/11 2.3 1.2 1.2 1.2 1.2 2.3 

9/10 2.1 1.1 1.2 1.2 1.1 2.1 

8/9 1.7 1.4 1.4 1.4 1.4 1.7 

7/8 1.6 1.3 1.4 1.4 1.3 1.6 

6/7 1.5 1.1 1.1 1.1 1.1 1.5 

5/6 1.4 1.0 1.1 1.1 1.0 1.4 

4/5 1.5 1.3 1.3 1.3 1.3 1.5 

3/4 1.3 1.2 1.3 1.3 1.2 1.3 

2/3 1.3 1.2 1.3 1.3 1.2 1.3 

1/2 1.1 1.2 1.3 1.3 1.2 1.1 
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Table G.16 SCWB ratio for the twenty-story, three-bay MRF 

Story/Floor Column 1 Column 2 Column 3 Column 4 

20/Roof 1.1 0.7 0.7 1.1 

19/20 2.1 1.3 1.3 2.1 

18/19 1.8 1.2 1.2 1.8 

17/18 1.7 1.1 1.1 1.7 

16/17 1.7 1.3 1.3 1.7 

15/16 1.5 1.2 1.2 1.5 

14/15 1.4 1.4 1.4 1.4 

13/14 1.2 1.4 1.4 1.2 

12/13 1.4 1.3 1.3 1.4 

11/12 1.2 1.3 1.3 1.2 

10/11 1.6 1.4 1.4 1.6 

9/10 1.3 1.3 1.3 1.3 

8/9 1.4 1.4 1.4 1.4 

7/8 1.2 1.4 1.4 1.2 

6/7 1.6 1.3 1.3 1.6 

5/6 1.4 1.3 1.3 1.4 

4/5 1.8 1.4 1.4 1.8 

3/4 1.5 1.4 1.4 1.5 

2/3 1.7 1.6 1.6 1.7 

1/2 1.4 1.6 1.6 1.4 

Table G.17 SCWB ratio for the twenty-story, five-bay MRF 

Story/Floor Column 1 Column 2 Column 3 Column 4 Column 5 Column 6 

20/Roof 1.1 0.6 0.6 0.6 0.6 1.1 

19/20 2.2 1.2 1.2 1.2 1.2 2.2 

18/19 1.8 1.1 1.1 1.1 1.1 1.8 

17/18 1.7 1.0 1.1 1.1 1.0 1.7 

16/17 1.9 1.4 1.4 1.4 1.4 1.9 

15/16 1.7 1.3 1.4 1.4 1.3 1.7 

14/15 1.8 1.3 1.4 1.4 1.3 1.8 

13/14 1.7 1.3 1.4 1.4 1.3 1.7 

12/13 1.5 1.2 1.3 1.3 1.2 1.5 

11/12 1.4 1.1 1.3 1.3 1.1 1.4 

10/11 1.5 1.2 1.4 1.4 1.2 1.5 

9/10 1.3 1.2 1.3 1.3 1.2 1.3 

8/9 1.5 1.3 1.5 1.5 1.3 1.5 

7/8 1.3 1.3 1.5 1.5 1.3 1.3 

6/7 1.3 1.3 1.5 1.5 1.3 1.3 

5/6 1.1 1.3 1.5 1.5 1.3 1.1 

4/5 1.5 1.4 1.6 1.6 1.4 1.5 

3/4 1.3 1.4 1.6 1.6 1.4 1.3 

2/3 1.2 1.4 1.6 1.6 1.4 1.2 

1/2 1.1 1.3 1.5 1.5 1.3 1.1 
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