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Abstract                

With the advent of performance-based earthquake engineering (PBEE), the need for reliable prediction of 

earthquake-induced collapse of structures is essential. Despite the significant progress that has been made 

towards this goal, there are several hurdles that still need to be overcome. Deterioration models, which are 

currently used for simulating structural collapse, are largely based on available test data that featured subas-

semblies with overly simplified boundary conditions. These experiments did not account for the force redis-

tribution occurring within structural systems after the onset of nonlinear geometric instabilities under cyclic 

loading. For the case of composite steel moment resisting frames (MRFs), which is the primary focus of this 

thesis, the influence of the axial restraint provided by the slab continuity and framing action on the seismic 

behavior of composite steel MRFs has been recognized in prior work. Nevertheless, these effects have neither 

been thoroughly investigated nor quantified at lateral drift demands associated with dynamic instability of 

composite steel MRFs under seismic loading. 

In this doctoral thesis, a unique experimental program of a two-bay composite steel MRF subsystem was con-

ducted at full-scale. The experimental program, which was corroborated by continuum finite element analyses, 

aimed at comprehending the role of the underlying physical mechanisms, associated with the slab continuity 

and framing action, on the hysteretic behavior of composite steel MRFs with a particular emphasis at large 

deformations associated with collapse. The research findings suggest that the slab continuity limits the extent 

of local buckling and beam shortening within the dissipative zones of composite steel MRFs. While nonlinear 

geometric instabilities attributable to local buckling and concrete crushing are pronounced in composite steel 

beams at large inelastic deformations, the framing action and slab continuity preserve the overall stability of 

the structural system even in cases that ductile cracks form within a dissipative zone. The test results suggest 

that the presence of the transverse beams within the floor system should be factored in capacity design princi-

ples of composite steel MRFs. The experimental findings also suggest that methods for computing the effective 

slab width in composite steel MRFs should be reassessed.  

The available data along with information from prior experiments informed the development of practice-ori-

ented engineering models for the seismic assessment of composite steel MRFs. Moreover, a macro-model was 

proposed for simulating the hysteretic behavior of composite steel beams under cyclic loading. The model, 

which was validated thoroughly with available experimental data, simulates explicitly the cyclic deterioration 

in strength and stiffness of composite steel beams and their respective beam-slab connections. The proposed 

macro-model was employed to benchmark the seismic collapse risk of prototype buildings with composite 

steel MRFs, as well as the repairability of beam-slab connections within the framework of PBEE. 

Keywords 

Composite steel moment-resisting frames, Collapse behavior, Slab restraint, Framing action, Full-scale exper-

iments, Nonlinear simulations, Slab repairability, Deterioration models  
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Résumé 

Avec l'avènement de l'ingénierie parasismique basée sur le dimensionnement en capacité (PBEE), une prédic-

tion fiable de l'effondrement des structures induit par les séismes est impérative. Malgré les progrès significa-

tifs qui ont été réalisés dans ce sens, plusieurs obstacles doivent être encore surmontés. Les modèles de dété-

rioration, qui sont actuellement utilisés pour simuler l'effondrement des structures, se basent en grande partie 

sur données d'essai obtenus pour sous-ensembles ayant des conditions d’appuis très simplifiées. Par consé-

quent, ces essais ne tiennent pas compte de la redistribution des forces qui se produit au sein des systèmes 

structurels suite à l'apparition d'instabilités géométriques non linéaires sous charge cyclique. Pour ce qui con-

cerne les cadres rigides (MRF) avec poutres mixtes acier-béton, qui est l'objet principal de cette thèse, 

l'influence de la contrainte axiale induite par la continuité de la dalle et l'effet cadre sur la réponse sismique 

des MRFs avec poutres mixtes acier-béton a été reconnue dans des travaux antérieurs. Cependant, ces effets 

n'ont été ni étudiés en profondeur ni quantifiés. 

Dans cette thèse de doctorat, un programme expérimental unique à grande échelle a été conduit sur un sous-

système MRF à deux portées avec poutres mixtes acier-béton. Le programme expérimental, qui a été corroboré 

par des analyses par éléments finis de continuum, visait à comprendre le rôle des mécanismes physiques liés à 

la continuité de la dalle et à l'effet cadre sur le comportement hystérétique des MRF avec poutres mixtes acier-

béton, et plus particulièrement sur les grandes déformations lors de l'effondrement des structures. Les résultats 

de la recherche suggèrent que la continuité de la dalle limite le flambage local et le raccourcissement des 

poutres dans les zones dissipatives des MRF avec poutres mixtes acier-béton. Alors que les instabilités géo-

métriques non linéaires attribuables au flambage local et à l'écrasement du béton sont prononcées dans les 

poutres mixtes lors de grandes déformations inélastiques, l'effet cadre et la continuité de la dalle préservent la 

stabilité globale du système structurel même dans les cas où des fissures se forment dans une zone dissipative. 

Les résultats des essais suggèrent que la présence de poutres transversales dans le système de plancher devrait 

être prise en compte lors du dimensionnement en capacité des MRF avec poutres mixtes acier-béton Les ré-

sultats expérimentaux suggèrent également que les méthodes de calcul proposées pour estiment la largeur 

effective de la dalle des MRF avec poutres mixtes acier-béton devraient être réévaluées. 

Les données acquis ainsi que les informations provenant d’essais antérieures ont permis de développer des 

modèles pragmatiques pour l'évaluation sismique des MRF avec poutres mixtes acier-béton. En outre, un ma-

cro-modèle a été proposé pour simuler le comportement hystérétique des poutres mixtes acier-béton sous 

charge cyclique. Le modèle, qui a été validé de manière approfondie avec les données expérimentales dispo-

nibles, simule explicitement la détérioration cyclique de la résistance et de la rigidité des poutres mixtes acier-

béton et de leurs connexions poutre-dalle. Le macro-modèle proposé a été utilisé pour évaluer le risque d'ef-

fondrement sismique de prototypes composés de MRF avec poutres mixtes acier-béton et la facilité de répara-

tion des connexions poutre-dalle dans le cadre du PBEE. 

Mots-clés 

Cadres rigides avec poutres mixtes acier-béton, Effondrement structural, Dalle mixte, Effet cadre, Essais à 

grande échelle, Simulations non linéaires, Réparation de la dalle mixte, Modelés de détérioration  
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Chapter 1 Introduction 

1.1 Research background 

The principal objective of Performance-Based Design is to protect life safety by preventing structural 

collapse under natural hazards. In the case of earthquakes, uncertainties associated with regional con-

struction practices, the seismic hazard, and the dynamic response of structures impose the acceptance 

of a “tolerable” probability of structural collapse. In recent years, several steps have been made to-

wards understanding and predicting structural collapse within the framework of Performance-based 

Earthquake Engineering (PBEE), which has developed from a conceptual endeavor (Cornell and 

Krawinkler 2000) to a formal methodology for the seismic risk and loss assessment of structures 

(FEMA 2012). However, several challenges still remain to be addressed. A major challenge has been 

our (in)ability to physically simulate complex deterioration characteristics observed in key structural 

components within structural systems while experiencing large deformations prior to structural col-

lapse. Another challenge has been the availability of comprehensive experiments that sufficiently 

characterize the behavior and interaction of structural components prior to collapse. In the case of 

composite steel moment resisting frames (MRFs), which form the primary focus of this thesis, the 

presence of the slab strongly influences the hysteretic behavior of composite steel beams, which be-

comes highly asymmetric under cyclic loading. Besides, the need for complementary testing of struc-

tural systems at large deformations to elucidate and quantitatively document the interaction of com-

plex deteriorating mechanisms that could compromise the dynamic stability of structural systems has 

been recognized (Malley et al. 2011). 

Prior experimental programs in Europe (Bursi and Gramola 2000; Plumier and Doneux 2001), the 

US (Civjan et al. 2001; Engelhardt et al. 2000; FEMA 2000a; Leon et al. 1998; Ricles et al. 2004; 

Uang et al. 2000) and Japan (Kishiki et al. 2010; Nakashima et al. 2007; Yamada et al. 2009) provided 

insight on the role of the slab on the seismic response of composite steel MRFs. However, these 

experiments were mostly conducted with overly simplified boundary conditions (e.g., T- or cruciform 

subassemblies), as shown in Figure 1.1a to d. These configurations assume fixed locations for the 

inflection points along the member length of typical MRFs. Referring to Figure 1.1a, the assumption 

that inflection points within beams and columns remain constant throughout the loading history is not 

true when members attain their nonlinear post-buckling regime due to force redistributions occuring 

in the actual system. Furthemore, in subassemblies, the composite steel beams had roller supports at 

their ends and were free to move axially as illustrated in Figure 1.1b and c. These boundary conditions 



Introduction 

 

23 

were not representative of the actual behavior in buildings where the slab continuity and adjacent 

columns, restrain movement of the composite steel beams along their axes. Accordingly, the influence 

of slab continuity and framing action on the global stability of composite steel MRFs was diminished. 

Prior work on earthquake-induced collapse (Lignos et al. 2011) suggests that the moment gradient 

could vary considerably within MRF members when experiencing cyclic deterioration in flexural 

strength and stiffness. Moreover, steel beams as part of subassembly tests with simplified boundary 

conditions, tend to experience a high degree of axial shortening (Civjan et al. 2001; MacRae et al. 

2013) due to the accumulation of local buckling within the anticipated dissipative zone (see Figure 

1.1e). This compromises the available plastic rotation capacity of composite steel beams under cyclic 

loading. 

The above findings have a profound effect on seismic assessment criteria (ASCE 2017; CEN 2005a) 

and subsequent repair actions (FEMA 2012) of composite steel frame buildings in the aftermath of 

earthquakes. On the other hand, reconnaissance reports from previous major earthquakes (e.g., Clif-

ton et al. 2011; Okazaki et al. 2013) suggest that beam axial shortening is typically not pronounced 

due to the presence of the concrete slab and the framing action. While this is also qualitatively dis-

cussed in prior work on the cyclic performance of beam-to-column connections after the 1994 

Northridge and 1995 Kobe earthquakes (FEMA 2000a), there have not been studies that have sys-

tematically quantified these effects and their influence on the seismic stability of composite steel 

MRFs. 
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(a) 

  

(b) (c) 

  

(d) (e) 

Figure 1.1 Simplified boundary conditions in subassembly tests, (a) assumed position of inflection 

points; (b) typical T-shaped subassembly; (c) typical cruciform subassembly; (d) testing of a cruci-

form subassembly with composite steel beams (image courtesy of Prof. Michael Engelhardt); (e) 

beam axial shortening versus loading history (image adopted from MacRae et al. (2013)) 

 

A handful of system-level tests (Cordova and Deierlein 2005; Del Carpio et al. 2014) have demon-

strated that the behavior of composite steel beams is fairly different from what has been observed in 

subassembly experiments. For instance, Cordova and Deierlein (2005) reported only minor local 

buckling in the bottom flange of the steel beams that was fully straightened upon load reversals as 

illustrated in Figure 1.2a. A similar response was observed in Herrera (2005). However, in this case, 

the concrete slab was not explicitly considered (see Figure 1.2b). In recent work, Del Carpio et al. 

(2014) found that the rate of cyclic deterioration in the flexural strength of partially composite steel 

beams within a subsystem is lower than that anticipated from the current state-of-the-art deterioration 
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models (Lignos and Krawinkler 2011). These models, which are capable of predicting the cyclic de-

terioration of composite steel beams with emphasis on their post-buckling hysteretic response, have 

been mostly based on prior experiments on simplified subassembly tests (Lignos and Krawinkler 

2013). Figure 1.3 shows indicative comparisons of the moment-rotation hysteretic response of par-

tially composite beams under hogging and sagging bending from the testing program by Del Carpio 

et al. (2014). It is noteworthy that under hogging bending, the post-peak softening slope of the com-

posite steel beam is considerably smoother than the numerical counterpart. Under sagging bending, 

no degradation in the flexural strength of composite steel beams was observed. This suggests that the 

reserve capacity of the composite steel beam within an MRF is considerably higher than what is 

expected. Ibarra and Krawinkler (2005) found that the earthquake-induced collapse risk of structural 

systems is most sensitive to the softening slope of structural members, which corroborates with more 

recent findings on predictive efforts of sidesway collapse of steel MRFs (Lignos et al. 2011, 2013). 

Therefore, from a collapse safety standpoint, the need of comprehensive experimental data that high-

light the primary deteriorating mechanisms within a structural system is imperative for the further 

advancement of computational modeling approaches with emphasis at estimating the collapse capac-

ity of structures under earthquake loading. 

 

    

(a) (b) 

Figure 1.2 Straightening of the local buckles in steel beams as part of system-level experiments, (a) 

images adopted from Cordova and Deierlein (2005), (b) images adopted from Herrera (2005) 
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(a) (b) 

Figure 1.3 Comparison of the predicted and measured hysteretic response of composite steel beams 

in a subsystem (a) behavior of composite steel beam under hogging bending; (b) behavior of com-

posite steel beam under sagging bending (images adopted from Del Carpio et al. (2014)) 

 

The presence of the slab in composite steel MRFs strongly influences the flexural resistance of com-

posite steel beams (e.g., Engelhardt et al. 2000; Leon et al. 1998; Ricles et al. 2002, 2004; Sumner 

and Murray 2002; Uang et al. 2000). In turn, this has a profound effect on the strong-column/weak-

beam ratio that is adopted in current standards (AISC 2016a; CEN 2004a) for the capacity design of 

composite steel MRFs. Prior work on the topic in Europe (Bursi et al. 2009; Bursi and Gramola 2000; 

Plumier and Doneux 2001) and Japan (Nakashima et al. 2007; Yamada et al. 2009) has shown that 

the presence of the slab can amplify the flexural strength of composite steel beams by up to 50% 

when they feature shallow steel beams with depths less than 500 mm.  

Prior tests on reinforced concrete structures (e.g., Leon 1983; Joglekar et al. 1984; Joglekar 1984; 

Leon and Jirsa 1986; Mahin and Bertero 1975) suggest that 3-dimensional effects, along with the 

presence of the transverse beams within the floor system, could significantly increase the flexural 

strength of the beam-to-column joints relative to what would have been expected based on standard 

flexural strength calculations using the effective slab widths according to current design standards. 

However, the above important issues have been overlooked in composite steel frame buildings. Fig-

ure 1.4a shows a full-scale 4-story building that featured composite steel MRFs designed according 

to the Japanese provisions (AIJ 2006). The building, which was tested at the E-Defense shake table 

facility in Japan (Suita et al. 2008), was subjected to the unscaled JR Takatori record from the 1995 

Kobe earthquake. The building was prone to a soft story collapse mechanism (see Figure 1.4) despite 

the fact that capacity design was considered. The development of the soft story mechanism was 

Lower rate of flexural strength 

degradation under hogging bending

No flexural strength 

degradation observed 

under sagging bending
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attributed to the 3-dimensional effects (i.e., role of the floor system, presence of the slab and 3-di-

mensional movement, inherent column base flexibility) along with the fact that the formation of local 

buckling at the column base of the steel MRFs caused moment redistribution within the first story 

columns, thereby increasing the moment demand at their top ends. System-level studies (Elkady and 

Lignos 2014) showed that capacity-designed steel MRFs in highly seismic regions may be prone to 

a soft story due to the presence of the slab when the strong-column/weak-beam ratio is less than 1.5. 

This issue deserves particular attention when benchmarking the collapse risk of structures (FEMA 

2009) or when selecting building seismic performance factors (e.g., system overstrength, strength 

reduction factors (so-called behavior factors in Europe), displacement amplification factors) within 

the context of seismic design standards (ASCE 2016; CEN 2019). 

 

  

(a) (b) 

Figure 1.4 E-defense test on a 4-story building: (a) formation of a first story mechanism (image 

adopted from Lignos et al. (2013)); (b) local buckling in the top of the columns adjacent to the com-

posite steel beams (image adopted from Suita et al. (2008)) 

 

In the US, where perimeter steel MRFs with deep beams (i.e., depths larger than 600 mm) are pro-

moted (Nakashima et al. 2000), the slab effects on the flexural strength of the composite steel beams 

are usually ignored. However, prequalification requirements on beam-to-column connections for seis-

mic applications (AISC 2016a) dictate that, for certain connection typologies and geometric condi-

tions, the slab should be isolated from the column face in order to minimize uncertainties that could 

change the capacity design hierarchy of beam-to-column connections. On the other hand, in Europe, 



Introduction 

 

28 

where space frames (Mele 2002) are commonly employed, MRFs usually feature shallow beams (i.e., 

depths less than 600 mm) and the role of slab on the seismic behavior of composite steel beams is 

significant, if the composite action is mobilized. In the current version of EN 1998-1 (CEN 2004a), 

the effective width of the slab under seismic loading is dependent on the configuration of the compo-

site steel MRFs as well as the detailing of the slab reinforcement in the vicinity of the column. The 

sensitivity of the flexural resistance of composite steel beams to the effective widths has been ques-

tioned. Furthermore, a number of design requirements are stipulated in EN 1998-1 (CEN 2004a) in 

order to ensure that concrete crushing in dissipative composite steel beams is delayed. While the basis 

of these requirements relies on prior experimental and numerical studies (e.g., Plumier et al. 1998; 

Plumier and Doneux 2001), it does not account for the effects of slab confinement. 

An important component that governs the behavior of composite steel beams is the connection be-

tween the slab and the beams. The beam-slab connection transfers the seismic loads from the slab to 

the beams of the composite steel MRF. Therefore, a loss in the composite action implies a potential 

loss in the load transfer mechanism. This can lead to unanticipated failures as the slab attempts to 

drag the force into the composite steel MRF (Cordova and Deierlein 2005). As a result, prior work 

(Civjan et al. 2001; Cordova and Deierlein 2005) has pointed out the necessity of maintaining the 

integrity of the beam-slab connections. In order to limit the slip demands on the beam-slab connection 

and the corresponding shear strength degradation, the current seismic provisions (AISC 2016a; CEN 

2004a) impose a 25% reduction on the shear resistance of headed studs regardless of the respective 

beam depth. This requirement is based on a purely subjective decision. Standard cyclic pushout tests 

(e.g., Bursi and Gramola 1999; Civjan and Singh 2003; Zandonini and Bursi 2000) despite being 

informative, impose a large cumulative slip demand on the shear connectors. Moreover, they neither 

replicate the boundary conditions in a composite steel MRF nor do they account for force redistribu-

tion between the shear connectors along the length of the primary steel girders. Recent work on the 

topic (Suzuki and Kimura 2019) suggests that when the stress state of the slab is taken into consider-

ation, the behavior of shear connectors is superior compared to that from standard cyclic push-out 

tests. The general consensus from the previous discussion is that the integrity of beam-slab connec-

tions in composite steel MRFs should be carefully assessed. In that respect, the slab repairability in 

the aftermath of earthquakes should also be considered within the context of PBEE. The above ne-

cessitate quantitative data from comprehensive physical system-level physical tests along with the 

development of nonlinear models that explicitly account for the slip demands and the shear strength 

degradation of beam-slab connections. 
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1.2 Problem statement and objectives 

The previous section suggests that there is a lack of experiments that have investigated the behavior 

of composite steel MRFs at lateral drift levels associated with collapse, with the aim of comprehend-

ing the effects of slab restraint and framing action on the overall seismic stability at the system level. 

Moreover, the development of efficient, yet practical, numerical models that are able to simulate the 

primary deteriorating mechanisms observed in composite steel beams is imperative to benchmark the 

collapse risk of composite steel MRFs and to further refine seismic design criteria that control the 

extent of damage in beam-slab connections. In view of the above, the primary research objectives of 

this thesis are summarized as follows, 

▪ to conduct and carefully document a comprehensive full-scale collapse experiment of a 2-bay 

composite steel MRF subsystem in order to comprehend the role of slab continuity and 

framing action on the overall seismic stability of composite steel MRFs. A side objective is to 

properly quantify the effects of transverse beams on the flexural resistance of composite beam-

to-column connections, 

▪ to propose refined seismic design requirements with emphasis on the required shear resistance 

of connectors and the effective slab width by means of available experiments and 

corroborating continuum finite element analyses,  

▪ to provide practice-oriented models for seismic assessment of new or existing buildings 

featuring composite steel MRFs as their primary lateral load resisting system, 

▪ to develop a computationally efficient macro-model for simulating the hysteretic behavior of 

composite steel beams while exhibiting nonlinear geometric instabilities under inelastic cyclic 

loading, 

▪ to conduct system-level simulation studies of composite steel MRF buildings in order to 

benchmark their seismic collapse risk and develop novel risk-based metrics for assessing the 

repairability of beam-slab connections within the framework of performance-based 

earthquake engineering. 

 

1.3 Thesis outline 

The PhD thesis consists of five main chapters, in addition to the introductory chapter and the conclu-

sions. Four of the five chapters are composed of peer-reviewed journal articles (three already 
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published and one is currently under review) and one chapter is planned to be submitted as a peer-

reviewed journal paper. At the beginning of the chapters that were reproduced from journal articles, 

information on the authors, the contribution of the doctoral candidate to the chapter and the full bib-

liographic details of the article are presented. The thesis also includes a set of Appendices that provide 

supplementary information to the experimental program described in Chapter 5. 

Chapter 2 discusses the development of a database of composite steel beams under cyclic loading. 

The database is utilized to assess current seismic provisions for composite steel beams and develop 

practice-oriented component models for the seismic performance assessment of composite steel 

MRFs. This chapter is reproduced from the journal article by El Jisr et al. (2019). 

Chapter 3 investigates the influence of slab continuity and framing action on the hysteretic behavior 

of composite steel MRFs through continuum finite element analysis (CFE). The CFE model specifics 

are described and a parametric study of two-bay subsystems with various beam depths is conducted. 

The hysteretic behavior of the two-bay subsystems is compared with that of the corresponding cruci-

form subassemblies. The physical mechanisms influencing hysteretic behavior of the composite steel 

beam joints are thoroughly investigated. This chapter is reproduced from the journal article by El Jisr 

et al. (2020). 

In Chapter 4, slip-based fragility functions for beam-slab connections are developed. To that end, a 

dataset of 42 cyclic push-out tests is assembled. The fragility functions, which include four damage 

states, constitute a valuable tool for assessing earthquake-induced damage in the beam-slab connec-

tion of composite steel MRFs. Specimen-to-specimen, as well as epistemic uncertainty, are incorpo-

rated into the fragility functions. An application of the proposed fragility functions is presented at the 

end of the chapter for a six-story building with composite steel MRFs designed according to European 

seismic provisions (CEN 2004a). This chapter is reproduced from the journal article by El Jisr and 

Lignos (2021) 

Chapter 5 presents a full-scale collapse experiment of a 2-bay composite steel MRF subsystem under 

lateral cyclic loading. The testing program investigates, in a quantitative manner, the role of the slab 

on the seismic stability of composite steel MRFs. The considered loading protocols examine the re-

sponse of the 2-bay composite steel MRF subsystem from the onset of damage through structural 

collapse. The employed loading protocol considers aspects related to prequalification of beam-to-

column connections. The loading protocol also mimics the asymmetric loading (i.e., ratcheting) that 

MRFs experience at large deformations prior to structural collapse. Implications of the testing pro-

gram on prospective seismic design provisions of composite steel MRFs are highlighted. 
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In Chapter 6, a computationally efficient, nonlinear macro-model is proposed for simulating the cy-

clic behavior of composite steel beams. The macro-model explicitly accounts for the observed slab-

column force transfer mechanisms and is capable of simulating the asymmetric deteriorating response 

of the composite steel beams. The modeling approach, which is thoroughly validated with available 

experiments, is incorporated in nonlinear models of prototype buildings with composite steel MRFs. 

The buildings are designed at three European sites. The seismic collapse risk of the examined build-

ings is benchmarked. The composite steel MRFs are designed with various degrees of composite 

action. Novel slip hazard curves for the beam-slab connections are used to assess the integrity of the 

beam-slab connections and evaluate the beam-slab connection requirements in current seismic provi-

sions (AISC 2016a; CEN 2004a). This chapter is reproduced from the submitted peer-reviewed man-

uscript by El Jisr et al. (2021b). 

Chapter 7 summarizes the primary conclusions of the PhD thesis. Suggestions for future work are 

also discussed. 

Appendix A summarizes the design of the composite steel MRF from which the 2-bay test frame 

subsystem, presented in Chapter 5, was extracted. Appendix B includes all the detailed drawings of 

the test frame subsystem. Appendix C includes all the mill certificates of the structural steel material, 

the welding procedure specifications and the welding procedure qualification records. Appendix D 

presents a detailed instrumentation plan and summary of all the sensors that were employed in the 

experiment. The procedure for deriving the forces and deformations in Chapters 5 and Appendix E is 

also described. Appendix E provides supplementary results from the experimental program that were 

not included in Chapter 5. 
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Chapter 2 Composite steel beam database for 

seismic design and performance assessment of 

composite-steel moment-resisting frame systems 
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2.1 Abstract 

This chapter discusses the development of a publicly available database of composite steel beam-to-

column connections under cyclic loading. The database is utilized to develop recommendations for 

the seismic design and nonlinear performance assessment of steel and composite-steel moment-re-

sisting frames (MRFs). In particular, the sagging/hogging plastic flexural resistance as well as the 

effective slab width are assessed through a comparison of the European, American and Japanese de-

sign provisions. The database is also used to quantify the plastic rotation capacity of composite steel 

beams under sagging/hogging bending. It is found that the Eurocode 8-Part 3 provisions overestimate 

the plastic rotation capacities of composite beams by 50% regardless of their web slenderness ratio. 

Empirical relationships are developed to predict the plastic rotation capacity of composite steel beams 

as a function of their geometric and material properties. These relationships can facilitate the seismic 

performance assessment of new and existing steel and composite-steel MRFs through nonlinear static 

analysis. The collected data underscores that the beam-to-column web panel zone in composite steel 

beam-to-column connections experience higher shear demands than their non-composite counter-

parts. A relative panel zone-to-beam resistance ratio is proposed that allows for controlled panel zone 

inelastic deformation of up to 10 times the panel zone’s shear yield distortion angle. Notably, when 

this criterion was imposed, there was no fracture in all the examined beam-to-column connections. 

 

2.2 Introduction 

Modern seismic design provisions adopt capacity design principles that allow for controlled inelastic 

deformations within a lateral-load resisting system (Fardis 2018). In the case of steel and composite-

steel moment-resisting frame (MRF) systems, steel beams act as the primary structural fuse to dissi-

pate the seismic energy. Prior studies (Elkady and Lignos 2014, 2015a; Lignos et al. 2013) suggest 

that the amplified flexural resistance of composite steel beams could shift the plastic hinge formation 

to the MRF columns despite the fact that a strong-column/weak-beam (SCWB) criterion was im-

posed. Subassembly tests on deep beams (depth, ℎ = 913 mm) with partial composite action (Jones 

et al. 2002; Uang et al. 2000), showed that their sagging flexural resistance (i.e. slab in compression) 

amplified by about 10% to 20% relative to the bare beam plastic bending resistance. Similarly, beams 

with a depth of 753 mm tested by Civjan et al. (2001) developed a sagging flexural resistance ampli-

fication of 10% to 30%. Elkady and Lignos (2014) assessed the hysteretic behavior of composite steel 

beams with reduced beam section (RBS) with depths varying between 533 mm and 911 mm. These 

sizes are typically used in perimeter steel MRFs in North America. They found that the composite 
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slab amplifies the sagging flexural resistance, on average, by 35%. In Japan and Europe, the use of 

space steel MRFs is promoted. This typically leads to the selection of shallow beams (ℎ = 300 to 500 

mm) even in tall buildings (Mele 2002; Nakashima et al. 2000). The amplification of the sagging 

flexural resistance in such beams is even more pronounced. In particular, Nakashima et al. (2007) 

showed that the composite action amplifies the sagging flexural resistance of 400 mm deep beams by 

up to 50%. This agrees with pior experimental studies (Bursi et al. 2009; Bursi and Gramola 2000). 

The potential deficiencies associated with disregarding the composite action in seismic design can be 

alleviated by (a) totally disconnecting the slab from the column face (Tremblay et al. 1997); (b) by 

employing a larger SCWB ratio (Elkady and Lignos 2014); or (c) by explicitly considering the ex-

pected composite beam flexural resistance in the SCWB check. The European (CEN 2004a), Ameri-

can (AISC 2016a) and Japanese (AIJ 2010a) seismic design provisions compute the flexural re-

sistance of composite steel beams differently. The main two reasons are the variations in the assumed 

effective width of the slab and the shear strength of the studs. The sensitivity of the flexural resistance 

of composite steel beams to the above assumptions has not been consistently quantified through direct 

comparisons with available experimental data.  

Nonlinear modeling recommendations (e.g. ASCE/SEI 41-17 and Eurocode 8-Part 3) for the seismic 

assessment of new and existing structures (ASCE 2017; CEN 2005a) compute a beam’s elastic flex-

ural stiffness and plastic rotation capacity by ignoring the composite action. Nam and Kasai (2012) 

analyzed data from full-scale shake table experiments (Lignos et al. 2013; Suita et al. 2008) and 

showed that the presence of the slab may increase the beam stiffness by two to three times. Similarly, 

system-level tests (Nakashima et al. 2007) indicated that the composite steel beam stiffness was twice 

as high compared to that of a non-composite beam. Prior subassembly tests (Engelhardt et al. 2000; 

FEMA 2000a; Ricles et al. 2004) suggest that, depending on the slab arrangement and the associated 

degree of composite action, the plastic rotation capacity of a composite steel beam under sagging 

bending could be up to 80% larger than that of a non-composite beam. In a more recent study, Elkady 

and (Lignos 2014) assessed the plastic rotation capacity of composite deep beams with RBS. Those 

experienced an 80% and 35% increase in their pre- and post-capping plastic rotations, respectively, 

compared to non-composite steel beams (capping refers here to the onset of local and/or member 

geometrical instabilities). However, the above data-set did not cover shallow beams commonly seen 

in the European and Japanese design practice. This is particularly important for seismic performance 

assessment methodologies consistent with Eurocode 8-Part 3 (CEN 2005a). 
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A side issue related to the composite action effect is the increase in the shear demand on the beam-

to-column web panel zone (Elkady and Lignos 2014; Leon et al. 1998). This could augment the panel 

zone inelastic deformations. It is desirable to allow for controlled panel zone inelastic deformation 

(Krawinkler 1978; Shin and Engelhardt 2013). While moderate levels of inelastic deformation are 

usually permitted within the various seismic design provisions in Europe, North America and Asia, 

there is no consensus on what an acceptable panel zone inelastic deformation range should be. 

This chapter presents the development of a comprehensive experimental database for composite steel 

beams that addresses all the aforementioned issues. The database is used to assess several perfor-

mance parameters that influence the cyclic behavior of composite steel beams in fully restrained 

beam-to-column connections. These parameters include (i) the flexural resistance, (ii) the effective 

stiffness, and (iii) the pre- and post-capping plastic rotation capacities. The gathered experimental 

data is also used to assess the shear resistance of the beam-to-column web panel in composite beam-

to-column connections. Three design provisions are considered including the European (Eurocode 3, 

4 and 8 (CEN 2004a; b, 2005a; b; c); the US (ANSI/AISC 360-16 (AISC 2016b) and ANSI/AISC 

341-16 (AISC 2016a)); and the Japanese (AIJ 2010a; b) provisions. The chapter proposes a set of 

seismic design recommendations for composite-steel MRFs that could be adopted in future design 

provisions. Finally, nonlinear modeling recommendations are also proposed for estimating the flex-

ural resistance, stiffness and plastic rotation capacity of composite steel beams. These recommenda-

tions can facilitate the seismic performance assessment of existing steel frame buildings as well as 

prospective designs. 

 

2.3 Description of the assembled composite steel beam database 

The assembled composite steel beam database comprises 24 experimental programs, which are sum-

marized in Table 2.1. A total of 97 composite steel beams are gathered including 87 from subassembly 

tests and 10 from system-level experiments. The beam depths, ℎ, range from 300 to 912 mm; shear 

span-to-depth ratios, 𝐿𝑜/ℎ (𝐿𝑜 is the distance from the column face to the inflection point) range from 

3.4 to 11.6; and web slenderness ratios, 𝑐/𝑡𝑤, range from 36.1 to 53.8. Both partially- and fully-

composite steel beam data were gathered. The main types of beam-to-column connections include: 

• Bolted extended end-plate connections (BEEP) (see Figure 2.1a) 

• Welded unreinforced flange welded web connections (WUF-W) (see Figure 2.1b) 
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• Reduced beam section connections (RBS) (see Figure 2.1c) 

• Through diaphragm connections (TD) (see Figure 2.1d) 

• Retrofitted connections (bottom flange RBS, top and/or bottom welded or bolted haunches, 

bottom flange horizontal stiffeners, bottom flange cover plate) 

• Reinforced concrete column with steel beams (RCS) and concrete filled steel tube (CFT) steel 

beam-to-column connections 

 

 

(a) (b) (c) (d) 

Figure 2.1 Typical fully restrained beam-to-column connection types included in the composite 

steel beam database: (a) BEEP; (b) WUF-W; (c) RBS; (d) TD connection 

 

The collected steel beams are made of 10 steel material types. The measured-to-nominal yield stress 

ratio (𝑓𝑦,𝑚/𝑓𝑦,𝑛) for each steel type is plotted in Figure 2.2, which also summarizes the nominal yield 

stress values. This ratio varies from an average minimum of 1.1 for US A572 Gr.50 steel to an average 

maximum of 1.4 for Japanese SS400 steel. The values are consistent with the material overstrength 

values reported in ANSI/AISC 341-16 (AISC 2016a) for US steel grades, the OPUS1 program 

(Braconi et al. 2013) for European steel grades, and in Fujisawa et al. (2013) for Japanese steel grades. 

The measured 28-day concrete compressive strength of the concrete slabs varies between 15 to 40 

MPa. In summary, the composite steel beam database is publicly available online at http://resslab-

tools.epfl.ch/steel. 

 

 

1 Optimizing the seismic performance of steel and steel-concrete structures by standardizing material quality control 
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Figure 2.2 Ratio of measured-to-nominal yield stress of the various steel types in the assembled da-

tabase 

 

Table 2.1 Summary of the composite steel beam testing programs in the assembled database 

Reference Connection Type ℎ [mm] Floor Slab* Steel Grade 
𝐿𝑜

ℎ
 

𝑐

𝑡𝑤

 

Ricles et al. (2004) RBS 760/911 NWC - | | A572/A992 Gr. 50 4.4/5.5 51.9/47.6 

Chen and Chao (2001) RBS 600 NWC - | | A36 4.4 44.2 

Civjan et al. (2001) Retrofit 755 LWC - ⊥ A36 4.6 51.5 

Leon et al. (1998) WUF-W 683 NWC - | | A36 4.9 48.6 

Engelhardt et al. (2000) RBS 911 NWC - | | A572 Gr. 50 3.9 51.9 

Tremblay et al. (1997) RBS 535 NWC - ⊥ G40.21-300W 6.8 45.7 

Ricles et al. (2002) WUF-W 911 NWC - | | A572 Gr. 50 4.7 51.9 

Cheng et al. (2007) CFT 450 NWC - | | not reported 6.3 44.0 

Cheng and Chen (2005) RCS 596 NWC - | | not reported 4.5 53.8 

Uang et al. (2000) Retrofit 911 LWC - ⊥ A36 3.4 51.9 

Kim et al. (2004) TD 612 NWC - SS SM490 5.4 41.5 

Yamada et al. (2009) TD 400 NWC - | | SN400B 5.9 43.5 

Nakashima et al. (2006) TD 400 NWC - | | A572 Gr. 50 7.1 38.0 

Nakashima et al. (2007) TD 400 NWC - | | SN400B 5.8 38.0 

Cordova and Deierlein 

(2005) 
RCS 600 NWC - NR A572 Gr. 50 5.3 47.8 

Bursi et al. (2009) RCS 400 NWC - | | S355 5.9 38.5 

Kishiki et al. (2010) TD 300 NWC - SS, | |, ⊥ SM490A/SN400B 5.4 39.4 

Sumner and Murray 

(2002) 
BEEP 600 NWC - | | A572 Gr. 50 5.2 50.6 

Bursi and Gramola (2000) WUF-W 330 NWC - | | S235 11.6 36.1 

Kim and Lee (2017) Retrofit 500 NWC - ⊥ SS400 7.6 44.2 

Lee et al. (2016) WUF-W/RBS 350 NWC - ⊥ SS400 6.0 51.3 

Lu et al. (2017) RBS 350 NWC - SS Q235 4.3 43.1 

Asada et al. (2015) TD 400 NWC - ⊥ SS400 10.6 43.5 

Del Caprio et al. (2014) RBS 350 NWC - | | A572 Gr. 50 6.0 48.1 
*NWC: Normal-weight concrete  

 LWC: Light-weight concrete 

| |: Deck with ribs parallel to the beam 

⊥: Deck with ribs perpendicular to the beam 
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 SS: Solid slab with no steel deck 

 

2.4 Deduced performance parameters of composite steel beams under cyclic loading 

A number of performance parameters are deduced from manually digitized and processed moment-

rotation relations of the collected data-set. An example is illustrated in Figure 2.3. In this figure, the 

moment corresponds to that at the idealized center of the beam’s plastic hinge region. The rotation 

represents the beam’s rotation over its length (chord rotation). These definitions are consistent with 

those found in ASCE/SEI 41-17 (ASCE 2017). Referring to Figure 2.3a, a first-cycle envelope curve 

is first fitted to the moment-rotation relation data in both the positive (i.e., sagging bending) and 

negative (i.e., hogging bending) loading directions. These curves are then used to deduce a number 

of parameters that characterize the stiffness, flexural strength and plastic deformation capacity of a 

composite beam. The deduced parameters include the effective stiffness (𝐾+/−), the effective plastic 

flexural resistance (𝑀𝑦
∗,+/−

), the ultimate flexural resistance (𝑀𝑢
+/−

), and the pre- and post-capping 

plastic rotation capacities (𝜃𝑝
∗,+/−

 and 𝜃𝑝𝑐
∗,+/−

, respectively). The star (*) superscrpit denotes that these 

parameters are based on the first-cycle envelope curve. Therefore, they are distinguished from those 

that define a monotonic backbone of a steel beam. The effective stiffness is systematically derived 

from the unloading stiffness of the first inelastic cycle excursion, which by definition includes both 

flexural and shear deformations; thus, the term “effective” is adopted. The flexural resistance and 

rotation parameters are deduced from a tri-linear idealized curve (see dashed lines in Figure 2.3b) 

fitted to the first-cycle envelope. The idealized curve is fitted such that the total energy dissipated up 

to the peak response (𝑀𝑢
+/−

) is the same as that in the tri-linear approximation. Albeit the extracted 

plastic rotation values are loading-history dependent (Krawinkler 2009), they are consistent with prior 

related studies (Panagiotakos and Fardis 2001) that are already adopted in Eurocode 8-Part 3 (CEN 

2005a) and ASCE (2017). The subsequent sections provide a comprehensive assessment of the de-

duced performance parameters in comparison with relevant seismic code design provisions and per-

formance assessment guidelines for nonlinear static analysis procedures. 
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 (a) (b) 

Figure 2.3 Definition of performance parameters for composite steel beams under cyclic loading 

 

2.4.1 Sagging resistance 

The deduced effective plastic flexural resistance of composite steel beams under sagging bending 

(simply noted as sagging resistance hereafter) is assessed based on 46 data points. These represent 

beams that reached their ultimate flexural resistance. Beams that experienced premature fracture were 

excluded from the data-set. The test data suggests that the sagging resistance amplification due to the 

composite action is mainly dependent on the beam depth, the shear span-to-depth ratio and the degree 

of composite action, 𝜂, which is defined in Eq. (2.1) In particular, 𝜂 is the ratio of the actual number 

of used shear studs to that required ones to achieve full composite action.  

𝜂 =
∑ 𝐹𝑣

min{𝐹𝑐 , 𝑁𝑝𝑙}
≤ 1 (2.1) 

 

in which ∑𝐹𝑣 is the shear strength of the headed shear studs between the point of maximum positive 

moment and the point of zero moment based on the respective code, 𝐹𝑐 is the compressive strength 

of the slab at the crushing limit state, and 𝑁𝑝𝑙 is the tensile plastic resistance of the steel section based 

on measured material properties. 

The aforementioned dependencies are assessed by plotting the sagging resistance with respect to the 

aforementioned parameters. The sagging resistance is normalized with respect to the bare steel 

beam’s expected plastic flexural resistance, 𝑀𝑝,𝑒 (𝑀𝑝,𝑒 is the product of the plastic section modulus 

of the respective beam about the strong axis and the expected yield stress of the beam steel material, 

𝑓𝑦,𝑒). The 𝑓𝑦,𝑒 is deduced based on the material’s expected-to-nominal yield stress ratio, 𝑅𝑦, which is 

obtained from ANSI/AISC 341-16 (AISC 2016a) for North American steel grades and from available 
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literature (Aoki and Masuda 1985; Braconi et al. 2013; Fujisawa et al. 2013) for the rest of the steel 

grades. 

Figure 2.4a shows that the sagging resistance is amplified by 13%, on average, for deep beams (ℎ > 

500 mm). On the other hand, the sagging resistance of shallow composite steel beams (ℎ ≤ 500 mm) 

is amplified somewhere between 60% to 80%. This should be carefully considered in the SCWB 

criterion. Vis-à-vis the above discussions, system-level tests (Suita et al. 2008) and supplemental 

system-level simulations (Lignos et al. 2013) suggest that when the slab contribution is disregarded, 

the prediction of soft-story collapse mechanisms due to potential drift concentation may be missed. 

Referring to Figure 2.4b, the sagging resistance of a beam increases when the degree of composite 

action, 𝜂 increases. Due to brevity, the 𝜂 values in Figure 2.4b are only computed based on the Euro-

pean provisions (CEN 2004a; b). Note that 𝜂 varies between codes due to differences in the recom-

mended stud’s shear resistance and slab’s effective width. This issue is discussed later on in great 

detail. It is worth noting that deep steel MRF beams may require a large number of shear studs to 

develop full composite action. However, a lesser number of shear studs is typically used in the actual 

design phase. In the context of the U.S. seismic provisions, a lower degree of composite action is 

actually desirable, considering that the AISC provisions (AISC 2016a) recommend that the SCWB 

ratio shall be just larger than 1.0. 

 

 

(a) (b) (c) 

Figure 2.4 Dependence of the sagging resistance on the beam’s (a) depth, (b) the degree of compo-

site action based on Eurocode provisions (CEN 2004a, b) and (c) span-to-depth ratio 

 

Figure 2.4c shows that composite steel beams with low 𝐿𝑜/ℎ ratio (mainly deep beams) have a higher 

moment-shear interaction, which in turn decreases the beam’s attained sagging resistance. The ob-

served high dependence relates to the fact that the beam length in the subassembly tests is limited. 

h
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Hence, the higher the beam depth, the lower the span-to-depth ratio and the ratio 𝑀𝑦
∗,+/𝑀𝑝,𝑒 ratio. 

Notably, although a number of composite steel beams had a 𝐿𝑜/ℎ < 5, only two specimens did not 

develop their bare steel plastic resistance 𝑀𝑝,𝑒. This suggests that the 𝐿𝑜/ℎ > 5 limit specified by 

ANSI/AISC 358-16 (AISC 2016c) for prequalified beam-to-column connections is rational. Figure 

2.5 shows the maximum shear demand on the beam, 𝑉𝑢, with respect to 𝐿𝑜/ℎ. The shear demand, 𝑉𝑢, 

is normalized with respect to the plastic shear resistance, 𝑉𝑝,𝑚, of the bare steel beam, based on the 

measured yield stress. Albeit the shear demand on the beam under sagging becomes maximum, 𝑉𝑢 

values are plotted for both sagging and hogging bending (i.e., 𝑉𝑢
+ and 𝑉𝑢

−, respectively). All but one 

specimen experienced a 𝑉𝑢/𝑉𝑝,𝑚 ratio less than 0.5. This implies that the moment-shear interaction 

was not relevant in most cases, which complies with the Eurocode seismic provisions. Ten beams 

experienced a 𝑉𝑢/𝑉𝑝,𝑚 ratio larger than 0.4. These beams do not comply with the 𝐿𝑜/ℎ prequalifica-

tion limits of ANSI/ASCI 358-16 (AISC 2016c). 

 

  

 

Figure 2.5 Dependence of maximum shear demand-to-shear resistance ratio on the beam’s span-to-

depth ratio 

 

2.4.1.1 Assessment of the code-based sagging resistance of composite steel beams  

With respect to the design sagging resistance, discrepancies between the design codes are limited to 

(i) the assumed effective width and compressive stress of the slab and (ii) the assumed shear stud 

resistance. In this context, a brief discussion of these differences is provided below. 

Slab’s Effective Width and Compressive Stress 

An illustration of the basic dimensions used for effective width calculations by the three codes as well 

as a tabulated comparison of the formulas used for these calculations are shown in Figure 2.6a and b, 

respectively. The general consensus is that the effective width calculation as per the U.S. and Japanese 

provisions is simpler than that of the European provisions. For instance, the effective width according 

CEN (2004a) limit
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to the Eurocode provisions differs depending on (i) the loading condition (gravity/seismic), (ii) the 

joint configuration (exterior/interior column), and (iii) the presence of transverse beams or anchored 

rebar in the slab. The Japanese provisions simply recommend an effective width equal to the column 

flange width. This agrees with past findings from Du Plessis and Daniels (1972) but it is a conserva-

tive (i.e., it underestimates the flexural strength) assumption in most cases. 

For the concrete slab’s design compressive stress, both the European (CEN 2004b) and American 

(AISC 2016b) provisions consider 85% of the concrete specified/characteristic compressive strength. 

This value is rational for partially-composite steel beams (Civjan et al. 2001; Cordova and Deierlein 

2005). On the other hand, the Japanese provisions consider twice the compressive strength for fully 

composite steel beams, in which the effective stress can reach up to 1.8𝑓’𝑐. This is consistent with 

observations from past studies (Du Plessis and Daniels 1972; Tagawa et al. 1989). 

 

 

(a) (b) 

Figure 2.6 (a) Illustration of frame and composite steel beam dimensions for effective width compu-

tations; and (b) comparison of code-based effective width for plastic analysis 
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Shear Resistance of Headed Studs 

Both Eurocode 4-Part 1 (CEN 2004b) and ANSI/AISC 360-16 (AISC 2016b) reduce the stud’s shear 

resistance in the presence of a steel deck, regardless of its orientation. The Japanese provisions (AIJ 

2010b) only consider this reduction if the steel deck ribs are oriented perpendicular to the steel beam. 

In general, the reduction factor is a function of the deck and stud dimensions. If the steel deck is 

oriented perpendicular to the beam, this factor becomes also dependent on the number of studs per 

rib. The U.S. (AISC 2016a) and European (CEN 2004a) provisions require an additional 25% reduc-

tion on the shear resistance of headed studs in seismic load resistant systems. 

Comparison of Code-based and Test-based Sagging Resistances 

The design sagging resistance, 𝑀𝑑
+, is calculated here using plastic analysis as adopted in the three 

considered design provisions. Figure 2.7a shows the ratios of test- to code-based sagging resistance, 

𝑀𝑦
∗,+/𝑀𝑑

+, versus the beam depth. The trend lines suggest that the Eurocode tends to overestimate the 

sagging resistance of deep beams (ℎ ≈ 900 mm). This is due to the assumed constant material over-

strength factor of 1.25, regardless of the steel material type. The collected deep beams are mainly 

made of A992 Gr.50 steel. This has a lower material overstrength (𝑅𝑦 = 1.1). This issue as well as 

the observed variability in the 𝑀𝑑
+ values diminish between the three codes when the measured yield 

stress is used to calculate the design sagging resistance, 𝑀𝑑,𝑚
+  (see Figure 2.7b). Thus, the material 

overstrength shall be related to the steel grade (refer to Figure 2.2) as adopted in ANSI/AISC 341-16 

(AISC 2016a). In a similar manner, the proposed material overstrength values from the OPUS pro-

gram (Braconi et al. 2013) can be adopted in future editions of Eurocode 8. It is also worth noting 

that the Japanese steel industry addressed this issue by developing new steel grades with specified 

upper and lower limits on the yield stresss (Kanno 2016; Nakashima et al. 2000). 

The findings also suggest that the sagging resistance is not sensitive to the rest of the aforementioned 

differences between design codes. Therefore, the ANSI/AISC approach (AISC 2016b; a) is recom-

mended for the computation of the stud’s shear resistance given its simpler formulation. Since the 

sensitivity of the results to variations in the slab’s effective width is also negligible, the detailed ap-

proach of Eurocode 8-Part 1 (CEN 2004a) is not justifiable. Alternatively, either the AISC (2016b; 

a) or the (AIJ 2010b) approaches are recommended for future revisions of Eurocode 8-Part 1. 
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(a) (b) 

Figure 2.7 Test- to code-based sagging resistance ratio versus beam depth based on (a) expected 

material properties according to respective code; and (b) measured material properties 

 

2.4.2 Hogging resistance 

Figure 2.8 shows the ratio of the test-based hogging resistance to the expected bare steel beam plastic 

resistance (𝑀𝑝
∗,+ /𝑀𝑝,𝑒 ) versus the beam depth. The test-based hogging resistance is, on average, 10% 

higher than 𝑀𝑝,𝑒. This is consistent with prior observations by Elkady and Lignos (2014). This am-

plification is attributed to contributions from the slab longitudinal reinforcement and the metal deck. 

This becomes more evident in shallow beams. Note that the majority of the collected tests includes 

reinforced slabs with a steel wire mesh (reinforcement area less than 5 mm2/cm slab width). Interest-

ingly, shallow beams (ℎ = 300 ~ 330 mm) with relatively high deck reinforcement (8~13 mm2/cm), 

that were tested by Bursi and Gramola (2000) and Kishiki et al. (2010), developed the largest ampli-

fication factors of 1.4 to 1.5 as highlighted in Figure 2.8.  

Most of the collected reports did not indicate the exact location of the slab reinforcement including 

their measured yield stress. Therefore, it was possible to calculate the design hogging resistance, 

𝑀𝑑,𝑚¯ for only eight of the collected specimens. The ANSI/AISC 360-16 (AISC 2016b) allows for 

the consideration of the slab reinforcement within the sagging plastic effective width (see Figure 2.4b) 

while the Eurocode 8 (CEN 2004a) distinguishes between the effective width under sagging and hog-

ging bending. However, the average ratio, 𝑀𝑦
∗,−/𝑀𝑑,𝑚

− , is found to be 0.97 and 0.96 for the (AISC 

2016a; b) and Eurocode (CEN 2004a; b), respectively. This implies that the sensitivity of the hogging 

resistance to the slab effective width variation is negligible. Therefore, it is rational to adopt the sim-

pler ANSI/AISC 360-16 (AISC 2016b) approach for the effective width computations in future edi-

tions of Eurocode 8-Part 1. 
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Figure 2.8 Normalized test-based hogging resistance versus beam depth 

 

2.4.3 Effective stiffness 

The effective stiffness under sagging (𝐾+) and hogging (𝐾−) bending is plotted versus the beam 

depth in Figure 2.9a and b, respectively. In this figure, the test-based stiffness is normalized by the 

theoretical stiffness of the non-composite steel beam, 𝐾𝑛𝑐, considering both flexural and shear defor-

mations. The test-based effective stiffness could only be obtained for 29 specimens; those are the 

ones where the beam’s moment-rotation relation could be deduced from the reported test data. 

 

 

 

 

      (a)       (b) 

Figure 2.9 Dependence of the composite steel beam’s effective stiffness on its depth for (a) sagging 

bending; and (b) hogging bending 

 

Figure 2.9a shows that the composite action amplifies the effective stiffness of shallow beams (ℎ  

500 mm) under sagging bending by up to 100%. This agrees with findings from system-level exper-

iments (Nakashima et al. 2007; Nam and Kasai 2012). For deep beams (ℎ > 500 mm), the effective 

stiffness increases, on average, by 30%. Referring to Figure 2.9b, the effective stiffness under hog-

ging bending is amplified by up to 35% depending on the beam depth and the amount of slab rein-

forcement as discussed earlier. For few specimens, the 𝐾−/𝐾𝑛𝑐 values are slightly less than 1.0, which 
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is attributed to the sensitivity of 𝐾− deduction from the test data. The effective stiffness is also de-

pendent on the degree of composite action as discussed in the subsequent section. 

 

2.4.3.1 Assessment of the code-based effective stiffness under sagging bending 

The three codes calculate the effective stiffness under sagging bending, based on the effective mo-

ment of inertia of the un-cracked fully-composite cross section. The level of accuracy of these code 

estimates, that generally involve design-related reduction factors depending on a target limit state, is 

assessed here based on the deduced (i.e., actual) stiffness measurements of the collected test data (see 

Figure 2.3). Section C-13 commentary of the ANSI/AISC 360-16 (AISC 2016b) as well as the Japa-

nese (AIJ 2010a) provisions employ Eq. (2.2) to estimate the moment of inertia for partially-compo-

site steel beams, 𝐼𝑝𝑐, in which, 𝐼𝑛𝑐, and 𝐼𝑐  are the moments of inertia of the non-composite and fully 

composite steel beams, respectively.  

𝐼𝑝𝑐 = 𝐼𝑛𝑐 + √𝜂 ∙ (𝐼𝑐 − 𝐼𝑛𝑐) (2.2) 

The ANSI/AISC 360-16 (AISC 2016b) recommends an additional 25% reduction in the composite 

beam’s moment of inertia for realistic deflection calculations (Leon and Alsamsam 1993; Leon 

1990a). For the same purpose, the Japanese provisions (AIJ 2010b) use a larger modular ratio, 𝑛 = 15 

(defined as the ratio of the steel-to-concrete elastic modulus). Based on Eq. (2.2), the effective mo-

ment of inertia depends on the assumed slab effective width, which in turn differs in the elastic and 

plastic ranges. In the former, the effective width is related to the shear lag phenomenon (Castro et al. 

2007). In the latter, stress redistribution in the slab occurs due to material nonlinearity, which in-

creases the corresponding slab effective width. Accordingly, different effective widths shall be as-

sumed for the plastic flexural resistance and the serviceability calculations (stiffness and deflection 

checks). Table 2.2 summarizes a comparison of the effective widths proposed by the three design 

codes for elastic analysis. In summary, Eurocode 8 considers a smaller slab effective width for elastic 

analysis than for plastic flexural resistance calculations. The effective width, as per Eurocode 8, is 

also dependent on the column configuration as well as the presence of transverse beams and anchored 

rebar in the slab (CEN 2004a). The ANSI/AISC 360-16 (AISC 2016b) provisions do not distinguish 

between elastic and inelastic analysis. The Japanese design recommendations propose a different ef-

fective width for elastic analysis that depends on the beam span. Both Eurocode 8 and Japanese pro-

visions propose a fixed value for the modular ratio, 𝑛. 
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Figure 2.10 shows the ratio of the test- to code-based effective stiffness under sagging bending, 

𝐾+/𝐾𝑑
+ versus the beam depth and degree of composite action. It appears that the 25% reduction 

imposed on 𝐼𝑝𝑐 by (AISC 2016a; b) for realistic deflection calculations results in a conservative esti-

mate of the effective stiffness. However, long term effects, may actually reduce the effective stiffness 

of composite steel beams over a building’s life-cycle. This effect cannot be assessed here since, in 

most cases, the collected tests were conducted within one month after concrete casting. 

 

Table 2.2 Summary comparison of code-based effective width computation for elastic analysis 

Code 
Effective width* Modular ratio, 

𝑛 Interior column Exterior column 

CEN (2004a) min {
0.0375𝑙 

𝑒
 

 
 (1)min {

0.0375𝑙
𝑒

    (2)min {
0.025𝑙

𝑒
 7 

AISC 

(2016b) 
min {

0.0125𝑙
𝑤
𝑒

 

 

𝐸𝑠 /𝐸𝑐 

AIJ (2010b)  min {
𝑏 + (0.5 − 0.6𝑎/𝑙) ∙ 𝑎     if  𝑎 < 0.5𝑙
𝑏 + 0.1𝑙                               if 𝑎 ≥ 0.5𝑙

 
 

15 

* Effective width on each side of the beam web 

centerline  
(1) With transverse beams and anchored rebars 
(2) Without transverse beams or rebars not anchored 

b = Flange width/2 for symmetric slab configuration. 

   = Flange width for asymmetric slab configuration. 

 

 

In brief, the Eurocode and Japanese provisions provide close estimates of the effective stiffness with 

an average 𝐾+/𝐾𝑑
+ values of 0.96 and 0.91, respectively. The associated coefficient of variation 

(COV) is 0.12 and 0.06 for the Eurocode and Japanese data points, respectively. The higher dispersion 

based on the Eurocode is attributed to the fact that it always assumes a fully composite cross section; 

thus the Eurocode is conservative for beams with lower degree of composite action (𝐾+/𝐾𝑑
+ < 0.85, 

see Figure 2.10b) as well as for fully-composite shallow beams (𝐾+/𝐾𝑑
+ > 1). 

  



Composite steel beam database for seismic design and performance assessment of composite-steel moment-resisting 

frame systems 

 

48 

  

    (a)      (b) 

Figure 2.10 Ratio of test- to code-based sagging effective stiffness; dependence on (a) beam depth; 

and (b) degree of composite action 

 

2.4.4 Plastic rotation capacity of composite steel beams 

The assembled database is used to quantify the pre- and post-capping plastic rotation capacities of 

composite steel beams, under sagging and hogging bending and to propose empirical equations for 

predicting these quantities. These equations can be used in the context of seismic assessment guide-

lines for new and existing steel frame buildings.  

Eurocode 8-Part 3 (CEN 2005a) simply predicts a plastic rotation (𝜃𝑝,𝑝𝑟𝑒𝑑) equal to 8𝜃𝑦 and 3𝜃𝑦 for 

Class 1 and 2 cross sections, respectively (where 𝜃𝑦 is the chord rotation at yielding) for non-compo-

site steel beams. These values are anchored to the near-collapse limit state (Panagiotakos and Fardis 

2001), which corresponds to the plastic rotation capacity at 20% drop in the beam’s peak flexural 

resistance.  

Using experimental data collected by Lignos and Krawinkler (2011, 2013), Hartloper and Lignos 

(2017) developed empirical equations to predict the pre- and post-capping plastic rotation of non-

composite beams based on their first cycle envelope curve as defined in Figure 2.3b. These equations 

are further refined here by supplementing the collected experiments with data from non-composite 

steel beams that were conducted mostly in Europe. The equations are developed through standard 

multiple regression analysis (Chatterjee and Hadi 2015). The refined expressions are provided for θp
* 

and θpc
* as defined in Figure 2.3b. In particular, for standard non-composite steel non-RBS beams,  

𝜃𝑝
∗  =  0.25 ∙ (

𝑐

𝑡𝑤
)

−0.9

∙ (
𝑏

2𝑡𝑓
)

−1.1

∙ (
𝐿𝑏

𝑖𝑧
)

−0.2

∙ (
𝐿𝑜

ℎ
)

1.1

∙ (
𝐸

𝑓𝑦,𝑒
)

0.2

 (COV = 0.38) (2.3) 
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𝜃𝑝𝑐
∗ =  12.67 ∙ (

𝑐

𝑡𝑤
)

−0.9

∙ (
𝑏

2𝑡𝑓
)

−0.9

∙ (
𝐿𝑏

𝑖𝑧
)

−0.5

∙ (
𝐸

𝑓𝑦,𝑒
)

0.1

 (COV = 0.44) (2.4) 

and for non-composite steel beams with RBS, 

𝜃𝑝
∗  =  0.12 ∙ (

𝑐

𝑡𝑤
)

−0.5

∙ (
𝑏

2𝑡𝑓
)

−0.7

∙ (
𝐿𝑏

𝑖𝑧
)

−0.5

∙ (
𝐿𝑜

ℎ
)

0.8

∙ (
𝐸

𝑓𝑦,𝑒
)

0.23

 (COV = 0.42) (2.5) 

𝜃𝑝𝑐
∗ =  4.91 ∙ (

𝑐

𝑡𝑤
)

−1.1

∙ (
𝑏

2𝑡𝑓
)

−0.1

∙ (
𝐿𝑏

𝑖𝑧
)

−0.1

∙ (
𝐸

𝑓𝑦,𝑒
)

0.09

 (COV = 0.47) (2.6) 

In which, Lb is the unbraced length of the beam, iz is the weak-axis’ radius of gyration, 𝐸 and 𝑓𝑦,𝑒 are 

the steel’s modulus of elasticity and expected yield stress, respectively. The above equations are valid 

within the following ranges: 35 ≤ 𝑐/𝑡𝑤 ≤ 55, 3 ≤ 𝑏/2𝑡𝑓 ≤ 8, 20 ≤ 𝐿𝑏/𝑖𝑧 ≤ 80 (RBS: 20 ≤ 𝐿𝑏/𝑖𝑧 ≤ 60), 

3 ≤ 𝐿𝑜/ℎ ≤ 8 (RBS: 5 ≤ 𝐿𝑜/ℎ ≤ 8), 440 ≤ 𝐸/𝑓𝑦,𝑒 ≤ 830. 

To assess the predicted plastic rotation capacities based on the proposed Eqs. (2.3) to (2.6) as well as 

the Eurocode 8 approach, the pre- and post-capping plastic rotations under sagging and hogging bend-

ing are deduced from the gathered experimental data. To be consistent with the Eurocode 8 definition, 

the plastic rotation at 20% drop in peak flexural resistance, 𝜃𝑝,80%𝑀𝑢

∗,+/−
, is deduced from the test data. 

The same is done to deduce the predicted plastic rotation capacities corresponding to 80% 𝑀𝑢
+,−

 based 

on Eqs. (2.3) to (2.6). In particular, 𝜃𝑝,𝑝𝑟𝑒𝑑 = 𝜃𝑝
∗,+/−

 + 0.2𝜃𝑝𝑐
∗,+/−

. The ratio of test-based to predicted 

plastic rotation, 𝜃𝑝,80%𝑀𝑢

∗,+/−
/𝜃𝑝,𝑝𝑟𝑒𝑑, ratio versus the beam’s web slenderness ratio (c/tw) is plotted in 

Figure 2.11. The web slenderness ratio is used here since steel beams in fully restrained beam-to-

column connections are mainly prone to web local buckling followed by flange buckling (Lignos and 

Krawinkler 2011). Also note that data points in this figure exclude tests where beams experienced 

premature fracture or those terminated prior to reaching 80% 𝑀𝑢. 
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(a)      (b)  

Figure 2.11 Ratio of test-based to predicted plastic rotation at 20% flexural strength loss with re-

spect to beam’s web slenderness for (a) sagging bending; and (b) hogging bending 

 

Referring to Figure 2.11a and b, the plastic rotation capacity under sagging bending is generally larger 

than that under hogging bending. This is due to the lateral restraint provided by the slab to the steel 

beam’s top flange and top portion of the web, thereby delaying the top flange local buckling. More-

over, Eurocode 8-Part 3 consistently overestimates the plastic rotation capacity under both sagging 

and hogging bending by about 50%, regardless of the 𝑐/𝑡𝑤 and degree of composite action, 𝜂. This 

agrees with prior related studies (Araújo et al. 2017). The main reason is that this approach ignores 

the influence of geometric and material properties of a steel beam on its plastic rotation capacity. 

Referring to Figure 2.11b, for hogging bending, the plastic rotation predicted based on Eqs. (2.3) to 

(2.6) matches the measured one relatively well. Under sagging bending, the refined equations under-

estimate 𝜃𝑝,80%𝑀𝑢

∗,+
 by almost a constant value of 1.5. This is expected since these equations are meant 

for non-composite beams. The larger scatter around the predicted plastic rotation values at 𝑐/𝑡𝑤  ≈ 52 

is attributed to differences in lateral stability bracing between the collected tests. In fact, several of 

the collected specimens were heavily braced such that the predominant instability would be cross-

sectional local buckling. Based on these observations, for composite steel beams under sagging bend-

ing, 𝜃𝑝,80%𝑀𝑢

∗,+
 = 1.5𝜃𝑝,𝑝𝑟𝑒𝑑 as per Eqs. (2.3) to (2.6) depending on the beam-to-column connection 

type. Similarly, under hogging bending, 𝜃𝑝,80%𝑀𝑢

∗,−
 = 𝜃𝑝,𝑝𝑟𝑒𝑑. 

Interestingly, one test specimen (highlighted in Figure 2.11) achieved a much larger 𝜃𝑝,80%𝑀𝑢

∗,+/−
of 7.8% 

and 5.5% rad under sagging and hogging bending, respectively. This corresponds to an interior beam 

as part of a system-level test (Del Carpio et al. 2014). Cordova and Deierlein (2005) found that the 

axial restraint provided by the slab continuity in composite steel concrete MRFs increases the plastic 

rotation capacity of interior joint beams. This is not captured in the majority of the available 
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experimental data due to their simplified boundary conditions (FEMA 2000a). The authors are cur-

rently investigating this issue more thoroughly in a separate study. 

The post-capping plastic rotation is deduced from 13 and 25 tests under sagging and hogging bending, 

respectively. The deduced 𝜃𝑝𝑐
∗,+/−

 values are normalized with respect to the post-caping rotation pre-

dicted by Eqs. (2.4) and (2.6) and plotted versus 𝑐/𝑡𝑤 in Figure 2.12. Note that Eurocode 8-Part 3 

does not provide estimates for this quantity. The data trends suggest that the influence of the concrete 

slab on the post-capping plastic rotation is not as pronounced as on 𝜃𝑝,80%𝑀𝑢

∗,+/−
. This agrees with prior 

findings by Elkady and Lignos (2014). Under sagging bending, the post-capping plastic rotation is 

about 20% larger than that predicted for the non-composite beam (see Figure 2.12a). Under hogging 

bending (see Figure 2.12b), 𝜃𝑝𝑐
∗,−

 is, on average, 10% lower than that predicted by the regression 

equations for non-composite steel beams. Under hogging bending, a bigger portion of the steel cross 

section is under compression, which increases the potential for local and/or lateral torsional buckling 

(PEER/ATC 2010). In conclusion, it is recommended that for composite steel beams under sagging 

bending, the post-capping plastic rotation shall be taken as 1.2 times 𝜃𝑝𝑐
∗  of non-composite beams as 

per Eqs. (2.4) and (2.6). Under hogging bending, the post-capping plastic rotation shall be computed 

directly from Eqs. (2.4) and (2.6). 

 

 

(a) (b)  

Figure 2.12 Ratio of test-based to predicted post-capping plastic rotation with respect to the beam’s 

web slenderness for (a) sagging bending; and (b) hogging bending 

 

2.5 Influence of composite action on beam-to-column web panel zone 

The shear demand on the beam-to-column web panel zone of 45 composite steel beams is deduced 

and assessed with respect to the web panel shear resistance computed by the American, European and 
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Japanese steel design specifications (AIJ 2010a; AISC 2016b; CEN 2005c). Referring to Figure 2.13, 

based on the equilibrium of the external forces at a given joint, the maximum shear demand on the 

panel zone, 𝑉𝑃𝑍,𝑑𝑒𝑚𝑎𝑛𝑑, is deduced from the tests as follows,  

𝑉𝑃𝑍,𝑑𝑒𝑚𝑎𝑛𝑑 =
𝑀𝑢

+

𝑑𝑒𝑓𝑓
+ +

𝑀𝑢
−

𝑑𝑒𝑓𝑓
− − 𝑉𝑐𝑜𝑙 =

𝑀𝑢
+

𝑑𝑒𝑓𝑓
+ +

𝑀𝑢
−

𝑑𝑒𝑓𝑓
− −

𝑀𝑢
+ + 𝑀𝑢

−

𝐻
∙

𝑙

𝑙 − ℎ𝑐
 (2.7) 

in which, 𝑀𝑢
+ and 𝑀𝑢

− are the peak sagging and hogging bending demands at the column face, respec-

tively, 𝑑𝑒𝑓𝑓
+  and 𝑑𝑒𝑓𝑓

−  are the effective panel zone depths for sagging and hogging bending, 𝑉𝑐𝑜𝑙 is the 

shear force in the column, 𝑙 and 𝐻 are defined in Figure 2.6a. Note that 𝑀− is zero for exterior joints. 

Under hogging bending, the effective depth 𝑑𝑒𝑓𝑓
−  is equal to the bare steel beam depth, ℎ. Under 

sagging bending, the top flange resultant force shifts towards the slab and the resulting 𝑑𝑒𝑓𝑓
+  is de-

duced by Eq. (2.8) that considers the concrete slab geometry (Elkady and Lignos 2014; Kim and 

Engelhardt 2002),  

𝑑𝑒𝑓𝑓
+ = ℎ + ℎ𝑡 − 0.5ℎ𝑐 − 0.5𝑡𝑏𝑓 (2.8) 

Generally, the yield shear resistance of the panel zone, 𝑉𝑦, is expressed by Eq. (2.9), in which 𝐴𝑣 is 

the shear area of the panel zone, 𝑓𝑦𝑣 is the shear yield stress (taken as 0.58 ~ 0.6𝑓𝑦,𝑛 ), and 𝛼 is a 

reduction factor that accounts for the axial load-shear interaction. In the American and Japanese pro-

visions, 𝛼 depends on the column axial load demand. The axial force-shear interaction is ignored in 

Eurocode 3 (CEN 2005c). Instead, a flat reduction factor equal to 0.9 is considered. Ciutina and Du-

bina (2003) stated that this factor accounts for the reduction due to axial load-shear interaction.  

𝑉𝑦 = 𝛼𝐴𝑣𝑓𝑦𝑣 (2.9) 

Eurocode 8 allows up to 30% contribution of the panel zone to the joint’s total inelastic deformation. 

The panel zone plastic shear resistance is expressed by Eq. (2.10) as per ANSI/AISC 360-16 (AISC 

2016b) and Eq. (2.11) as per Eurocode 3, in which, 𝑏𝑐 and 𝑡𝑐𝑓 are the width and thickness of the 

column flange, respectively; ℎ𝑏 and 𝑡𝑏𝑓 are the beam’s depth and flange thickness, respectively (see 

Figure 2.13). The Japanese code reduces the shear demand by 25%. The joint is then designed for 𝑉𝑦 

(Nakashima et al. 2000). 

𝑉𝑝 = 𝑉𝑦 (1 + 3
𝑏𝑐𝑡𝑐𝑓

2

ℎ𝑏ℎ𝑐𝑡𝑝
) (2.10) 



Composite steel beam database for seismic design and performance assessment of composite-steel moment-resisting 

frame systems 

 

53 

𝑉𝑝 = 𝑉𝑦 + (
𝑏𝑐𝑡𝑐𝑓

2

ℎ𝑏 − 2𝑡𝑏𝑓
) 𝑓𝑦,𝑛 (2.11) 

None of the three design provisions suggests how the composite slab shall be considered in the panel 

zone shear demand and resistance computations. The panel zone’s yield and plastic shear resistances 

are calculated based on the three code provisions based on nominal material properties. 

 

 

Figure 2.13 Panel zone dimensions and definition of the effective depth under sagging and hogging 

bending 

 

Figure 2.14a and b show the panel zone shear resistance, 𝑉𝑃𝑍,𝑑, versus the panel zone shear demand, 

𝑉𝑃𝑍,𝑑𝑒𝑚𝑎𝑛𝑑, for wide-flange and hollow structural section (HSS) columns, respectively. For reference, 

three dashed lines are superimposed in Figure 2.14 that represent a 𝑉𝑃𝑍,𝑑 to 𝑉𝑃𝑍,𝑑𝑒𝑚𝑎𝑛𝑑 ratio of 0.6, 

1.0 and 1.67. Also in Figure 2.14a, the labeled specimens were intentionally designed for a very 

strong (‘S’) or very weak (‘W’) panel zone. The figure shows that the estimated yield shear resistance 

based on AISC (2016b) and AIJ (2010a) is between 0.70 to 1.25 times the panel zone shear demand. 

In total, 14 out of 23 wide-flange specimens experienced a shear demand greater than the yield re-

sistance because the amplified sagging flexural resistance of the composite beam was neglected in 

design; hence underestimating the shear demand. 

The estimated panel zone shear resistance according to Eurocode 3 varied between 0.6 to 1.1 times 

the corresponding shear demand. The Eurocode approach is particularly conservative for panel zones 

with doubler plates. This is because i) the Eurocode only considers a single doubler plate thickness 

even if two plates exist and ii) the panel zone shear resistance includes a 0.9 reduction factor regard-

less of the imposed axial load demand. All but two specimens experienced a shear demand greater 

than the Eurocode-based panel zone shear resistance. This conservatism is due to the associated 
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uncertainty in estimating the panel zone contribution to the plastic rotation demands of the beam-to-

column joint (Castro et al. 2008). 

Referring to Figure 2.14b, about half of the specimens with HSS and built-up box sections experi-

enced a lower demand than the panel zone shear resistance, regardless of the respective code provi-

sion. Specimens in which the demand was higher than the code-based yield shear resistance experi-

enced panel zone shear yielding (see Table 2.3). According to Nakashima et al. (2000), while Japa-

nese limit state design principles encourage panel zone yielding, Japanese buildings are less com-

monly controlled by panel zone yielding.  

 

 

(a)  (b)   

Figure 2.14 Code-based panel zone shear resistance versus maximum panel zone shear demand for 

(a) wide-flange columns; and (b) HSS and built-up columns 

 

The gathered experimental data suggest that story drift demands exceeding 5% can be sustained even 

if the panel zone develops a total shear distortion up to 10𝛾𝑦 (≈ 0.023 rad). This can be achieved with 

a 𝑉𝑃𝑍,𝑑/𝑉𝑝𝑙,𝑏 ratio of 0.8. The limit, which is applicable to all three design provisions, is based on the 

panel zone’s yield shear resistance and the plastic flexural resistance of composite steel beams. Be-

cause this finding is based on subassembly test data, system-level studies shall be conducted in order 

to evaluate the influence of controlled inelastic behavior of panel zones on the dynamic response of 

steel MRFs relative to “strong” panel zone designs. However, this is outside the scope of the present 

work. 

 

Vp CEN(2005b)

Vy AISC (2016a)

Vp AISC (2016a)

Vy AIJ (2010a)

S

W
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2.5.1 Recommendations for Panel Zone Shear Resistance 

While design provisions allow for controlled inelastic panel zone yielding, there is no clear guidance 

on the relative panel zone-to-beam shear resistance. For this purpose, specimens for which the panel 

zone yield deformation was reported are analyzed separately. The collected specimens are summa-

rized in Table 2.3 along with their reported failure mode. Specimens that fractured prior to a peak 

story-drift ratio of 5% and those that do not reflect the current design practice according to modern 

design provisions, are listed in Table 2.3 but are excluded from the subsequent assessment. 

Figure 2.15 shows the panel zone shear resistance, 𝑉𝑃𝑍,𝑑, normalized by 𝑉𝑝𝑙,𝑏 versus the panel zone 

total rotation (expressed as multiples of the nominal yield rotation in shear, 𝛾𝑦). The 𝑉𝑝𝑙,𝑏 is the shear 

demand on the panel zone due to the development of the composite beam’s plastic flexural resistance. 

This is calculated according to the respective design provision using the measured material properties 

to eliminate the material uncertaintly (i.e., 𝑀𝑑,𝑚
+  and 𝑀𝑑,𝑚

−  as defined earlier). This measure of the 

beam’s relative shear resistance has been adopted in prior related studies (Lee et al. 2005; Roeder 

2002). Note that the calculated beam plastic shear resistance accounts for the presence of the slab and 

neglects cyclic hardening. 

Referring to Figure 2.15a, composite connections with wide-flange columns and a 𝑉𝑃𝑍,𝑑-to-𝑉𝑝𝑙,𝑏 ratio 

larger than 0.8, attained a shear distortion angle of up to 10𝛾𝑦 (𝛾𝑦 = 0.023 rad) without experiencing 

premature fracture. Lee et al. (2005) found that a 𝑉𝑃𝑍,𝑑-to-𝑉𝑝𝑙,𝑏 ratio between 1.10 and 1.42 is suffi-

cient for the panel zone to develop a plastic rotation of 0.01 rad. However, the influence of the com-

posite slab was disregarded in this case. When the 𝑉𝑃𝑍,𝑑-to-𝑉𝑝𝑙,𝑏 ratio is between 1.10 to 1.42, the 

panel zone develops a rotation of 8.5𝛾𝑦 i.e., the plastic rotation is equal to 0.019 rad, which still 

exceeds 0.01 rad. 

Referring to Figure 2.15b, for HSS columns, only three data points were collected (Kishiki et al. 

2010; Yamada et al. 2009). Although inconclusive, two of these specimens experienced a panel zone 

shear distrortion more than 15𝛾𝑦. Those were through-diaphragm connections with fully-composite 

shallow beams. The specimen tested (Kishiki et al. 2010) had a fully composite beam with a solid 

slab. Consequently, the composite beam remained elastic due to the large amplification in the plastic 

bending resistance and the plastic deformations of the subassembly were mainly concentrated in the 

panel zone. 
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Table 2.3 Composite steel beam specimens with reported panel zone shear distortion 

Reference Specimen ID Column section 
𝛾

𝛾𝑦

 Failure Mode 
SDRmax 

[% ] 

Ricles et al. 

(2004) 

SPEC-1 W36x230 4.91 Fracture in RBS bottom flange  5.0 

SPEC-2 W27x194 8.28 Fracture in RBS top flange  5.0 

SPEC-3 W27x194 4.64 Fracture in RBS  5.0 

SPEC-4 W36x150 5.78 Low cycle fatigue cracks 5.0 

SPEC-5 W27x146 7.93 Low cycle fatigue cracks 5.0 

Ricles et al. 

(2002) 
C5(a) W14x398 6.67 

Fracture in top flange at shear stud in 

plastic hinge region 
2.6 (b) 

Engelhardt et 

al. (2000) 

DBBWC W14x398 7.8 Fracture at beam groove weld 6.0 

DBWWC W14x398 8.40 Ductile tearing through top beam flange 7.0 

DBBWSPZC W14x398 1.10 No fracture; test terminated 7.0 

DBWWPZC(a) W14x283 23.23 
Fracture in beam flange weld and shear-

tab-to-column weld 
7.0 

Uang et al. 

(2000) 
NIST-2C(a) W14x426 2.58 No fracture; test terminated 4.0 

Yamada et al. 

(2009) 

Beam 1 HSS300x300x9 18.15 No fracture; test terminated 9.0 

Beam 2(a) HSS300x300x9 3.60 Beam fracture at scallop location 2.5 

Kishiki et al. 

(2010) 

F_Full HSS250x250x9 22.07 No fracture; test terminated 5.0 

D_LS HSS250x250x12 5.19 No fracture; test terminated 5.0 

D_SS(a) HSS250x250x12 4.84 Beam fracture 3.5 

Sumner and 

Murray 

(2002) 

4E-1.25-1.375-24 W14x257 1.83 Bolt tension rupture  5.0 

Kim and Lee 

(2017) 

PN500-C(a) H400x400x13x21 15.17 Fatigue fracture in bottom flange weld  4.0(b) 

PN500C-HST(a) H400x400x13x21 28.56 Low cycle fatigue beam fracture 7.0(b) 

PN500C-SH H400x400x13x21 5.42 No fracture >5.0(b) 

PN500C-TH H400x400x13x21 9.07 No fracture >5.0(b) 

Del Caprio et 

al. (2014) 
RBS-A W12x30 3.81 No fracture; test terminated 16.4 

(a) Specimens that are excluded from subsequent discussion 
(b) Total plastic rotation reported instead of story drift ratio 
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    (a)   (b)   

Figure 2.15 Relative panel-zone-to-beam shear resistance against the normalized panel zone’s dis-

tortion angle for (a) wide-flange columns; and (b) HSS columns 

 

2.6 Conclusions 

This chapter investigates the composite steel beam effects on the seismic design and performance 

assessment of composite-steel moment resisting frames (MRFs). For this purpose, a publicly availa-

ble database of 97 composite steel beams was assembled. Several parameters were investigated in-

cluding the sagging and hogging flexural resistances, the effective stiffness and the plastic rotation 

capacity of composite steel beams. The influence of the slab on the beam-to-column web panel shear 

resistance was also investigated. A comparison between the European, American and Japanese pro-

visions was conducted; the aim of which is to provide design recommendations on how to properly 

consider the composite action in future design code revisions. Empirical formulations were also de-

veloped that capture the asymmetric behavior of composite steel beams under cyclic loading. Such 

relationships can be used in seismic assessment of new and existing steel frame buildings based on 

nonlinear static (pushover) analysis. The main findings are as follows:  

▪ The sensitivity of the results to discrepancies between the three evaluated design provisions with 

regards to the computation of the sagging flexural resistance, 𝑀𝑦
∗,+

, is not significant. Therefore, 

the detailed approach presented in Eurocode 8-Part 1 (CEN 2004a) for calculating the slab effec-

tive width is not justified. Instead, this approach should be replaced with a simpler one (e.g., 

ANSI/AISC 360-16 (AISC 2016b)). 

▪ The ratio of composite-to-bare sagging flexural resistance, 𝑀𝑦
∗,+/𝑀𝑝,𝑒, of shallow composite steel 

beams (ℎ < 500 mm) is at least 1.4 times larger than that of deep beams. This value may vary 

considerably depending on the corresponding degree of composite action. In low rise steel frame 

Lee et al. (2005) range

Vp CEN(2005b)

Vy AISC (2016a)

Vp AISC (2016a)

Vy AIJ (2010a)
Proposed 0.8 limit
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buildings and/or steel buildings with space steel MRFs in which the degree of composite action 

is at least 0.4, the strong-column/weak-beam ratio shall be based on a beam’s sagging flexural 

resistance. 

▪ The hogging flexural resistance, 𝑀𝑦
∗,−

, of a composite steel beam is, on average, 10% larger than 

the corresponding one of the bare steel beam. This is attributed to the slab longitudinal reinforce-

ment and the metal deck. The hogging plastic flexural resistance of a composite steel beam is 

sensitive to the steel material overstrength. This is traced well based on the ANSI/AISC 341-16 

(AISC 2016a) seismic provisions because expected material properties are employed depending 

on the corresponding steel material grade. It is recommended that the material overstrength fac-

tors developed within the OPUS program (Braconi et al. 2013) are adopted in future editions of 

Eurocode 8-Part 1. 

▪ Shallow composite steel beams (ℎ  500 mm) under sagging bending have an equivalent flexural 

stiffness of at least 1.6 times the effective flexural stiffness of the bare steel beam. This value 

decreases by up to 20% for deep composite steel beams (ℎ > 500 mm). As such, the Eurocode 

(CEN 2004a; b) stiffness formulation exhibits higher dispersion because its estimation is not 

based on partially composite steel beams. Hence, the approaches discussed in the AISC and Jap-

anese provisions are recommended for calculating the effective beam stiffness under sagging 

bending.  

▪ The pre-capping plastic rotation capacity of composite steel beams is, on average, 50% higher 

than that of bare steel beams under sagging moment. When the beam is under hogging bending, 

the observed differences between composite and bare steel beams diminish. The Eurocode 8-Part 

3 (CEN 2005a) formulations overestimate the measured plastic rotation capacities of steel beams 

in all the examined cases. This is attributed to the fact that the Eurocode approach does not con-

sider the influence of the geometric and material properties of a steel beam on its plastic rotation 

capacity. 

▪ The post-capping plastic rotation of composite steel beams is less sensitive to the presence of the 

slab. This is attributed to the fact that in the post-peak response, the slab is typically cracked, 

thereby becoming less effective in delaying local buckling-induced softening under cyclic load-

ing. 

▪ Empirical expressions are developed to reliably compute the plastic rotation capacity of compo-

site steel beams. These expressions can be directly used for the seismic assessment of new and 
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existing steel MRF systems based on nonlinear static analysis within the framework of Eurocode 

8-Part 3 (CEN 2005a) and ASCE/SEI 41-17 (ASCE 2017). These expressions effectively capture 

the dependencies of pre- and post-capping plastic rotation capacities of composite steel beams 

with respect to the beam’s geometric and steel material properties. 

▪ System-level tests suggest that the plastic rotation capacity of interior beam-to-column connec-

tions is at least 50% larger than that of exterior joints due to the slab continuity that is not properly 

traced in typical beam-to-column subassembly experiments. This deserves more attention in fu-

ture studies and requires system-level physical testing. 

▪ The panel zone shear yield resistance is nearly the same in the three design provisions that were 

evaluated. However, Eurocode 3-Part 1-8 (CEN 2005c) is conservative if doubler plates exist on 

both sides of the column web. The reason is that one of the two doubler plates is disregarded 

from the computation of the panel zone shear resistance. 

▪ The panel zone in wide-flange steel columns may be designed such that the relative panel zone-

to-beam shear resistance, 𝑉𝑃𝑍,𝑑/𝑉𝑝𝑙,𝑏 = 0.8. This value is based on composite steel beam test data 

for which at least a 5% peak story drift ratio was attained. In these tests, the panel zones developed 

a total shear distortion up to about 10𝛾𝑦 without experiencing pre-mature fracture within the cor-

responding beam-to-column connection. 
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Chapter 3 Hysteretic behavior of moment-re-

sisting frames considering slab restraint and fram-

ing action 
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3.1 Abstract 

This chapter examines the influence of framing action and slab continuity on the hysteretic behavior 

of composite steel momentresisting frames (MRFs) by means of high-fidelity continuum finite-ele-

ment (CFE) analyses of two-bay subsystems and typical cruciform subassemblies. The CFE model, 

which is made publicly available, was thoroughly validated with available full-scale experiments and 

considers variations in the beam depth and the imposed loading history. The simulation results sug-

gest that beams in subsystems may experience up to 25% less flexural strength degradation than those 

in typical subassemblies. This is because of local buckling straightening from the slab continuity and 

framing action evident in subsystems. For the same reason, beam axial shortening attributable to local 

buckling progression is up to five times lower in subsystems than in subassemblies, which is con-

sistent with field observations. While the hysteretic behavior of interior panel zone joints is symmet-

ric, exterior joint panel zones in subsystems experience large asymmetric shear distortions regardless 

of the employed lateral loading history. From a design standpoint, it is found that the probable max-

imum moment in deep and slender beams (𝑑𝑏 ≥ 700 mm) may be up to 25% higher than that predicted 

by current design provisions with direct implications to capacity design of steel MRFs. The 25% 

reduction in the shear stud capacity as proposed by current seismic provisions is not imperative for 

MRFs comprising intermediate to shallow beams and/or featuring a high degree of composite action 

(𝜂 > 80%) as long as ductile shear connectors are employed. 

 

3.2 Introduction 

The 1994 Northridge and 1995 Kobe earthquakes led to a paradigm shift in the seismic design of steel 

moment resisting frames (MRFs). As part of the SAC2 project (Mahin 1998), multiple testing pro-

grams were conducted on beam-to-column subassemblies (Engelhardt et al. 2000; FEMA 2000a; 

Ricles et al. 2002, 2004; Sumner and Murray 2002; Tremblay et al. 1997; Uang et al. 2000). These 

tests formed the basis for the development of today’s pre-qualified beam-to-column connections for 

seismic applications in the US (AISC 2016a). A concerted effort is currently underway in Europe 

(Landolfo et al. 2018) regarding the same matter. 

 

2 SAC is a joint venture of the Structural Engineers Association of California (SEAOC), the Ap-

plied Technology Council (ATC) and California Universities for Research in Earthquake Engineering 

(CUREe) 
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The significant majority of the tests conducted as part of the SAC project involved subassemblies 

with T- or cruciform-shaped configurations. While these subassemblies may be convenient for phys-

ical testing due to their overly simplified boundary conditions, they do not represent reality at damage 

states associated with large inelastic deformations (Cordova and Deierlein 2005; Zerbe and Durrani 

1989). Beams in cruciform subassemblies are free to shorten axially (Civjan et al. 2001; MacRae et 

al. 2013) after the formation of local buckling within the anticipated dissipative zone of a steel beam. 

This is not evident in system-level tests (Cordova and Deierlein 2005; Del Carpio et al. 2014) and 

field observations (Clifton et al. 2011; Okazaki et al. 2013), where beam local buckling is delayed 

due to the axial restraint provided by the slab continuity (Cordova and Deierlein 2005; Donahue et 

al. 2017; FEMA 2000a; Herrera et al. 2008). Moreover, the floor slab and adjacent columns in build-

ings provide restraint to the beam and inhibit axial shortening (PEER/ATC 2010). This may result in 

an appreciable increase in the plastic rotation capacity of the steel beam (FEMA 2000a; Kwasniewski 

et al. 2002). Although inconclusive, El Jisr et al. (2019) highlighted that the plastic rotation capacity 

of composite steel beams directly deduced from system-level or subsystem tests may be at least two 

times larger than that deduced from beams in cruciform configurations. 

The effect of the slab axial restraint may have significant implications on nonlinear modeling of steel 

MRF beams. Common numerical modeling approaches include point plastic hinge models as well as 

distributed finite-element approaches (Deierlein et al. 2010). While point hinge (Elkady and Lignos 

2014; Ibarra et al. 2005; Lignos and Krawinkler 2011; Rassati et al. 2004) and resultant section mod-

els (El-Tawil and Deierlein 2001; Mehanny and Deierlein 2000) for composite steel beams are avail-

able in the literature, they have been established on the basis of subassembly tests. Hence, potential 

differences, due to the framing action, in the hysteretic behavior of beams between interior and exte-

rior joints of a steel MRF are ignored. Furthermore, these models typically neglect the interface slip 

between the steel beam and the concrete slab. These effects may be captured with fiber models (Ama-

dio and Fragiacomo 1993; Ayoub 2005; Ayoub and Filippou 2000; Bursi et al. 2005; Bursi and Bal-

lerini 1996; Gattesco 1999; Salari and Spacone 2001). Albeit these models are computationally effi-

cient, they require effective stress-strain formulations with softening to trace strength and stiffness 

deterioration (Kolwankar et al. 2018; Suzuki and Lignos 2018). In the absence of comprehensive 

experimental data, continuum finite element (CFE) models offer a rational alternative to quantify the 

aforementioned effects. Past studies involving CFE models (Alashker et al. 2010; Elkady and Lignos 

2015a, 2018a; Ricles et al. 2004; Zhou et al. 2007) focused mostly on the dependence of strength and 

stiffness deterioration of steel members on nonlinear geometric instabilities (e.g., local and/or lateral 

torsional buckling). To the best of the authors’ knowledge, there are no comprehensive studies to 
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elucidate the physical mechanisms associated with the slab axial restraint at interior and exterior 

beam-to-column joints within a subsystem (entire story) and/or structural system. 

From a seismic design standpoint, headed shear studs transfer seismic inertia forces through the slab 

into the MRF steel beams. Early degradation in the shear stud strength results in the loss of this load-

transfer mechanism, thereby triggering loss of composite action (Cheng and Chen 2005; Civjan et al. 

2001; Leon et al. 1998). As a precaution against severe shear strength degradation of the studs, current 

seismic provisions (AISC 2016a; CEN 2004a) propose a 25% reduction in the stud design shear re-

sistance. This requirement is based on a purely subjective decision. Albeit this reduction may be 

rational in steel MRFs comprising deep beams (depths larger than 400 mm), it is not justifiable in 

prospective steel MRF designs comprising shallow composite beams with a high degree of composite 

action, 𝜂 ≥ 80% (𝜂 is the ratio of the actual number of shear studs to that required to achieve full 

composite action). Moreover, cyclic push-out tests (Bursi and Gramola 1999; Civjan and Singh 2003; 

Zandonini and Bursi 2000), although informative, do not replicate the actual stress state and boundary 

conditions in the slab due to bending, nor do they account for the force redistribution between the 

studs (Schafer et al. 2019; Sjaarda et al. 2018; Suzuki and Kimura 2019). 

This chapter addresses all the aforementioned issues by means of CFE analyses. The proposed CFE 

modeling approach, which is validated on the basis of composite subassembly tests, explicitly ac-

counts for the synergy between the composite slab and the steel beams. The modeling approach is 

extended to two-bay subsystems to comprehend the influence of the slab axial restraint and framing 

action on the hysteretic behavior of beams and panel zones in interior/exterior beam-to-column joints. 

These subsystems comprise beams with depths representative of both the North American and Euro-

pean seismic design practice. Aspects associated with the shear stud resistance in contemporary de-

signs of composite steel MRFs are discussed. 

 

3.3 Proposed continuum finite element modeling approach 

This section discusses the CFE modeling specifics of a typical beam-to-column subassembly with a 

composite floor slab as illustrated in Figure 3.1a. The modeling approach is validated with data from 

a full-scale subassembly test (Ricles et al. 2004) featuring fully restrained beam-to-column connec-

tions with reduced beam sections (RBS). The commercial finite element software Abaqus 6.14 

(Abaqus 2014) is used for this purpose. Referring to Figure 3.1, column and beam regions within 

contact zones are meshed with first-order brick elements with incompatible modes, C3D8I. These 
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elements are suitable for nonlinear analysis involving contact (Selamet and Garlock 2010). They are 

fully integrated with additional internal degrees of freedom to eliminate shear locking and they cap-

ture bending with an accuracy similar to that of quadratic elements. A structured mesh is implemented 

in the beam’s anticipated plastic hinge location to produce elements with reasonable aspect ratios. 

Three elements per flange thickness are considered as recommended by Bursi and Jaspart (1998) for 

flexure-dominated problems. The remaining beam and column regions are modeled using four-node 

double-curved S4R shell elements with five integration points along the element thickness based on 

the recommendations by (Elkady and Lignos 2018a). A shell-to-solid coupling constraint is used to 

connect the shell edge regions of the beam to the column flange. The concrete slab is modeled using 

eight-node first-order brick elements with reduced integration, C3D8R. Five elements across the slab 

thickness are considered to provide satisfactory performance against hourglassing (Genikomsou and 

Polak 2015). Slab rebar and wire mesh reinforcement are modeled using two-node linear truss ele-

ments, T3D2. The steel deck is modeled using four-node membrane elements, M3D4R. 
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(a) 

   

(b) (c) (d) 

Figure 3.1 (a) Continuum finite element model specifics for a typical subassembly configuration 

with composite floor slab (b) column web panel detail; (c) transverse beams detail; (d) shear studs 

detail 

 

Shear studs connecting the slab to the transverse beams are modeled with two-node linear beam ele-

ments, B31. The cross-sectional area of these elements is modified to make it equivalent to the actual 

shear stud strength and stiffness (Baskar et al. 2002; Liang et al. 2005). The shear studs between the 

main beams and the slab may exhibit a pinched hysteretic degrading response. To capture this re-

sponse, the interface slip should be modeled using a nonlinear load-slip behavior (Ayoub and Filippou 

2000; Bursi et al. 2005). For this purpose, a user-defined element (VUEL) is developed by the authors 

and implemented as shown in Figure 3.1d. This VUEL, which is publicly available from 

https://github.com/eljisr/IMK_Pinching_VUEL, employs the modified Ibarra-Medina-Krawinkler 

(IMK) deterioration model (Ibarra et al. 2005; Lignos and Krawinkler 2011). The model assumes a 

pinched hysteretic behavior that explicitly simulates the effects of stiffness, strength, post-capping 

strength and accelerated reloading stiffness deterioration (Ibarra et al. 2005). It is loading-history 

independent and assumes a reference inherent hysteretic energy dissipation capacity regardless of the 
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applied protocol. The set of parameters that define the deterioration model are calibrated with cyclic 

push-out tests available in literature. Past conventional cyclic push-out tests have demonstrated severe 

degradation in the shear studs (Bursi and Gramola 1999; Civjan and Singh 2003; Zandonini and Bursi 

2000). However, they do not accurately replicate the mechanical behavior of the shear stud connectors 

under fully reversed cyclic loading. More importantly, they do not consider the force redistribution 

occurring in the studs once they experience cyclic deterioration. For this reason, the shear studs are 

calibrated with recently conducted cyclic-push out tests that account for the stress state in the slab 

under reversed cyclic loading (Suzuki and Kimura 2019). These tests were subjected to symmetric 

loading protocols, which impose far higher inelastic demands to studs than non-symmetric loading 

protocols. In that respect, the calibration is on the conservative side. Figure 3.2 shows a calibration 

of the hysteretic behavior of a cluster of four 19 mm shear studs. Based on this calibration, the fol-

lowing parameters are obtained for a single stud (positive and negative superscripts refer to the stud 

parameters when the slab is under compression and tension, respectively): the ultimate shear strengths 

𝑄𝑢
+ = 82 kN and 𝑄𝑢

− = 36 kN, the effective yield strengths 𝑄𝑦 = 90%, the pre-capping slip capacities 

𝑠𝑝
+ = 6 mm and 𝑠𝑝

− = 10 mm, the post-capping slip capacities 𝑠𝑝𝑐
+ = 11 mm and 𝑠𝑝𝑐

− = 5 mm, the 

ultimate slip capacities 𝑠𝑢
± = 15 mm, the strength and stiffness deterioration parameters 𝜆𝑠 = 40 and 

𝜆𝑘 =15, the deterioration rate parameters 𝐷± = 1.0, and the parameters that define the break point of 

the pinching model 𝜅𝑑 = 0.4 and 𝜅𝑓 = 0.2.  

 

 

Figure 3.2 Calibration example of a cluster of four 19 mm cyclically-loaded shear studs (data values 

were reproduced from Suzuki and Kimura (2019)) 

 

The steel material multi-axial constitutive relationship for beams and columns is based on the well-

established Voce-Chaboche multiaxial plasticity model (Lemaitre and Chaboche 1990; Voce 1948). 

The input model parameters are adopted based on studies by Sousa and Lignos (2018) for A992 Gr. 
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50 steel (ASTM 2015). An elastic perfectly plastic material model is assigned to the steel deck and 

slab reinforcement. 

The concrete behavior under cyclic loading is simulated through the concrete damaged plasticity 

(CDP) model, available in Abaqus 6.14 (Abaqus 2014). The yield function of this model under mul-

tiaxial stress state accounts for damage in the concrete (Lee and Fenves 1998; Lubliner et al. 1989). 

The plastic flow potential is defined using the Drucker-Prager hyperbolic function. The parameters 

recommended by Goto et al. (2010) are implemented in the developed CFE model. The stress-strain 

relation of concrete under compression is defined according to Carreira and Chu (1985) and Baskar 

et al. (2002). The concrete compressive strength is 𝑓𝑐
′ = 32 MPa. Under tension, a linear elastic be-

havior is assumed up to the concrete tensile strength, 𝑓𝑡 = 10%𝑓𝑐
′ (Matsumura and Mizuno 2007). A 

tension stiffening strain of 0.1 is employed (Baskar et al. 2002; Rex and Easterling 2000). Stiffness 

degradation mechanisms are incorporated in the CDP model through compressive and tensile damage 

variables (Goto et al. 2010). 

Referring to Figure 3.1a, the pinned boundary conditions assumed at the main beams and column 

ends correspond to those expected at the inflection point locations in a typical MRF under lateral 

loading. Out-of-plane movement and twisting are restrained at the main beams and column ends at 

the indicated points shown in Figure 3.1a. The transverse floor beams supporting the floor slab are 

connected to the main beams via a conventional shear tab connection (see Figure 3.1c). A tie con-

straint is used to idealize this connection for the translational degrees of freedom. Therefore, the con-

nection can resist moment under strong-axis bending only. This assumption is based on the fact that 

the shear-tab connection is not an ideal pin and has a non-negligible strong-axis rotational strength 

and stiffness (Liu and Astaneh-Asl 2004). Furthermore, the strong-axis flexural demand on the con-

nection (due to twisting) is low and is mainly resisted by the diagonal brace and the slab. On the other 

hand, under weak axis bending, the rotational stiffness and flexural strength of the shear tab connec-

tion is negligible. The out-of-plane movement of the main beam’s bottom flanges is prevented with 

diagonal braces connected to the transverse beams. Modeling of these braces is simplified by em-

ploying a kinematic coupling constraint as shown Figure 3.1c. 

The steel beams are rigidly connected to the column through a surface-based tie constraint. Continuity 

plates are fully tied to the column web and flanges, while doubler plates are tied to the column web 

at their edges. Plug welds are modeled using connector elements with an influence radius equal to 

that of the plug weld radius, and fully-constrained degrees of freedom (see Figure 3.1b). The shear 

studs are connected to the beam and slab through multi-point beam constraints. A perfect bond is 
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assumed between the concrete slab, and the rebar reinforcement. The inner surface of the steel deck 

is fully tied to the concrete slab. 

Both the restraint provided by the slab to the top beam flanges, and the bearing of the slab on the 

column flanges are simulated using a general contact interaction. The interface action between the 

slab and the steel components consists of a hard contact relationship with balanced master-slave 

weighing and allowed separation. The friction behavior is expressed using a Coulomb model with a 

steel-to-concrete friction coefficient, 𝜇 = 0.2 (Johansson and Gylltoft 2002). 

Local and global imperfections are introduced in the dissipative zones (i.e., RBS region) to properly 

trigger nonlinear geometric instabilities based on the modeling procedures proposed by Elkady and 

Lignos (2018a). Residual stresses are also modeled using the distribution proposed by Young (1972). 

 

3.4 Validation of the modeling approach 

The proposed CFE modeling approach is validated with the subassembly specimen, SPEC3 from 

Ricles et al. (2004). The specimen features W36x150 main girders, a W27x194 column, W14x22 

transverse beams and a 133 mm (5.25”) slab. The floor slab is 1219 mm (4’) wide, with a 305 mm 

(12”) overhang. It consists of an 83 mm (3.25”) concrete fill (32 MPa) on top of a 51 mm (2”) deep 

Vulcraft 2VLI steel deck, oriented such that the ribs are parallel to the main girders. The slab rein-

forcement includes a W4xW4 welded wire mesh, as well as No. 3 (9.5 mm) and No. 4 (12.7 mm) 

bars. Nine 19 mm (0.75”) shear studs connect each main girder to the slab. A single 12.7 mm (0.5”) 

doubler plate is welded to the column web. The specimen was subjected to a cyclic symmetric loading 

history (SAC Joint Venture 1997) at the column tip. 

The nonlinear quasi-static analysis is run at EPFL’s high performance computing center (Fidis Clus-

ter) using a Message Passing Interface-based domain decomposition parallel implementation. The 

Abaqus/Explicit dynamic analysis procedure is employed. This procedure has a robust contact func-

tionality to solve very complex contact problems (Prior 1994). This is critical for simulating the slab 

restraint to the top beam flange and the slab bearing on the column. In particular, the loading rate is 

assumed to be sufficiently small to ensure that the inertial force is nearly zero (i.e., equivalent to static 

loading). The main drawback of the explicit solution technique is that the time step is limited by the 

size of the stable time-increment, 𝑡𝑠𝑡𝑎𝑏𝑙𝑒 ≤ 2/𝜔𝑚𝑎𝑥, where 𝜔𝑚𝑎𝑥 is the highest element eigenfre-

quency in the model. To overcome this shortcoming, the stable time-increment is increased through 

mass-scaling. Quasi-static response is verified through the equilibrium of static forces and the energy 
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balance in the model. Referring to Figure 3.3, the ratio of the kinetic and viscous energies to the 

internal energy is less than 5% and the total energy in the model is nearly zero (Chung et al. 1998; 

Prior 1994). Artificial strain energy due to hourglassing control as well as distortion control dissipa-

tion energy are examined and found to be negligible. 

 

 

Figure 3.3 Model energies accumulated throughout the explicit continuum finite element analysis 

 

Figure 3.4a and b shows a comparison between the measured and simulated hysteretic response of 

the composite steel beam. In this figure, 𝑀𝑏 is the beam moment at the column face; 𝑉𝑃𝑍 is the panel 

zone shear force; 𝑆𝐷𝑅𝑏, 𝑆𝐷𝑅𝑃𝑍, and 𝑆𝐷𝑅𝑐 are the beam, panel zone and column contributions to the 

story drift ratio, respectively. Referring to Figure 3.4a, the CFE model predicts the onset of local 

buckling fairly well under sagging (slab in compression) and hogging (slab in tension) bending ex-

cursions. The predicted flexural strength and stiffness of the beam possesses an outstanding agree-

ment with the measured one up to 6% story drift ratio. Deviation from the test results occurs in the 

last sagging excursion as ductile tearing initiated in the bottom flange of the beam during the test. 

Figure 3.4b shows that the model marginally over-predicts the panel zone deformations by about 

10%. This is due to the slightly higher predicted beam moment. However, the panel zone contribution 

to the story drift, in both the CFE model and test, does not exceed 1%. Consequently, the slight devi-

ation in the panel zone response does not practically influence the energy dissipation capacity of the 

beam-to-column connection as shown in Figure 3.4d. 

Figure 3.4c demonstrates a noteworthy agreement between the predicted and measured decomposed 

deformation contributions to the story drift. Referring to Figure 3.4d, the same observations hold true 

with regards to the accumulated energy dissipated by each component. Note that the peak deformation 

in the panel zone, in both the CFE and the test, occurs at 3% SDR. At 6% SDR, the demand on the 

panel zone drops substantially as the beams experience flexural strength degradation. Accordingly, 

5% x Internal 

Energy
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the panel zone contribution at 6% SDR is negligible in both the CFE and the test (0.03% and 0.15% 

respectively). 

 

  

(a) (b) 

 

 

(c) (d) 

Figure 3.4 Comparison between simulated and experimental results (experimental data are repro-

duced from Ricles et al. (2004)) (a) beam hysteretic behavior; (b) panel zone hysteretic behavior; 

(c) component contribution to the story drift at the first cycle of 2%, 4% and 6% amplitudes; (d) ac-

cumulative energy dissipation in each component 

 

3.5 Parametric study with two-bay subsystem models 

Having established confidence in the CFE modeling approach, the effects of the floor slab continuity 

and framing action on the seismic performance of steel MRFs is assessed. The presence of neighbor-

ing gravity frames is also expected to provide some degree of additional restraint on the steel MRF 

(Donahue et al. 2017), thereby enhancing these effects. However, the influence of gravity framing is 

not considered in this chapter. Three two-bay subsystems, summarized in Table 3.1, are considered 

herein: SD with deep beams, SI with beams of intermediate depth, and SS with shallow beams. The 

subsystems cover a range of beam sizes employed in typical low to mid-rise steel MRF buildings 

(Elkady and Lignos 2014, 2015b; Tartaglia et al. 2018; Tsitos et al. 2018). The centerline span length, 

Ductile 

Tearing
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𝐿 = 8992 mm (29-1/2’), column height, 𝐻 = 3962 mm (13’), maximum unbraced length, 𝐿𝑏  = 1676 

mm (5-1/2’’), and the slab dimensions correspond to those of subassembly specimen SPEC3 (Ricles 

et al. 2004). In all three subsystems, the member slenderness ratio 𝐿𝑏/𝑟𝑦, summarized in Table 3.1, 

is compliant with ANSI/AISC 341-16 (AISC 2016a) for special moment frames. The shear span-to-

depth ratio 𝐿𝑜/𝑑𝑏 of specimen SD does not quite satisfy the ductility requirements of ANSI/AISC 

341-16 (AISC 2016a). Nonetheless, the moment-shear interaction was found to be insignificant, es-

pecially in the absence of gravity load. This is consistent with available test data on composite con-

nections (El Jisr et al. 2019). Since the maximum shear force that can be transferred through the shear 

studs is governed by the capacity of the concrete slab, the degree of composite action, as defined by 

ANSI/AISC 360-16 (AISC 2016b), is the same for all three subsystems (𝜂 ~ 20%). The columns are 

sized to remain elastic (see strong-column-weak-beam (SCWB) ratio in Table 3.1), whereas the web 

panel zones are sized to comply with ANSI/AISC 341-16 (AISC 2016a). Equal displacement was 

imposed at the top of the columns. This loading technique assumes a rigid diaphragm for the floor 

slab above the considered subsystem. The subsystems are subjected to a cyclic symmetric lateral 

loading history up to an SDR of 6% (SAC Joint Venture 1997). Sub-system SD is also subjected to a 

collapse-consistent protocol (Suzuki and Lignos 2019) to investigate the influence of loading history 

on the subsystem cyclic performance. For each subsystem, the seismic behavior is compared with 

that of the corresponding interior joint subassembly featuring simplified boundary conditions. Partic-

ular emphasis is placed on the hysteretic behavior of the composite beams, panel zones, and shear 

studs, the accumulated beam axial shortening and beam axial force demands. 

 

Table 3.1 CFE virtual testing matrix 

 

Beam Column 𝑅𝑣/𝑉𝑑 SCWB 

Section 
𝑑𝑏 

[mm] 

ℎ𝑏

𝑡𝑤

 
𝑏𝑓

2𝑡𝑓

 
𝐿𝑜

𝑑𝑏

 
𝐿𝑏

𝑟𝑦

 Section 
𝑡𝑑 

[mm] 
Int. Ext. Int. Ext. 

SD
a,b W36x150 911 51.9 6.4 4.5 26.7 W27x194 12.7 1.1 1.2 1.5 2.81 

SI
a W21x122 551 31.3 6.5 7.6 22.6 W24x162 22.2 1.2 1.2 2.1 3.81 

SS
a W16x45 409 41.1 6.2 10.5 42.0 W14x132 6.4 1.2 1.9 3.4 5.98 

a = Cyclic symmetric loading history up to 6% story drift (SAC Joint Venture 1997) 

b = Collapse consistent loading protocol with two phases (Suzuki and Lignos 2019)  

𝑅𝑣 = Panel zone inelastic shear strength (AISC 2016b) 

𝑉𝑑= Panel zone shear demand (AISC 2016a) 

SCWB = Strong-column-weak-beam ratio (AISC 2016a) 
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3.5.1 Lateral drift demand contributions 

The deformation demands at the interior and exterior joints of the subsystems are examined. Figure 

3.5 depicts the decomposed deflection contributions to the story drift ratios of specimens SD and SS 

at selected SDRs. In particular, the columns remain elastic, as intended, with minimal contribution to 

the SDR. At the interior joint of SD and at 4% lateral drift demand (Figure 3.5a and b), the panel zone 

contribution to the story drift is around 35%. This is considerably higher than the panel zone contri-

bution in the corresponding interior joint subassembly (see Figure 3.4c). The axial restraint in the 

subsystem delays the flexural strength degradation in the beams, thereby increasing the panel zone 

shear demand. At 6% drift amplitude, when beam local buckling becomes more evident and the ine-

lastic deformations concentrate in the beam, the panel zone contribution to the story drift decreases 

to about 10%. While a similar behavior is observed in SS (Figure 3.5c and d), the panel zone contri-

bution to the story drift remains appreciable (~25%) at 6% drift amplitude. Flexural strength degra-

dation in shallow beams is minimal as discussed in the following section. Notably, exterior joints 

exhibit a distinct asymmetric behavior. Therefore, the panel zone contribution to the story drift is 

dependent on the direction of lateral loading. Particularly, the demand on the panel zone is higher 

when the framing beam is subjected to sagging (Figure 3.5a and c) compared to hogging bending 

(Figure 3.5b and d). The reasons behind this asymmetric demand are investigated more thoroughly 

in the subsequent sections. Referring to Figure 3.5c, the exterior joint panel zone contribution to the 

6% story drift is nearly 40% despite being designed with a resistance-to-demand ratio, 𝑅𝑣/𝑉𝑑 = 1.9 

(𝑅𝑣 and 𝑉𝑑 are defined in Table 3.1). Moreover, at large lateral drift demands (SDR ≥ 4%), the exte-

rior joint panel zones deform in one loading direction although the lateral drift demand is symmetric 

as shown in Figure 3.5b and d. In order to offset this negative contribution of the panel zone, the beam 

contribution to the story drift at the exterior joints exceeds the imposed drift demand. The behavior 

is nearly identical at both exterior joints of the subsystems. 
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(a) (b) 

 

 

(c) (d) 

Figure 3.5 Component contribution to the story drift at the 2%, 4% and 6% cycles; (a) subsystem 

S
D

 loading in the east direction; (b) subsystem S
D

 loading in the west direction; (c) subsystem S
S
 

loading in the east direction; (d) subsystem S
S
 loading in the west direction 

 

3.5.2 Beam hysteretic response 

Referring to Figure 3.6, the hysteretic response of the west beam is obtained for all three configura-

tions and compared to that of the corresponding interior joint subassembly. For reference, 𝑀𝑏,𝑊𝑒𝑠𝑡,𝐶1 

and 𝑀𝑏,𝑊𝑒𝑠𝑡,𝐶2 are the west beam moments at the face of columns C1, and C2, respectively. Referring 

to Figure 3.6a, the beam flexural strength degradation under sagging bending occurs at a fairly slow 

rate, even at 6% lateral drift demand, in the interior joint of subsystem SD when compared to that of 

the corresponding subassembly. Table 3.2 shows that beams in the two-bay subsystems may experi-

ence up to 25% less flexural strength degradation, than those in subassemblies under symmetric-

Subsystem SD
Subsystem SD

Subsystem SS Subsystem SS
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cyclic lateral loading. This particularly applies to deep and slender beams that are prone to local 

buckling (Lignos and Krawinkler 2011). This behavior is attributed to the restraint provided by the 

floor slab and adjacent columns against the beam axial shortening, which results in the straightening 

of the beam local buckles. The straightening effect is more evident under sagging than hogging bend-

ing. Figure 3.6a shows that under hogging bending, the strength degradation is only slightly lower in 

the subsystem than in the subassembly. The beam hysteretic response at the interior joint of subsys-

tems SI and SS shows minimal flexural strength degradation, similar to that of the corresponding 

subassemblies. The former has a low web slenderness ratio, ℎ𝑏/𝑡𝑤 = 31.3, which delays the for-

mation of web and flange local buckling at large inelastic cycles (Lignos and Krawinkler 2011). On 

the other hand, subsystem SS consists of a shallow steel beam; as such, the slab contribution to the 

flexural resistance of the composite beam is higher than that in SD and SI. This results in a lower 

compressive stress in the top beam flange, thereby limiting local buckling under sagging bending.  
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

Figure 3.6 West beam hysteretic response - comparisons between subsystem and subassembly re-

sponse: (a) W36x150, SD interior joint; (b) W36x150, SD exterior joint; (c) W21x122, SI interior 

joint; (d) W21x22, SI exterior joint; (e) W16x45, SS interior Joint; and (f) W16x45, SS exterior Joint 

  

EastWest

C1 C2 C3

Mf = 3085 kNm Mf = 3085 kNm

Mf = 1451 kNm Mf = 1451 kNm

Mf = 387 kNm Mf = 387 kNm
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Table 3.2 Maximum west beam moment degradation at 6% SDR 

 
 Sagging Bending Hogging Bending 

    WI WE WI WE 

SD 
Subassembly 34% NA 44% NA 

Sub-system 12% 4% 23% 38% 

SI 
Subassembly 3% NA 6% NA 

Sub-system 0% 0% 6% 6% 

SS 
Subassembly 16% NA 9% NA 

Sub-system 0% 0% 10% 19% 

 

Beam flexural strength degradation under hogging bending occurs as a result of the formation of large 

buckles in the bottom flange of the beam. In a subsystem, these buckles are straightened out during 

the sagging bending excursions due to the slab restraint against axial shortening. This agrees with 

earlier observations from physical testing of composite-steel MRFs (Cordova and Deierlein 2005). 

Furthermore, the beam and slab continuity at the interior joint augments this restraint (Cordova and 

Deierlein 2005; Herrera et al. 2008). Referring to Figure 3.7a and b, the buckled portions of the beam 

web and flanges experience notable straightening upon load reversal. As a result, pinching behavior, 

caused by an increase in the rotational stiffness of the composite beams, is observed in their hysteretic 

response (see Figure 3.6). The axial restraint induces additional tensile axial forces (𝐹𝑎,𝑊
±  and 𝐹𝑎,𝐸

± ) 

and moments (𝑀𝑎,𝑊
±  and 𝑀𝑎,𝐸

± ) in the beams. The latter are caused by non-uniform buckling along the 

beam depth. On the other hand, beams in cruciform subassemblies are free to shorten at their ends 

due to the simplified boundary conditions, resulting in an “accordion” effect due to the build-up of 

local buckles. Figure 3.7c and d suggest that, in a subassembly, beam flanges that buckled experience 

minor straightening upon load reversal. A comparison between Figure 3.7a and b and Figure 3.7c and 

d reveals that the extent of bottom flange local buckling is closely akin in subassemblies and subsys-

tems. Hence, the rate of strength degradation under hogging bending is also expected to be cognate. 

This is not the case for sagging bending. First, the net tensile axial force acting on the beam is larger 

under sagging than hogging bending (|𝐹𝑎,𝐸/𝑊
+ + 𝐹𝑏,𝐸/𝑊

+ | > |𝐹𝑎,𝐸/𝑊
− + 𝐹𝑏,𝐸/𝑊

− |). Second, the additional 

moment induced by non-uniform buckling along the beam depth is lower under sagging than hogging 

bending (|𝑀𝑎,𝐸/𝑊
+ | < |𝑀𝑎,𝐸/𝑊

− |) due to the restraint provided by the slab to the top flange of the beam. 

Third, the rate of stud degradation is lower in subsystems when compared to that of subassemblies. 

The composite action is maintained even at large lateral drift demands (SDR ≥ 4%), which alleviates 

the compressive force near the top flange and enhances it near the bottom flange. 
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(a)  (b) 

 

 

(c)  (d)  

Figure 3.7 Straightening mechanism of the buckles in the steel beam upon load reversal: (a) subsys-

tem, negative SDR; (b) subsystem, positive SDR; (c) subassembly, negative SDR; and (d) subas-

sembly, positive SDR 

 

Referring to Figure 3.6b, d and f, the beam hysteretic response at the exterior joint of subsystems is 

fully asymmetric despite the fact that the imposed loading history is symmetric. Particularly, the ex-

terior joint beams experience flexural strength deterioration only under hogging bending. This behav-

ior is a consequence of the asymmetric demand on the exterior column web panel zone. The mecha-

nistic reason behind the observation above is explained in the next section.  

Another consequence of the beam local buckling extenuation due to the slab restraint, is the underes-

timation of the probable maximum moment in the beam, 𝑀𝑓, calculated as per ANSI/AISC 358-16 

(AISC 2016c). Figure 3.6 suggests that although 𝑀𝑓 is predicted fairly well for the subassembly fea-

turing deep beams, it is underestimated by about 25% in subsystem SD. The delay in local buckling 

in the beams results in additional cyclic hardening that does not occur in the subassembly. Addition-

ally, since the North American design practice typically employs deep beams with a low degree of 

composite action, the slab contribution to 𝑀𝑓 is ignored according to ANSI/AISC 358-16 (AISC 

2016c). Hence, the underestimation of 𝑀𝑓 is larger in subsystems with shallower beams (SI and SS), 

where composite action is more pronounced. This issue is critical (a) for sizing columns to remain 

elastic based on the SCWB ratio; and (b) for estimating the panel zone shear demands. The implica-

tions of the latter are discussed in the next section.  
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3.5.3 Panel zone hysteretic response 

The hysteretic response of the beam-to-column web panel zones is shown in Figure 3.8 for both the 

interior and exterior joints. Referring to Figure 3.8a, c and e, the interior joint panel zones of the 

subsystems experience more shear yielding than their subassembly counterparts. This is particularly 

true for specimens SD  and SS in which higher moments are attained in the beams framing the joint. At 

4% SDR, the shear distortion reaches 6𝛾𝑦, 3.6𝛾𝑦 and 5.7𝛾𝑦 for specimens SD, SI and SS, respectively 

(𝛾𝑦 is the shear distortion at initial yielding as defined according to ANSI/AISC 341-16 (AISC 

2016a)). At exterior joints, the column web panel zone hysteresis shows a distinct asymmetric re-

sponse (see Figure 3.8b, d and f). The shear distortion in the exterior joint panel zones at 4% SDR 

reaches 7.3𝛾𝑦, 8.5𝛾𝑦 and 5.2𝛾𝑦 for specimens SD, SI and SS, respectively. Despite being designed for 

a maximum distortion of 4𝛾𝑦 as per ANSI/AISC 341-16 (AISC 2016a), the composite action and 

axial restraint provided by the floor slab cause additional inelastic shear distortion. This is not ex-

pected to cause premature fracture in view of recent experimental findings (Shin and Engelhardt 

2013). Interestingly, El Jisr et al. (2019) found that in composite beam-to-column connections, panel 

zones can develop a total shear distortion of 10𝛾𝑦 without experiencing premature fracture within the 

beam-to-column connection at a 5% lateral drift demand. However, for tall buildings, the excessive 

distortion in the panel zones may become a concern when considering second-order effects. The panel 

zone shear resistance at a given inelastic shear distortion should be compared with the respective 

shear demand from the intersecting beams and columns to avoid the formation of soft story mecha-

nisms that could increase the collapse risk due to P-delta effects. 
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(a) (b)  

 
 

(c)  (d)  

  

(e)  (f)  

Figure 3.8 Panel zone hysteretic response - comparisons between subsystem and subassembly re-

sponse: (a) SD interior joint; (b) SD exterior joint; (c) SI interior joint; (d) SI exterior joint; (e) SS in-

terior Joint; and (f) SS exterior Joint 
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flexural demand in the beam framing the exterior joint. That is, the flexural demand in the beam is 

higher under sagging than under hogging bending.  

Mechanism 1 is a direct consequence of the composite action in the beam. The sagging flexural re-

sistance of the beam is enhanced (up to 80%) due to the composite action, while the hogging flexural 

resistance is also enhanced, but to a lesser degree (up to 40%) depending on the slab reinforcement 

(El Jisr et al. 2019). The factor 𝛼1, shown in Figure 3.9, accounts for this enhancement: 𝛼1
± =

𝑊𝑝𝑙,𝑐
± /𝑊𝑝𝑙 and 𝛼1

+ > 𝛼1
− >1.0 (𝑊𝑝𝑙,𝑐

±  is the plastic modulus of the composite section under sagging 

(𝑊𝑝𝑙,𝑐
+ ) or hogging (𝑊𝑝𝑙,𝑐

− ) bending, and 𝑊𝑝𝑙 is the plastic modulus of the bare steel cross section with 

respect to its strong axis). Furthermore, the presence of the slab increases the depth of the region in 

the steel cross section subjected to compressive stresses under hogging bending and decreases it under 

sagging bending. Hence, flexural strength degradation is hastened under hogging excursions, and 

delayed under sagging excursions. The factor 𝛽1
± shown in Figure 3.9, accounts for the phenomenon 

associated with the delay of local buckling under sagging bending (𝛽1
+), and the progression of local 

buckling under hogging bending (𝛽1
−) in the composite beam: 𝛽1

+ >1.0> 𝛽1
− >0. Mechanism 1 is 

more prominent in shallow beams (𝑑𝑏 ≤ 500 mm) where the effects of composite action are more 

pronounced compared to deep beams (𝑑𝑏 ≥ 700 mm).  

Mechanism 2 involves the restraint that the slab provides to the top flange of the beam. The slab 

restraint delays the formation of local buckles, and hence the flexural strength degradation of the 

beam under sagging loading excursions. The flexural strength of the beam increases due to strain-

hardening. The factor 𝛼2, shown in Figure 3.9a, accounts for the additional strain hardening in the 

beam due to the restraint provided by the slab on the top beam flange: 𝛼2 >1.0 regardless of the beam 

depth. The extent of the slab restraint to the top flange is dependent on the orientation of the steel 

deck. Cordova and Deierlein (2005) reported a higher restraint when the steel deck is oriented parallel 

to the beam. However, this issue is outside the scope of the present chapter.  

Mechanism 3 is caused by the axial restraint provided by the slab and the adjacent columns. This 

restraint induces a moment, as well as a net tensile force in the composite beam. The tensile force is 

non-uniform across the beam depth. That is, the axial force is comprised of a tensile force in the beam 

and a compressive force in the slab. Figure 3.9a and b show an idealization of the panel zone shear 

demand induced by the axial force in the composite beam. A force couple is assumed to act on the 

top and bottom locations of the panel zone. The factor 𝛾± > 0 represents the fraction of the composite 

beam axial force, 𝑁𝑏, acting in compression on the top beam flange under sagging (𝛾+) and hogging 

(𝛾−) bending respectively. Accordingly, the axial force increases the shear demand on the panel zone 
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for sagging excursions by 𝛾+𝑁𝑏
+ (see Eq. (3.1) and decreases it for hogging excursions by 𝛾−𝑁𝑏

− (see 

Eq. (3.2)). The shear demand on the panel zone under hogging bending is further reduced as the 

bottom flange buckles and the moment 𝑀𝑏,𝑚𝑎𝑥
−  (see Figure 3.9b) decreases. Note that the 𝑑𝑒𝑓𝑓

±  defined 

in Figure 3.9, is the effective depth of the panel zone as per the recommendations of Kim and Engel-

hardt (2002). Under hogging bending, 𝑑𝑒𝑓𝑓
−  is equal to the distance between the centroid of the beam 

flanges, whereas under sagging bending, 𝑑𝑒𝑓𝑓
+  is equal to the distance between the centroid of the 

concrete section and that of the beam bottom flange. Mechanism 3 is prevalent in beams that develop 

a large axial force due to the axial restraint. Typically, these are deep beams (𝑑𝑏 ≥ 700 mm) with a 

low degree of composite action (𝜂 < 50%) as will be explained in the following sections. 

𝑉𝑃𝑍
+ = 𝑀𝑏,𝑚𝑎𝑥

+ /𝑑𝑒𝑓𝑓
+ − 𝑉𝑇

+ + 𝛾+𝑁𝑏
+ (3.1) 

𝑉𝑃𝑍
− = 𝑀𝑏,𝑚𝑎𝑥

− /𝑑𝑒𝑓𝑓
− − 𝑉𝑇

− − 𝛾−𝑁𝑏
− (3.2) 

Mechanisms 1 and 2 appear to be the most dominant. This is based on findings from past experiments 

on T-section subassemblies with composite floor slabs (Kim and Lee 2017; Yamada et al. 2009). The 

tests showed a distinct ratcheting response in the web panel zones despite the absence of axial restraint 

on the beam end. However, further studies should be conducted to quantify the relative importance 

of each mechanism on the panel zone demand. 

 

  

(a)  (b) 

Figure 3.9 Shear demand on the exterior column web panel zone under (a) sagging; (b) hogging ex-

cursions 
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3.5.4 Beam axial shortening 

The phenomenon of beam axial shortening has been observed in subassembly tests in which the steel 

beams are free to move axially at their ends (Civjan et al. 2001; FEMA 2000a; MacRae et al. 2013; 

Qi et al. 2018). Axial shortening occurs as local buckling builds up in the plastic hinge region (Cor-

dova and Deierlein 2005). However, in an actual building, the axial restraint provided by the compo-

site slab and adjacent columns is likely to limit this shortening. This is particularly true at interior 

joints where the slab is continuous, and for composite slabs with the deck ribs placed parallel to the 

steel girder (Civjan et al. 2001; Cordova and Deierlein 2005). Accordingly, the over-simplified sub-

assembly boundary conditions may lead to overestimation of the extent of a beam’s local buckling 

and subsequent axial shortening. 

Figure 3.10a shows the definition of beam axial shortening, 𝛿𝑥, within a steel MRF bay. Referring to 

Figure 3.10b, subassembly SD beam experiences an excessive axial shortening of 50 mm at 6% SDR. 

Top and bottom flange buckling mostly accumulate after 3% SDR, which leads to a rapid progression 

of axial shortening. Figure 3.10c and d shows that subassembly SI and SS beams do not shorten as 

much (6 mm and 3 mm at 6% SDR respectively). The former comprises a W21x122 beam with a 

fairly low ℎ𝑏/𝑡𝑤 = 31.3; the latter consists of a shallow beam (𝑑𝑏 = 409 mm) in which composite 

action is pronounced. In both specimens, the growth of local buckling across the beam depth is insig-

nificant. Hence, axial shortening is minimal. Beams in subsystems shorten much less compared to 

their subassembly counterparts. For instance, subsystem SD beam shortens by 7 mm at 6% SDR while 

subsystems SI and SS beams do not practically experience shortening. The axial restraint provided by 

the composite slab and the adjacent columns alleviates the local buckling in the anticipated dissipative 

zone of the steel beam. 

Beams in subsystems SD and SI experience fairly minor elongation (up to 4 mm). MacRae et al. (2013) 

attributed this elongation to the difference in the positions of the neutral axes at the beam ends. Under 

sagging bending, the neutral axis moves upward toward the slab, whereas under hogging bending the 

neutral axis remains close to the beam centerline. This difference in neutral axis positions is particu-

larly noticeable in shallow beams. As a result, net centerline elongation results from tension yielding 

at the beam center near the sagging end and compression yielding near the hogging end. Furthermore, 

the asymmetric shear distortion in the exterior joint panel zone exaggerates this net centerline elon-

gation. 
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(a)  (b)  

 
 

(c)  (d)  

Figure 3.10 West beam axial shortening – comparisons between subsystem and subassembly re-

sponse: (a) definition; (b) W36x150, SD; (c) W21x122, SI; and (d) W16x45, SS 

 

3.5.5 Beam axial force 

Lateral loads are transferred to the column through the floor slab via two load paths (Cordova and 

Deierlein 2005; MacRae and Clifton 2015). The first one consists of direct bearing of the slab on the 

column face and a direct compression strut to the back of the column flange. The second load path 

involves the transfer of shear forces from the slab to the beam through friction and the shear studs. 

The resulting axial force in the beam is transferred to the column through the beam-to-column con-

nection. In subassemblies, the beam axial force at the location of the assumed inflection points is 

zero, increasing to its maximum value at the column face. In subsystems, the axial restraint provided 

by the floor slab and columns causes an additional axial force in the beam. The magnitude of the 

beam axial force is not constant along the length of the beam and depends on the extent of the axial 

restraint. The beam axial force is higher near interior joints, where the axial restraint is higher, than 

near exterior joints. In subsystems, unlike subassemblies, the axial force at the beam inflection point 

location is not zero. Accordingly, the additional axial force resulting from the axial restraint in 
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subsystems is quantified at the inflection point. Since the subsystems were subjected to quasi-static 

loading, the axial force in the beams due to the inertia forces are not quantified herein. 

Figure 3.11 shows the axial forces developed in the three subsystems at the west beam inflection 

point. At 4% SDR, the peak normalized tensile force ratio in the steel beam at the location of the 

inflection point 𝑁𝑠/𝑁𝑝𝑙 (𝑁𝑝𝑙 = 𝑅𝑦𝐹𝑦𝑏𝐴𝑔 as defined in Figure 3.11a is 8%, 2% and 5% for subsystems 

SD, SI and SS respectively. The tensile force ratio at 6% SDR is 16%, 8% and 9% for subsystems SD, 

SI and SS respectively. These values are expected to be higher near the interior joint. EN 1998-1 (CEN 

2004a) states that the bending-axial force interaction in the steel beams may be disregarded as long 

as 𝑁𝑠/𝑁𝑝𝑙 < 15%. The floor slab is restrained by the shear studs, friction at the beam-slab interface 

and the columns. As the steel beam attempts to shorten due to the spread of local buckling across its 

depth, a compressive force, 𝑁𝑐, is generated in the slab in conjunction with the tensile force in the 

steel beam. The compressive force is transferred through shear in the studs, friction, bearing of the 

slab on the column face and a direct compression strut. At large lateral drift demands (SDR ≥ 4%), 

the studs lose their shear capacity, and the last two load paths transfer the compressive force to the 

slab. This is particularly true for deep beams (𝑑𝑏 ≥ 700 mm) with low degree of composite action 

(𝜂 < 50%) as discussed in the next section. 

The axial forces in the steel beam and slab are dependent on several parameters. These relate to the 

extent of beam axial shortening experienced in the absence of axial restraint, as well as the level of 

axial restraint. First and foremost, the magnitude of the tensile force in the steel beam is dependent 

on the susceptibility of the steel beam to local buckling across its depth. Since all three configurations 

studied herein are adequately braced laterally (see Table 3.1) and have nominally identical material 

properties, the difference in local buckling initiation in the beams is mostly governed by the beam’s 

cross section geometry. Lignos and Krawinkler (2011) found that ℎ𝑏/𝑡𝑤, in particular, largely influ-

ences local buckling initiation in intermediate to deep steel beams. The maximum 𝑁𝑠/𝑁𝑝𝑙 ratio in-

creases with increasing ℎ𝑏/𝑡𝑤 (see Table 3.1). This is observed in Figure 3.11 where specimen SD 

experiences the highest axial tensile force ratio.  
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(a) (b)  

  

(c)  (d)  

Figure 3.11 Slab restraint-induced axial forces in the west beam of the subsystems at peak story 

drifts: (a) definition; (b) W36x150, SD; (c) W21x122, SI; and (d) W16x45, SS 

 

Local buckling in shallow beams (𝑑𝑏 ≤ 500 mm) is localized in the lower portion of the beam due to 

the slab restraint on the top flange of the beam. This is also true for beams with high degree of com-

posite action (𝜂 > 80%). Moreover, in the above cases, a compatibility compressive force occurs 

when the beam ends are pushed apart (see previous section). The compressive force alleviates the 

tensile force in the beam. Axial restraint is provided by the slab and the columns. In shallow beams, 

the axial restraint provided by the slab is relatively higher than that in deep beams. This is because 

the relative slab in-plane stiffness-to-beam axial stiffness is higher in shallow beams than in deep 

beams. On the other hand, the axial restraint provided by the columns is dependent on their flexural 

stiffness. Since columns sizes are strongly influenced by the SCWB ratio, the flexural stiffness of the 

columns normally increases with the beam depth. Therefore, the axial restraint provided by the col-

umns is expected to be high in deep beams. As mentioned earlier, the level of axial restraint is higher 

at the interior joint than at the exterior joint due to (i) slab continuity and (ii) potentially stiffer col-

umns at the interior joints. In the configurations considered in this chapter, the same column cross 
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sections are used at the interior and exterior joints. Thus, we postulate that the difference in the axial 

restraint should not be substantial. The magnitude of the axial force in the beam also depends on its 

axial stiffness. However, for equal depth beams, a larger axial stiffness implies a stockier section with 

a lower susceptibility to local buckling. Based on the above, the major factor that determines the 

magnitude of 𝑁𝑠/𝑁𝑝𝑙 is the susceptibility of the beam to local buckling across its depth. The main 

controlling parameters in the examined cases are the beam depth, 𝑑𝑏 and the web local slenderness 

ratio, ℎ𝑏/𝑡𝑤. 

 

3.5.6 Shear stud hysteretic response 

Seismic loads are transferred from the slab into the beam through shear in the stud connectors and 

friction at the beam-slab interface. In composite beams with shear studs as the weak link, early loss 

of composite action is likely to occur as a result of shear stud failure (Cordova and Deierlein 2005). 

Consequently, seismic loads are predominantly transferred to the column by bearing of the slab on 

the column face and a direct compression strut. This can lead to severe damage in the slab due to 

concrete spalling. Damage in the slab can be reduced if the integrity of the shear studs is maintained. 

From a design perspective, the shear studs at the slab-beam interface should sustain their load-carry-

ing capacity. To this end, both ANSI/AISC 341-16 (AISC 2016a) and EN 1998-1 (CEN 2004a) rec-

ommend a 25% reduction in the design shear resistance of the studs. However, past studies have 

shown that the performance of shear studs in composite steel MRFs is better than anticipated (Cor-

dova and Deierlein 2005). An assessment of the stud degradation behavior is performed by obtaining 

the hysteretic stud shear-stud slip response in each of the composite beam specimens subjected to 

cyclic loading. 

Figure 3.12 shows the hysteretic response of the west beam shear stud nearest to the interior joint. 

The shear studs in subassemblies SD, SI and SS, lose their load carrying capacity in sagging bending 

at 4%, 5% and 6% SDR respectively. At 4% lateral drift demands, the studs belonging to subassem-

blies SI and SS exhibit satisfactory behavior with little or no degradation, whereas that of specimen 

SD fails. This is despite the fact that all three specimens have the same slab configuration, and degree 

of composite action; hence, the same number of shear studs according to EN 1994-1-1 (CEN 2004b). 

The deeper the beam is, the higher the shear demand; hence, the more degradation in the shear studs 

connecting the beam to the slab. In subsystems, the stud shear force degradation is lower than that in 

the corresponding subassembly. Referring to Figure 3.12b, the shear stud in subsystem SD loses its 

capacity at 5% SDR compared to 4% in the subassembly. Similarly, Figure 3.12c and d depict that 
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the shear studs of subsystem SI and SS remain intact at the end of the analysis. In subassemblies, 

noticeable axial shortening in the beams tends to pry the beam away from the slab. Consequently, the 

shear studs that restrain the beam against axial shortening are subjected to an additional shear demand. 

The additional demand increases the stud shear force in the sagging bending regions and reduces it 

in the hogging bending regions. A higher rate of strength degradation is observed in studs belonging 

to subassemblies when compared to those in subsystems. Initially, the hysteretic behavior of the shear 

studs coincides as shown in Figure 3.12. Once beam axial shortening initiates, a discrepancy in the 

behavior of the shear studs is observed. 

 

 

 

(a) (b)  

 
 

(c) (d) 

Figure 3.12 West beam shear stud hysteretic response – comparisons between subsystem and subas-

sembly response: (a) definition; (b) W36x150, SD; (c) W21x122, SI; and (d) W16x45, SS 

 

In EN 1994-1-1 (CEN 2004b), ductile shear connectors are defined as the ones with a characteristic 

deformation capacity, 𝛿𝑢𝑘 = 6 mm at 90% of the ultimate shear resistance (Bärtschi 2005). Hence, 
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the headed shear studs, with which the non-linear springs are calibrated, are ductile as per EN 1994-

1-1 (CEN 2004b). The maximum stud slip demands at 4% SDR are 1 mm, 8 mm and 2 mm for 

subsystems SD, SI and SS respectively. Out of the three subsystems, only the stud slip demand in SS, 

does not exceed the characteristic deformation capacity of ductile shear connectors. However, the 

stud slip in all cases is within 6 mm (4 mm, 2 mm at 1 mm for SD, SI and SS respectively) at modest 

lateral drift demands (i.e., 2%) characteristic of a design-basis earthquake corresponding to a proba-

bility of exceedance of 10% in 50 years. Additionally, a higher degree of composite action would 

decrease the shear demand on the studs. Vis-à-vis the above discussion, the general consensus is that 

for shallow to intermediate composite beams (𝑑𝑏 ≤ 500 mm) no reduction in the shear resistance of 

studs is imperative as long as ductile shear studs are used. For deeper beams, a reduction in the shear 

resistance of studs is deemed reasonable. 

 

3.5.7 Influence of loading protocol 

In the previous sections, the hysteretic behavior of the 2-bay subsystems was examined under a sym-

metric cyclic lateral-loading protocol. However, this protocol overestimates the seismic demand in 

the frame and subsequently the cyclic deterioration of the beams (FEMA 2009), if limit states asso-

ciated with structural collapse are of interest. In that respect, collapse-consistent protocols (Krawin-

kler 2009; Maison and Speicher 2016; Suzuki and Lignos 2019) are more realistic for estimating 

seismic demands in structural components at limit states associated with earthquake-induced collapse 

(Lignos et al. 2011). In order to further comprehend the differences in the hysteretic behavior of 

subsystems subjected to symmetric cyclic and collapse-consistent protocols, subsystem SD is sub-

jected to a collapse consistent-loading protocol derived according to Suzuki and Lignos (2019) (see 

Figure 3.13). The protocol consists of three phases and represents a near-fault ground motion with a 

low probability of occurrence. Each phase includes a few inelastic cycles followed by a large mono-

tonic push. The asymmetric drift demand replicates the characteristic “ratcheting” behavior of frame 

structures prior to collapse (Lignos et al. 2011). 

Referring to Figure 3.14a, at 5% SDR, the west beam hogging moment (𝑀𝑏,𝑊𝑒𝑠𝑡,𝐶2 at the face of 

column C2) degrades by less than 5% under the collapse-consistent protocol. On the other hand, the 

beam’s flexural strength degradation is more than 20% under the symmetric cyclic loading protocol. 

Due to ratcheting of the frame, no degradation in the sagging moment occurs. Local buckling is minor 

and is localized in the lower portion of the steel beam. This explains the marginally lesser amount of 

axial shortening (4 mm) experienced in the west beam under the collapse-consistent protocol 
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compared to the symmetric cyclic protocol (7 mm) as depicted in Figure 3.14c. The beam experiences 

greater cyclic degradation under the symmetric cyclic loading protocol than the collapse-consistent 

loading protocol due to the larger number of inelastic cycles in the former. This agrees with prior 

observations from large- and full-scale physical testing (Elkady and Lignos 2018b; Suzuki and Lignos 

2015). Figure 3.14b shows that the peak panel zone shear distortion is higher under the collapse-

consistent protocol (10𝛾𝑦) than that observed under the symmetric cyclic protocol (6𝛾𝑦). The ratch-

eting response is mostly attributed to the asymmetric drift demand. Finally, the hysteretic behavior 

of the west shear stud nearest to the interior joint is compared in Figure 3.14d. The stud loss of shear 

resistance occurs at 5% SDR, regardless of the employed lateral loading protocol. Prior to 5% SDR, 

the seismic shear demand in the studs is similar under both loading conditions. Furthermore, since 

the shear strength degradation due to cyclic loading is not significant (see Figure 3.2), the rate of 

degradation is nearly the same in both cases.  

 

 

Figure 3.13 Collapse-consistent loading protocol (Suzuki and Lignos 2019)   



Hysteretic behavior of moment-resisting frames considering slab restraint and framing action 

 

90 

 

 
 

(a) (b) 

  

(c) (d) 

Figure 3.14 Sub-system SD hysteretic response: comparisons between symmetric cyclic and col-

lapse-consistent loading protocols: (a) west beam hysteretic response; (b) panel zone hysteretic re-

sponse; (c) west beam axial shortening; and (d) shear stud hysteretic response 

 

3.6 Limitations and assumptions 

Considering the modeling assumptions and simplifications discussed herein, it is worth highlighting 

the following limitations: (i) the CFE model is not capable of capturing fracture in the beam-to-col-

umn connection and ductile tearing due to extensive local buckling; (ii) bond slip between the rein-

forcement and concrete is not modeled explicitly; (iii) no separation is allowed between the concrete 

slab and the steel deck; and (iv) concrete spalling due to crushing is not explicitly considered. Despite 

these shortcomings, the modeling approach is deemed capable of simulating the physical mechanisms 

associated with the slab restraint and the overall cyclic behavior of connections in subsystems and 

subassemblies. 
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3.7 Conclusions 

This chapter investigates the effects of the axial restraint provided by the slab and the columns (frame 

continuity) on the hysteretic behavior of typical beam-to-column connections with a composite floor 

slab. First, a detailed continuum finite element (CFE) model is proposed and validated with available 

experimental data. The CFE model explicitly captures the interaction between the slab and the beam, 

as well as the cyclic degradation of the shear stud connectors. Next, the CFE approach is extended to 

model two-bay subsystems with three different beam depths representative of both North American 

and European design practice. The effects of the axial restraint and framing action are examined by 

comparing the behavior of subsystems with that of the corresponding subassemblies. The major find-

ings are summarized below: 

▪ Qualitatively, the panel zone contribution to the story drift is higher in the subsystem interior 

joints than in the corresponding cruciform subassembly joints. This is attributed to the lower rate 

of the beams’ flexural strength degradation. In the subsystem exterior joints, the panel zone con-

tribution to the story drift is dependent on the direction of loading: under sagging excursions, the 

panel zone contribution to the story drift may reach up to 40%, despite the panel zone design 

compliance to the ANSI/AISC-341-16 seismic provisions (AISC 2016a). On the other hand, un-

der hogging bending, the beam deformation dominates the lateral drift demand. 

▪ Under symmetric-cyclic lateral loading, beams in two-bay subsystems may experience up to 25% 

less flexural strength degradation than their subassembly counterparts. This is particularly evi-

dent in deep and slender beams. In subsystems, the local buckles in the beams are straightened 

due to the axial restraint provided by the floor slab and the columns. It is observed that the 

straightening is more prominent under sagging bending than hogging bending. This leads to the 

underestimation of the probable maximum moment 𝑀𝑓 (by up to 25%), even in deep beams where 

the flexural strength amplification due to composite action is fairly small. This issue may be 

compelling for sizing columns and estimating the shear demand in panel zones of capacity-de-

signed steel MRFs. 

▪ The interior joint panel zones in subsystems experience up to 15% higher shear distortion than 

their subassembly counterparts. Their hysteretic behavior is symmetric. On the other hand, exte-

rior joint panel zones in subsystems exhibit a distinct asymmetric response due to the different 

shear demands under sagging and hogging bending. The difference in shear demands is attributed 

to three underlying mechanisms namely: (i) composite action, (ii) the slab restraint against top 

flange local buckling; and (iii) the axial restraint provided by the slab and the columns. The CFE 
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analysis reveals that panel zones in subsystems may experience a shear distortion higher than the 

anticipated value for which they were designed (i.e., 4𝛾𝑦). Nonetheless, premature fracture due 

to panel zone shear distortion is not expected as the maximum shear distortion is lower than 10𝛾𝑦. 

▪  Subassembly beams may experience severe axial shortening (up to 50 mm at 6% SDR). The 

degree of axial shortening is higher in deep beams with high web slenderness ratios close to the 

current compactness limits of highly ductile members according to the ANSI/AISC 341-16 seis-

mic provisions (AISC 2016a). On the other hand, beam axial shortening observed in subsystems 

is considerably less (up to 7 mm at 6% SDR) than that observed in subassemblies (up to 50 mm 

at 6% SDR). It is inferred that axial shortening is overestimated in subassembly experiments 

commonly used in experimental earthquake engineering. In real buildings, beam axial shortening 

is much lower, akin to that in subsystems.  

▪  Axial forces develop in composite beams as a consequence of the axial restraint. At the inflection 

point, the axial tensile force in the steel beam’s cross section may reach slightly higher than 

15%𝑁𝑝𝑙 at 6% SDR. The tensile force magnitude is dependent on the susceptibility of the beam 

to local buckling across its depth, as well as on the level of axial restraint. The former is particu-

larly high in deep and slender beams (𝑑𝑏 ≥ 700 mm) with low degree of composite action (𝜂 < 

50%). The latter depends on the relative in-plane slab-to-beam axial stiffness (higher in shallow 

beams) and the flexural stiffness of the columns (higher in deep beam subsystems). This issue 

should be examined in conjunction with the catenary action imposed to the steel girders of a 

beam-to-column connection due to column axial shortening (Elkady and Lignos 2018b; Suzuki 

and Lignos 2015).  

▪ Comparisons between the hysteretic behavior of shear studs in subsystems and subassemblies 

suggest that the shear force degradation in the latter is higher than that of the former. This is due 

to axial shortening in the beam that tends to pry the beam away from the slab. The CFE models 

indicate that higher stud shear force degradation occurs in subsystems with deep beams than in 

those with intermediate to shallow beams. However, at 2% lateral drift demands associated with 

a design-basis earthquake, the stud slip demand remains within the characteristic deformation 

capacity of ductile shear connectors (6 mm) according to EN 1994-1-1 (CEN 2004b). At 4% 

lateral drift demand, the slip demand exceeded 6 mm in all but the subsystem with shallow beams. 

For shallow beams or beams with high degree of composite action (i.e., above 80%), it seems 

reasonable to omit the 25% reduction in shear strength of the studs required in both ANSI/AISC 

341-16 (AISC 2016a) and EN 1998-1 (CEN 2004a). 
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▪ The response of subsystems under collapse-consistent lateral load protocols suggests that beam 

flexural strength deterioration and axial shortening is inconsequential compared to that under a 

symmetric loading history. Conversely, the panel zone shear distortion may reach 10𝛾𝑦 in exterior 

joints. The shear stud hysteretic behavior does not seem to be influenced by the employed loading 

history.  

 

3.8 Notation 

The following symbols are used in this chapter: 

𝐴𝑔 = cross-sectional area of the steel beam 

𝐷− = rate of cyclic deterioration of the shear stud when the slab is under tension 

𝐷+ = rate of cyclic deterioration of the shear stud when the slab is under compression 

𝑑𝑏 = depth of the steel beam 

𝑑𝑒𝑓𝑓
−  = effective depth of the column web panel zone for framing beam under hogging 

bending 

𝑑𝑒𝑓𝑓
+  = effective depth of the column web panel zone for framing beam under sagging 

bending 

𝐹𝑎,𝐸
−  = tensile force in the steel beam east of the interior column due to axial restraint 

(hogging bending) 

𝐹𝑎,𝐸
+  = tensile force in the steel beam east of the interior column due to axial restraint 

(sagging bending) 

𝐹𝑎,𝑊
−  = tensile force in the steel beam west of the interior column due to axial restraint 

(hogging bending) 

𝐹𝑎,𝑊
+  = tensile force in the steel beam west of the interior column due to axial restraint 

(sagging bending) 

𝐹𝑏,𝐸
−  = tensile force in the steel beam east of the interior column due to composite action 

(hogging bending) 

𝐹𝑏,𝐸
+  = tensile force in the steel beam east of the interior column due to composite action 

(sagging bending) 

𝐹𝑏,𝑊
−  = tensile force in the steel beam west of the interior column due to composite action 

(hogging bending) 

𝐹𝑏,𝑊
+  = tensile force in the steel beam west of the interior column due to composite action 

(sagging bending) 
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𝐹𝑦𝑏
 = specified minimum yield stress of steel 

𝑓𝑐′ = compressive strength of concrete 

𝑓𝑡 = tensile strength of concrete 

𝐻 = height of the column 

ℎ𝑏 = fillet-to-fillet web depth of the beam 

𝐿 = span length of the beam 

𝐿𝑏 = maximum laterally unbraced length of the beam 

𝐿𝑜 = shear span of the beam 

𝑀𝑎.𝐸
−  = moment in the steel beam east of the interior column due to axial restraint (hogging 

bending) 

𝑀𝑎.𝐸
+  = moment in the steel beam east of the interior column due to axial restraint (sagging 

bending) 

𝑀𝑎.𝑊
−  = moment in the steel beam west of the interior column due to axial restraint (hog-

ging bending) 

𝑀𝑎.𝑊
+  = moment in the steel beam west of the interior column due to axial restraint (sagging 

bending) 

𝑀𝑏 = beam moment at the column face 

𝑀𝑏,𝐸
−  = moment in the steel beam east of the interior column due to composite action (hog-

ging bending) 

𝑀𝑏,𝐸
+  = moment in the steel beam east of the interior column due to composite action (sag-

ging bending) 

𝑀𝑏,𝑚𝑎𝑥
−  = maximum beam moment at the column face (hogging bending) 

𝑀𝑏,𝑚𝑎𝑥
+  = maximum beam moment at the column face (sagging bending) 

𝑀𝑏,𝑊
−  = moment in the steel beam west of the interior column due to composite action 

(hogging bending) 

𝑀𝑏,𝑊
+  = moment in the steel beam west of the interior column due to composite action 

(sagging bending) 

𝑀𝑏,𝑤𝑒𝑠𝑡,𝐶1 = west moment in the composite beam at column C1 face 

𝑀𝑏,𝑤𝑒𝑠𝑡,𝐶2 = west moment in the composite beam at column C2 face 

𝑀𝑓 = probable maximum beam moment at the column face as per ANSI/AISC 358-16 

(AISC 2016c) 

𝑁𝑏
− = axial force in the composite beam due to axial restraint (hogging bending) 
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𝑁𝑏
+ = axial force in the composite beam due to axial restraint (sagging bending) 

𝑁𝑐 = compressive force in the slab due to axial restraint 

𝑁𝑝𝑙 = axial yield strength of the beam 

𝑁𝑠 = tensile force in the steel beam due to axial restraint 

𝑄 = stud shear force 

𝑄𝑢
− = ultimate strength of the shear stud when the slab is under tension 

𝑄𝑢
+ = ultimate strength of the shear stud when the slab is under compression 

𝑄𝑦
− = effective yield strength of the shear stud when the slab is under tension 

𝑄𝑦
+ = effective yield strength of the shear stud when the slab is under compression 

𝑅𝑣 = column web panel zone inelastic shear strength as per ANSI/AISC 360-16 (AISC 

2016b) 

𝑅𝑦 = ratio of the expected to the specified minimum yield stress of steel beam 

𝑟𝑦 = radius of gyration of the beam about its weak axis (y-axis) 

SD = specimen with deep beams 

𝑆𝐷𝑅𝑏 = beam contribution to story drift ratio 

𝑆𝐷𝑅𝑐 = column contribution to story drift ratio 

𝑆𝐷𝑅𝑃𝑍 = panel zone contribution to story drift ratio 

SI = specimen with beams of intermediate depth 

SS = specimen with shallow beams 

𝑠 = stud slip 

𝑠𝑝
− = pre-capping slip capacity of shear stud when slab is under tension 

𝑠𝑝
+ = pre-capping slip capacity of shear stud when slab is under compression 

𝑠𝑝𝑐
−  = post-capping slip capacity of shear stud when slab is under tension 

𝑠𝑝𝑐
+  = post-capping slip capacity of shear stud when slab is under compression 

𝑠𝑢
− = ultimate slip capacity of shear stud when slab is under tension 

𝑠𝑢
+ = ultimate slip capacity of shear stud when slab is under compression 

𝑡𝑑 = thickness of doubler plate 

𝑡𝑠𝑡𝑎𝑏𝑙𝑒 = size of the stable time increment in explicit dynamic analysis 

𝑡𝑤 = thickness of beam web 
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𝑈𝑥 = displacement degree of freedom in x-direction 

𝑈𝑦 = displacement degree of freedom in y-direction 

𝑈𝑧 = displacement degree of freedom in z-direction 

𝑉𝐵
− = shear force in the column below web panel zone (hogging bending) 

𝑉𝐵
+ = shear force in the column below web panel zone (sagging bending) 

𝑉𝑑 = column web panel zone shear demand as per ANSI/AISC 341-16 (AISC 2016a) 

𝑉𝑃𝑍 = column web panel zone shear demand 

𝑉𝑃𝑍,𝐼 = interior column web panel zone shear demand 

𝑉𝑃𝑍,𝑊 = west column web panel zone shear demand 

𝑉𝑇
− = shear force in the column above web panel zone (hogging bending) 

𝑉𝑇
+ = shear force in the column above web panel zone (sagging bending) 

𝑊𝑝𝑙 = plastic section modulus of the bare steel section about its strong axis 

𝑊𝑝𝑙,𝑐
−  = plastic section modulus of the composite beam section about its strong axis (hog-

ging bending) 

𝑊𝑝𝑙,𝑐
+  = plastic section modulus of the composite beam section about its strong axis (sag-

ging bending) 

𝛼1
− = factor that accounts for the enhancement of beam flexural resistance due to com-

posite action (hogging bending) 

𝛼1
+ = factor that accounts for the enhancement of beam flexural resistance due to com-

posite action (sagging bending) 

𝛼2 = factor that accounts for the additional strain hardening due to slab restraint on the 

top beam flange (sagging bending) 

𝛽1
− = factor that accounts for the progression of beam local buckling under hogging 

bending 

𝛽1
+ = factor that accounts for the delay of beam local buckling under sagging bending 

𝛾− = factor that represents the fraction of 𝑁𝑏
− acting on the top flange of the beam 

𝛾+ = factor that represents the fraction of 𝑁𝑏
+ acting on the top flange of the beam 

𝛾𝑦 = shear distortion of the column web panel zone at initial yielding as per ANSI/AISC 

341-16 (AISC 2016a) 

𝛿𝑢𝑘 = characteristic deformation capacity of ductile shear studs as per EN 1994-1-1 

(CEN 2004b) 

𝛿𝑋 = centerline axial shortening of the beam 
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𝜂 = degree of composite action as per ANSI/AISC 360-16 (AISC 2016b) 

𝜅𝑑 = parameter for the break point displacement due to pinching behavior in the stud 

𝜅𝑓 = parameter for the break point force due to pinching behavior in the stud 

𝜆𝑘 = parameter for stiffness deterioration of the shear stud under cyclic loading 

𝜆𝑠 = parameter for strength deterioration of the shear stud under cyclic loading 

𝜇 = steel-to-concrete coefficient of friction 

𝜔𝑚𝑎𝑥 = highest element eigenfrequency in the CFE model 
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Chapter 4 Fragility assessment of beam-slab 

connections for informing earthquake-induced re-

pairs in composite-steel moment resisting frames 

 

Bibilograpic details 

This chapter presents the post-print version of the article with the following full bibliographic details: 

El Jisr, H., and Lignos, D. (2021). “Fragility assessment of beam-slab connections for informing 

earthquake-induced repairs in composite-steel moment resisting Frames.” Frontiers in Built Environ-

ment, 7(1), DOI: https://doi.org/10.3389/fbuil.2021.691553 

 

Authors’ contribution 

Hammad El Jisr derived the fragility functions, conducted the performance-based assessment of the 

composite-steel moment-resisting frame, created the figures, wrote the manuscript draft and revised 

the manuscript. Dimitrios Lignos contributed in developing the methodology presented in this chap-

ter, supervising the work conducted by Hammad El Jisr, funding acquisition, and reviewing and ed-

iting the original and final manuscript drafts.  

https://doi.org/10.3389/fbuil.2021.691553


Fragility assessment of beam-slab connections for informing earthquake-induced repairs in composite-steel moment 

resisting frames 

 

99 

4.1 Abstract 

Earthquake loss estimation in composite-steel moment resisting frames (MRFs) necessitates a proper 

estimation of the level of damage in steel beam-to-slab connections. These usually feature welded 

headed shear studs to ensure the composite action between the concrete slab and the steel beam. In 

partially composite steel beams, earthquake-induced damage in the shear studs and the surrounding 

concrete occurs due to shear stud slip demands. Within such a context, this chapter proposes shear 

slip-based fragility functions to estimate the probability of being or exceeding four damage states in 

steel beam-slab connections. These damage states include cracking and crushing of the concrete slab 

in the vicinity of the shear studs, as well as damage in the shear studs themselves. The developed 

fragility functions are obtained from a gathered dataset of 42 cyclic push-out tests. They incorporate 

uncertainty associated with specimen-to-specimen variability, along with epistemic uncertainty aris-

ing from the finite number of available experimental results. An application of the proposed fragility 

functions is conducted on a six-story building with composite-steel MRFs. It is shown that steel beam-

slab connections along the building height only exhibit light cracking (i.e., crack sizes of 0.3 mm or 

less) at design basis seismic events. At seismic intensities associated with a low probability of occur-

rence seismic event (i.e., return period of 2475 years) the nonlinear building simulations suggest that 

the 25% reduction of the shear stud resistance in steel beam-slab connections with beam depths of 

500 mm or less is not imperative to maintain the integrity of the shear stud connectors.  

 

4.2 Introduction 

In composite-steel moment-resisting frames (MRFs) seismic loads are transmitted to the MRF 

through bearing on the column flanges, friction and the shear stud connectors between steel beams 

and the concrete slab. Past experimental studies (e.g., Civjan et al., 2001; Ricles et al., 2004; Cheng 

and Chen, 2005) have demonstrated that structural damage in the steel beam-slab connection could 

lead to extensive cracking and crushing of concrete and even complete loss of composite action. 

Severe concrete spalling may also occur (Cordova and Deierlein 2005). Accordingly, in full and par-

tial-composite steel MRFs it is essential to ensure that the integrity of the shear stud connectors is 

maintained during an earthquake. Current seismic provisions (AISC 2016a; CEN 2004a) impose a 

25% reduction in the shear capacity of stud connectors in order to diminish the consequences associ-

ated with uncertainty in shear stud hysteretic behavior during earthquake shaking. While this reduc-

tion aims at preventing loss of composite action, there is no quantitative information regarding the 
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extent of potential earthquake-induced damage in the steel beam-slab connection to inform post-

earthquake repair actions. 

Advancements in performance-based seismic design within the framework established in the Pacific 

Earthquake Engineering Research Center (Cornell and Krawinkler 2000; FEMA 2012) necessitates 

the use of fragility functions to express damage in a probabilistic manner (Porter et al. 2007). For this 

purpose, several researchers have developed fragility functions for non-structural elements (Reta-

males et al. 2013; Ruiz-García and Negrete 2009; Taghavi and Miranda 2003) as well as steel and 

reinforced concrete members and their connections (Aslani and Miranda 2005; Elkady et al. 2018; 

Gardoni et al. 2002; Gulec et al. 2011; Lignos et al. 2010; Lignos and Karamanci 2013; Roeder et al. 

2012). Similar efforts have been conducted for masonry infill walls (e.g., Cardone and Perrone 2015). 

As yet, no means for the estimation of damage in steel beam-slab connections exists. However, this 

would entail the consideration of local engineering demand parameter (EDP) indicators to relate with 

various damage states of the steel beam-slab connection. Recent advancements in building-specific 

loss estimation (Elkady et al. 2020) suggests that local EDPs may be key for reliable post-earthquake 

decisions regarding repairs of a building. However, the significant majority of available fragility func-

tions in the literature (e.g., FEMA 2012) are usually expressed as a function of a story-based EDP, 

such as the story drift ratio (SDR).  

The objective of this chapter is to develop fragility functions that permit the estimation of the level 

of damage in steel beam-slab connections in composite floor systems as a function of the imposed 

local slip demands on the headed shear stud connectors. This is achieved by assembling an experi-

mental dataset of 42 cyclic push-out tests. Four sets of fragility functions for four different damage 

states seen in steel beam-slab connections are developed. The first set consists of all the assembled 

cyclic push-out tests, whereas the remaining ones account for the stress state (i.e. tension or compres-

sion) in the slab (Suzuki and Kimura 2019) as well as the slab type. Finally, the use of the proposed 

fragility functions to facilitate performance-based seismic design of buildings is demonstrated 

through an application to a six-story prototype building with composite-steel MRFs. 

 

4.3 Definition of damage states 

Beam-slab connections in composite-steel MRFs constitute welded headed shear stud connectors as 

well as the surrounding concrete in which the studs are embedded. Since damage at specific shear 

stud slip demands occurs in both components of the steel beam-slab connection, thereafter, these are 
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not separated in seismic assessment of steel beam-slab connections. Four discrete damage states (DS) 

of steel beam-slab connections are defined. Figure 4.1a depicts a schematic representation of a com-

posite-steel beam-to-column connection along with the geometric characteristics of the shear stud 

and the concrete slab. The definition of damage states is based on a typical hysteretic response of 

steel beam-slab connections as shown in Figure 4.1b in terms of shear force, 𝑄 versus slip, 𝛥𝑠. Figure 

4.1c to f depict schematically the observed state of a steel beam-slab connection at each DS. While 

in a typical cyclic push-out test, damage occurs at both sides of the headed stud connectors, for illus-

tration purposes damage states are only shown for one loading direction. 

 

4.3.1 DS1 light cracking 

Light cracking corresponds to crack widths less than 0.3 mm (An and Cederwall 1996; Aslani and 

Miranda 2005) that initiate in highly stressed areas near the shear stud head and may propagate to the 

surface of the slab. Steel beam-slab connections with higher concrete strength can sustain larger slip 

values before light cracking becomes visible. These cracks do not affect the structural integrity of 

concrete and typically require either no or cosmetic repairs as shown in Figure 4.1c. Hence, the shear 

capacity of the steel beam-slab connection is maintained. 

A decrease in the initial stiffness of the steel beam-slab connection occurs at DS1. Nevertheless, the 

change in initial stiffness cannot be accurately determined. Saari et al. (1999) found that appreciable 

deviation from the initial stiffness occurs at 50% of the ultimate shear strength of the studs. Accord-

ingly, DS1 is deduced from the cyclic envelope at 50% of the ultimate shear strength of the steel 

beam-slab connection as shown in Figure 4.1b. 

 

4.3.2 DS2 extended cracking / stud yielding and concrete crushing near the base of the shear studs 

This damage state involves visible cracks with widths between 0.3 mm and 2 mm (Aslani and Mi-

randa 2005) as well as stud yielding and crushing of concrete at the base of the shear studs. Both 

flexural (Bursi and Gramola 1999; Suzuki and Kimura 2019) and shear yielding of the studs (Zan-

donini and Bursi 2000) have been reported in past push-out tests. Civjan and Singh (2003) employed 

finite element analysis and found that the main contributors to the Von Mises stresses at the base of 

shear studs are normal stresses due to bending followed by shear stresses. Past monotonic push-out 

tests have shown that extended cracking is observed in the slab once the peak shear, 𝑄𝑚𝑎𝑥, is reached 
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(e.g., Ollgaard et al., 1971; An and Cederwall, 1996). Herein, it is assumed that this behavior applies 

to cyclic push-out tests as well. Within such a context, DS2 corresponds to the slip demand at the 

peak shear capacity of the studs (see Figure 4.1b). Figures 4.1d and 4.2a illustrate the slab state at 

DS2. The latter shows the crack pattern, obtained using digital image correlation (DIC), from a re-

cently conducted cyclic push-out test (El Jisr et al. 2021a). The measured crack widths were found to 

be greater than 0.3 mm. 

The extent of steel beam-slab connection damage is influenced by the material properties of the shear 

stud connectors and the surrounding concrete. Depending on the concrete compressive strength and 

the ultimate tensile strength of the shear studs, their ultimate shear capacity may be governed by either 

(i) stud yielding; and/or (ii) concrete crushing at the stud base (Lam and El-Lobody 2005). The current 

design provisions (AISC 2016b; CEN 2004b) acknowledge this difference in the equations used to 

calculate the ultimate shear strength of a steel beam-slab connection. Generally speaking, for concrete 

compressive strength values of 20 to 40 MPa, stud yielding is dominant but a high compressive stress 

concentration at the base of the shear studs may result in some concrete crushing (Zandonini and 

Bursi 2000). Additionally, about 90% of the collected cyclic push-out tests were governed by stud 

yielding as per EN 1994-1-1 (CEN 2004b). 

 

4.3.3 DS3 low-cycle fatigue microcracking in the shear studs / extensive cracking 

This damage state corresponds to microcracking in the shear studs due to ultra-low-cycle fatigue 

(Civjan and Singh 2003; Zandonini and Bursi 2000). Unlike monotonic push-out tests in which the 

reduction in the shear strength of the steel beam-slab connection is mainly attributed to concrete 

crushing, ultra-low-cycle fatigue cracking in cyclic push-out tests results in rapid cyclic degradation 

of the connection’s shear strength and stiffness. The quality of shear stud welds on the steel beam’s 

top flange strongly influences DS3. Weld defects and/or out-of-straightness in the shear studs may 

result in early crack initiation at the tension side of the shear studs (Civjan and Singh 2003) as shown 

in Figure 4.1e. This is usually accompanied by extensive slab cracking as shown in Figure 4.2b. 

Referring to Figure 4.1b, the slip at DS3 is derived from the first cycle envelope at 10% drop in peak 

shear capacity of the shear studs. This corresponds to the permissible characteristic slip capacity as 

per EN 1994-1-1 (CEN 2004b). 
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4.3.4 DS4 loss of shear load carrying capacity 

The last damage state is associated with the loss of shear load carrying capacity of the steel beam-

slab connection. According to Cordova and Deierlein (2005), loss of force transfer in the steel beam-

slab connection is detrimental and could lead to other types of failure as the slab attempts to drag the 

inertia forces into the MRF. Damage state DS4 is characterized by shank failure and/or fracture at the 

weld-collar/shank interface (Zandonini and Bursi 2000) as schematically depicted in Figure 4.1f. 

Moreover, Figure 4.2c and d show typical examples of fracture at the weld-collar/shank interface in 

the steel beam-slab connection. Concrete cracking and crushing around the base of the shear studs 

are also prevalent (Civjan et al. 2001; Civjan and Singh 2003; Zandonini and Bursi 2000). 

Zandonini and Bursi (2000) reported shear failures of the studs when their shear resistance reached 

20% of their peak shear strength; hence, DS4 is deduced from the cyclic envelope curve at this shear 

strength level as shown in Figure 4.1b.  
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

Figure 4.1 (a) Typical beam-slab connection in a composite steel MRF; (b) definition of damage 

states from a cyclic push-out test; schematic view of the four damage states considered for steel 

beam-slab connections: (c) DS1; (d) DS2; (e) DS3; and (f) DS4 
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(a) (b) (c) (d) 

Figure 4.2 Observed damage in cyclic push-out tests (a) DS2: Extended cracking in the slab meas-

ured using digital image correlation (DIC) (El Jisr et al. 2021a) (b) DS3: Extensive cracking in the 

slab (image from Zandonini and Bursi, (2000)); (c) DS4: Loss of shear load carrying capacity / frac-

ture of weld collar (El Jisr et al. 2021a); and (d) DS4: Loss of shear load carrying capacity / shear-

ing of headed studs (El Jisr et al. 2021a) 

 

4.4 Description of dataset of cyclic push-out experiments 

Data from past cyclic push-out tests are used to establish different sets of slip demands at which DS1 

to DS4 occur. For this purpose, a dataset consisting of 42 symmetric cyclic push-out tests from 11 

prior test programs (Aribert and Lachal 2000; Ciutina and Stratan 2008; Civjan and Singh 2003; Fan 

and Liu 2014; Hawkins and Mitchell 1984; Nakajima et al. 2003; Saari et al. 2004; Sun et al. 2019; 

Suzuki and Kimura 2019; Zandonini and Bursi 2000; Zhai et al. 2018) is assembled. Tests in which 

brittle failures of the shear studs occurred (e.g., rib shear or concrete pull-out failure) are not included 

as these are not deemed to be representative in capacity-designed composite steel MRFs. Unlike con-

ventional push-out tests, thirteen specimens (Suzuki and Kimura 2019) accounted for the stress state 

(tensile or compressive) depending on the direction of the loading excursion. This was achieved with 

a customized test setup that featured two steel beams sandwiched between the slabs. The slip demand 

was applied by either pulling the two beams away from each other or by pushing them towards each 

other. This setup has the advantage of alternating the stress state in the slab between tension and 

compression depending on the loading direction. Accordingly, test specimens from Suzuki and Ki-

mura (2019) provide a more realistic representation of the shear stud behavior in composite steel 

beams. 

The assembled dataset features test specimens with various geometric and material properties. In 

brief, the dataset covers shear stud diameters between 13 mm and 22 mm, floor slab thicknesses 

between 102 mm and 300 mm, as well three different floor slab configurations. Particularly, (i) 29 

tests with a solid slab (SS) with no steel deck; (ii) 12 tests with a slab with steel deck featuring ribs 

parallel (||) to the loading direction; and (iii) one test with a slab with steel deck ribs perpendicular 
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(⟂) to the loading direction. While the nominal ultimate tensile strength of shear studs was 450 MPa 

in all cases, their reported ultimate tensile strength ranges between 414 MPa and 535 MPa. The re-

ported concrete compressive strength ranges between 21 MPa and 53 MPa. These correspond to a 

characteristic normal strength (C25/30 to C40/50) concrete. Specimen-to-specimen variability also 

includes the type of shear stud welds (stud gun welding vs. shield metal arc welding) as well the 

degree of imperfections in the welds. Figure 4.3 demonstrates the corresponding slip demand, on the 

steel beam-slab connections per damage state. The results indicate that the specimen-to-specimen 

variability necessitates the development of fragility functions that can estimate the probability of 

reaching or exceeding DS1 to DS4 in steel beam-slab connections. Note that the associated variability 

in slip demands increases considerably for DS2 to DS4 compared to DS1. The slip demands at each 

of the four damage states are summarized in Table 4.1. Slip demand values that are available but not 

reported in the respective experimental program are labeled as “NR”, whereas those not available due 

to early termination of the tests are labeled as not applicable, “NA”. 

 

Table 4.1. Dataset of cyclic push-out tests 

   Geometric Propertiesa 
Material Proper-

tiesb 
Damage States 

Reference 
Specimen 

ID 

𝑑𝑠 

[mm] 

ℎ𝑠 

[mm] 

𝑡 

[mm] 
Deck 

𝑓𝑢,𝑠 

[MPa] 

𝑓𝑐 

[MPa] 

DS1 

[mm] 

DS2 

[mm] 

DS3 

[mm] 

DS4 

[mm] 

Hawkins and 

Mitchell 

(1984) 

1R 19 76 102 SS 514 23 NR 1.7 2.7 3.0 

3R 19 114 140 SS 514 25 0.2 1.0 2.7 3.9 

5R 19 114 140 SS 514 34 NR 1.8 2.6 3.7 

7R 19 114 140 || 514 35 NR 0.3 3.9 7.7 

Zandonini 

and Bursi 

(2000) 

NPC-01 16 102 120 || 528 33 0.3 1.1 1.4 3.6 

NPC-02 16 102 120 || 528 33 0.6 1.1 2.9 6.9 

NPC-04 16 102 120 || 528 33 0.3 0.6 1.0 5.5 

NPC-05 16 102 120 || 528 33 0.6 0.9 2.4 4.0 

RPC-01 22 126 150 || 457 42 0.4 2.5 4.8 7.2 

RPC-02 22 126 150 || 457 42 0.3 3.1 NA NA 

RPC-03 22 126 150 || 457 42 0.2 3.4 NA NA 

RPC-04 22 126 150 || 457 42 0.3 4.5 NA 5.3 

RPC-05 22 126 150 || 457 42 0.6 5.4 NA NA 

Civjan and 

Singh (2003) 

S2C 13 102 155 SS NR 24 NR NR NR 5.1 

S4C 13 102 155 SS NR 41 NR NR NR 2.9 

S5C 13 102 155 SS NR 25 NR NR NR 7.3 

S6C 13 102 155 SS NR 24 NR NR NR 4.7 

S10C 13 102 155 SS NR 21 NR NR NR 6.2 
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Aribert and 

Lachal 

(2000) 

Group 3 19 NR 120 || NR NR NR 1.0 1.7 3.5 

Suzuki and 

Kimura 

(2019) 

No. 1 22 130 175 SS 464 29 1.0 5.5 NA NA 

No. 2 22 130 175 SS 464 29 0.6 4.1 6.5 NA 

No. 3 16 130 175 SS 473 29 0.2 5.0 6.0 NA 

No. 4 19 130 175 SS 486 29 0.4 5.1 NA NA 

No. 5 22 80 175 SS 461 29 0.7 3.4 5.0 4.4 

No. 6 22 100 175 SS 446 29 0.8 2.9 4.4 8.1 

No. 7 22 130 175 SS 464 29 0.7 2.9 4.5 7.5 

No. 8 22 130 175 SS 464 29 0.3 4.5 6.6 NA 

No. 9 22 130 175 SS 464 29 0.5 1.7 3.1 6.0 

No. 10 22 130 175 SS 464 29 0.4 2.6 4.3 NA 

No. 11 22 130 175 SS 464 29 0.4 0.9 1.5 7.6 

No. 12 22 130 175 SS 464 29 0.7 2.6 6.0 NA 

No. 13 22 130 175 SS 464 39 0.5 4.4 5.8 NA 

Nakajima et 

al. (2003) 
B (Alt.) 13 100 150 SS NR 40 0.4 3.4 NA 5.5 

Ciutina and 

Stratan 

(2008) 

PT-16/I-C 16 120 120 SS NR NR 0.3 1.4 2.3 3.3 

PT-22-C 22 120 120 SS NR NR 0.3 1.3 1.9 5.2 

Zhai et al. 

(2018) 

P-S-13-C 13 NR 300 SS 525 53 0.4 1.3 NA 2.5 

P-S-16-C 16 NR 300 SS 455 53 0.3 1.8 2.1 2.7 

P-S-19-C 19 NR 300 SS 535 53 0.6 2.5 3.8 5.4 

Fan and Liu 

(2014) 
C2 19 100 150 || NR NR NR 1.1 3.1 8.2 

Sun et al. 

(2019) 

C3 19 100 150  ⊥ 497 NR 0.2 1.8 3.8 6.2 

C5 19 100 150 SS 497 26 0.3 1.8 2.6 4.9 

Saari et al. 

(2004) 
4 19 127 NA SS 414 32 0.1 0.9 2.4 3.2 

a 𝑑𝑠: stud diameter; ℎ𝑠: stud height; 𝑡: slab thickness; SS: solid slab (i.e. without steel deck); ||: steel deck with ribs 

parallel to the beam; ⊥ steel deck deck with ribs perpendicular to the beam 

b 𝑓𝑢,𝑠: stud tensile strength; 𝑓𝑐: concrete compressive strength 
 

NA: not available; NR: not reported  
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Figure 4.3 Distribution of slip demands, 𝛥𝑠, corresponding to the four damage states  

 

4.5 Slip-based fragility functions 

In order to estimate the likelihood of damage in steel beam-slab connections, slip-based fragility 

functions are developed based on the assembled dataset of Table 4.1. These provide the probability 

of reaching or exceeding a damage state as a function of the peak slip demands on headed shear stud 

connectors.  

The employed methodology to derive the fragility functions has already been successfully imple-

mented in prior related work (Aslani and Miranda 2005; Elkady et al. 2018; Gulec et al. 2011; Lignos 

et al. 2010; Ramirez et al. 2012; Ruiz-García and Negrete 2009). In brief, the slip values at each 

damage state are sorted in ascending order. The empirical cumulative probability is then calculated 

as 𝑝𝑖 = 𝑖/𝑛, in which 𝑛 is the total number of data points for each damage state (see Table 4.2), and 

𝑖 is the position of the slip value within the sorted data. If needed, outlier data points are excluded as 

per Chauvenet’s criterion (Taylor 1997). For a given damage state, the calculated 𝑝𝑖 is plotted at its 

corresponding slip value in order to obtain the empirically derived cumulative distribution function 

(CDF). Four different CDFs (lognormal, gamma, Weibull, and Gumbel) are fitted to the empirically 

derived CDFs using the maximum likelihood approach (Venables and Ripley 2013). The Kolmogo-

rov-Smirnov (K-S) goodness-of-fit test (Benjamin and Cornell 1970) is conducted at a 5% signifi-

cance level in order to assess which of the four CDFs provides the best fit to the empirical CDF. A 

goodness-of-fit is assumed if the K-S test fails to reject the null hypothesis at 5% significance level; 

that is, the K-S statistic defined as the largest absolute difference between the theoretical and empir-

ical CDF is less than the critical value at 5% significance level, 𝐷𝑐𝑟𝑖𝑡,5%. The K-S test is shown in 

Figure 4.4 for DS1. The hypothesis that the lognormal CDF fits the empirically derived CDF holds 
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true if all data points lie between the upper and lower bounds represented by the dashed lines. It is 

found that both the lognormal (see Figure 4.4a) and the gamma (see Figure 4.4b) CDFs provide a 

relatively good fit for the empirical CDF because they yielded the highest p-value of K-S test. 

 

Table 4.2 Statistical parameters of the lognormal distributions for each damage state 

  

Dam-

age 

State 

𝜇𝛥𝑠
 

[mm] 
𝜎ln𝛥𝑠

 
Number of 

Specimens (n) 

𝜇𝛥𝑠
 [mm] | 

90% CI 

𝜎ln𝛥𝑠
 | 

 90% CI 

Lower 
Up-

per 
Lower 

Up-

per 

Full Dataset 

DS1 0.37 0.53 34 0.31 0.42 0.44 0.66 

DS2 1.82 0.68 37 1.51 2.19 0.57 0.85 

DS3 3.09 0.50 29 2.65 3.60 0.41 0.64 

DS4 5.23 0.35 31 4.71 5.81 0.29 0.45 

Suzuki and 

Kimura 

(2019) 

DS1 0.52 0.41 13 0.43 0.63 0.31 0.61 

DS2 3.42 0.51 13 2.71 4.31 0.38 0.77 

DS3 4.97 0.42 11 4.02 6.14 0.32 0.68 

DS4 7.50 0.24 5 6.26 8.99 0.16 0.58 

Solid Slab 

(SS)  

DS1 0.40 0.42 20 0.34 0.47 0.34 0.58 

DS2 2.60 0.54 22 2.14 3.14 0.43 0.73 

DS3 4.05 0.46 18 3.38 4.85 0.36 0.65 

DS4 5.10 0.37 19 4.43 5.87 0.29 0.51 

Parallel Steel 

Deck (||)  

DS1 0.34 0.39 9 0.27 0.42 0.28 0.67 

DS2 1.13 0.86 12 0.75 1.70 0.64 1.33 

DS3 2.65 0.54 8 1.93 3.62 0.38 0.97 

DS4 5.54 0.33 9 4.61 6.65 0.24 0.57 
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(a) (b) 

  

(c) (d) 

Figure 4.4 Comparison of four theoretical CDFs fitted to the empirically derived CDF for damage 

state DS1: (a) lognormal; (b) gamma; (c) Weibull; and (d) Gumbel  

 

The lognormal distribution is selected hereinafter due to its ease of implementation and for con-

sistency with available fragility functions defined in FEMA P-58-1 (FEMA 2012) as well as other 

related studies. The lognormal CDF is defined as follows: 

P(DS ≥ ds𝑖|𝛥𝑠 = 𝛿𝑠) = Φ [
ln 𝛥𝑠 − ln 𝜇𝛥𝑠

𝜎ln 𝛥𝑠

] 
(4.1) 

 

in which P(DS ≥ ds𝑖|𝛥𝑠 = 𝛿𝑠) is the conditional probability of reaching or exceeding damage state 

𝑖 in the steel beam-slab connection at a specified slip value 𝛿𝑠; 𝜇𝛥𝑠
 is the counted median of slip 

values at damage state 𝑖; 𝜎ln 𝛥𝑠
 is the standard deviation of the natural logarithm of the slip values at 

damage state 𝑖; and Φ is the cumulative standard normal distribution. Figure 4.5 shows that the 

lognormal CDF fits the empirically derived CDF fairly well for all four damage states. 

p-value = 0.89 p-value = 0.90

p-value = 0.80 p-value = 0.20



Fragility assessment of beam-slab connections for informing earthquake-induced repairs in composite-steel moment 

resisting frames 

 

111 

  

(a) (b)  

  

(c)  (d)  

Figure 4.5 Slip-based fragility functions corresponding to the four damage states in steel beam-slab 

connections: (a) damage state DS1; (b) damage state DS2; (c) damage state DS3; and (d) damage 

state DS4 

 

4.6 Influence of epistemic uncertainty 

The developed fragility functions incorporate the specimen-to-specimen uncertainty as discussed ear-

lier. Nevertheless, the epistemic uncertainty arising from the finiteness of the dataset is not accounted 

for. This finite sample uncertainty can be considered by estimating confidence intervals (CI) of the 

peak slip demands for each damage state (Benjamin and Cornell 1970; Crow et al. 1960). The confi-

dence intervals of the median and logarithmic standard deviation of a lognormal CDF is computed 

using Eqs. (4.2) and (4.3) respectively (Crow et al. 1960): 

𝜇𝛥𝑠
∙ exp [±𝑧𝑎/2 ∙

𝜎𝑙𝑛 𝛥𝑠

√𝑛
] 

(4.2) 
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√
𝑛 − 1

𝜒𝑎/2,𝑛−1
2 ∙ 𝜎ln 𝛥𝑠

 and √
𝑛 − 1

𝜒1−𝑎/2,𝑛−1
2 ∙ 𝜎ln 𝛥𝑠

 (4.3) 

in which, 𝑧𝑎/2 is the value of the standard normal deviation such that the probability of a random 

deviation numerically greater than 𝑧𝑎/2 is 𝑎; 𝜒𝑎/2,𝑛−1
2  and 𝜒1−𝑎/2,𝑛−1

2  are the inverse of the distribution 

with 𝑛 − 1 degrees of freedom and a probability of occurrence 𝑎/2 and 1 − 𝑎/2, respectively. Table 

4.2 summarizes the 10% and 90% confidence intervals of the median, 𝜇𝛥𝑠
, and the logarithmic stand-

ard deviation, 𝜎𝑙𝑛 𝛥𝑠
, for each damage state. The effects of the epistemic uncertainty are depicted 

through the uncertainty envelopes in Figure 4.6. This provides the upper- and lower-bound probabil-

ity of reaching or exceeding each damage state from local slip demands. For instance, according to 

EN 1994-1-1 (CEN 2004b), the characteristic slip capacity, 𝛿𝑢𝑘, shall be greater than or equal to 6 

mm at DS3. Figure 4.6c shows that the probability of reaching or exceeding DS3 at a slip demand of 

6 mm varies between 80% and 95%; that is, the probability that the shear stud connectors in the steel 

beam-slab connection are ductile (CEN 2004b) is low (5% to 20%). While it is true that shear studs 

subjected to cyclic loading may have a lower characteristic slip capacity than that recommended by 

EN 1994-1-1, continuum finite element analyses (El Jisr et al. 2020) and system-level nonlinear re-

sponse history analysis conducted hereinafter on composite-steel MRFs with shallow beams (depth 

of 500 mm or less), have shown that the shear stud demands are considerably lower than 𝛿𝑢𝑘. In fact, 

at design basis earthquake events, the probability of DS2 at slip demands of 0.5 mm (see section 4.9) 

varies between 1 to 10%. Even if the slip demands were to be twice as high (i.e., 1 mm), the upper 

bound probability of DS2 remains below 30% and repairs due to extended cracking in the slab are 

highly unlikely. 
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(a)  (b) 

  

(c) (d) 

Figure 4.6 Envelope of epistemic uncertainties on fragility functions of steel beam-slab connections 

derived from the full dataset: (a) damage state DS1; (b) damage state DS2; (c) damage state DS3; 

and (d) damage state DS4 

 

4.7 Effect of the stress state in the slab 

The effect of the slab stress state on the steel beam-slab connection behavior has been investigated in 

a recent experimental program conducted by Suzuki and Kimura (2019). In composite steel MRFs, 

the slab is subjected to compressive stresses under sagging bending and tensile stresses under hogging 

bending depending on the direction of lateral loading. These tests better emulate the steel beam-slab 

connection in composite steel MRFs since the stress state in the floor slab is taken into consideration. 

Table 4.1 suggests that the dataset of Suzuki and Kimura (2019) achieves appreciably higher slip 

demands than those from conventional push-out tests prior to reaching DS2 to DS4.  
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Albeit the limited available data at this point, a separate subset consisting of 13 cyclic push-out tests 

from Suzuki and Kimura (2019) is used to derive four complementary fragility functions at each 

damage state to comprehend the differences at the achieved slip demands between the two datasets. 

The statistical parameters of the fitted lognormal CDFs, derived with the same methodology dis-

cussed earlier, are summarized in Table 4.2. The reported logarithmic standard deviations from the 

smaller subset demonstrate a lower variability in slip demands compared to those from the full da-

taset, regardless of the DS under consideration. Figure 4.7a suggests that the effect of the slab stress 

state on the slip demands at DS1 (light cracking) is minimal. Conversely, DS2 to DS4 are significantly 

influenced by the stress state in the slab as shown in Figure 4.7b to d, respectively.  

A possible explanation of the observed discrepancy is the fact that the shear studs in conventional 

push-out tests are subjected to fairly similar demands in both loading directions, while those in Suzuki 

and Kimura (2019) are asymmetric. The cyclic push-out tests showed that normal strains due to bend-

ing at the base of the shear studs are more than 10 times lower when the slab is in tension than when 

it is in compression. On the other hand, in conventional cyclic push-out tests, the strain demands at 

the base of the shear studs are nearly the same in both loading directions, thereby leading to crack 

initiation due to low-cycle fatigue. This often causes fracture as depicted in Figure 4.7d. Particularly, 

the probability of being or exceeding DS4 (i.e., loss of shear load carrying capacity) at 6 mm slip is 

more than 65% based on the full dataset, whereas when the effect of stress state in the slab is consid-

ered, the probability of being or exceeding DS4 is less than 20%. In prior work (El Jisr et al. 2020), 

the influence of loading history on the shear stud demands has been stressed. While physical data is 

not available to examine this issue, the fragility functions presented herein are considered to be a 

conservative estimate of the observed damage seen in beam-slab connections of composite steel 

MRFs under earthquake loading 
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(a) (b) 

  

(c) (d) 

Figure 4.7 Comparison between fragility functions of steel beam-slab connections derived from the 

full dataset and those derived from Suzuki and Kimura (2019) subset: (a) damage state DS1; (b) 

damage state DS2; (c) damage state DS3; and (d) damage state DS4 

 

4.8 Effect of slab type 

In composite construction practice, a steel deck is typically present as part of the composite floor 

system. Nevertheless, a large portion (about 70%) of the cyclic push-out tests available in the litera-

ture consist of a solid slab with no steel deck. Referring to Table 4.2, the dispersion measured by the 

logarithmic standard deviation, 𝜎ln 𝛥𝑠
, is fairly high in the full dataset for DS1 to DS3. This dispersion 

is due to specimen-to-specimen variability, which comprises differences in geometry, material prop-

erties as well as the loading protocol. In order to examine how the aleatoric uncertainty is influenced 

by the presence of a steel deck, the full dataset is divided into two additional subsets with: (i) solid 

slab test specimens (29) and (ii) test specimens that consist of a steel deck with ribs parallel to the 
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beam (12). Subsequently, fragility functions at DS1 to DS4 are derived for each subset. Referring to 

Figure 4.8, it is evident that specimens with a solid slab have a higher slip capacity at DS2 and DS3 

damage states. At DS1, the difference between the two types of fragility functions is negligible be-

cause damage is mostly associated with fairly light slab cracking. Moreover, at DS4, loss of shear 

load carrying capacity due to fracture of the shear stud is not practically influenced by the slab type. 

Table 4.2 shows that 𝜎ln 𝛥𝑠
 in the solid slab subset is lower at DS2 (21%) and DS3 (8%) than that in 

the full dataset. In contrast, for the subset with the steel deck, 𝜎ln 𝛥𝑠
 is 26% higher at DS2 and 9% 

higher at DS3. The reason for the higher dispersion in the subset with the steel deck is the fact that 

damage in these specimens is also dependent on the deck geometry (i.e., rib height and width). Ad-

ditionally, the number of data points is relatively small (12) and most of the data points are obtained 

from Zandonini and Bursi (2000) in which the stud dimensions, concrete compressive strength, and 

loading protocol were varied. In solid slabs, the studs are fully confined with the surrounding con-

crete, whereas in slabs consisting of a steel deck, the level of confinement is dependent on the rib 

dimensions. Since the slip values at DS2 and DS3 are influenced by concrete crushing, the effect of 

concrete compressive strength on 𝛥𝑠 is more evident in slabs with a steel deck where less confinement 

is present. In the assembled dataset, the slip at DS2 and DS3, in test specimens with a steel deck 

present, exhibits an increasing trend with respect to the concrete compressive strength (see Table 4.1). 

Nevertheless, this dependency is inconclusive because of the limited data available. In the collected 

test specimens with a solid slab, the slip demand is not found to be statistically significant with respect 

to the concrete compressive strength.  
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(a) (b) 

  

(c) (d) 

Figure 4.8 Comparison between fragility functions of steel beam-slab connections derived for solid 

slabs and those derived for slabs consisting of a steel deck with ribs parallel to the steel beam: (a) 

damage state DS1; (b) damage state DS2; (c) damage state DS3; and (d) damage state DS4 

 

4.9 Performance-based assessment of a composite steel MRF 

In this section, an application of the proposed fragility functions is demonstrated for a six-story pro-

totype building designed according to current European design provisions (CEN 2004a; b, 2005b; c) 

for a site in Sion, Switzerland. The aim is to assess the integrity of beam-slab connections in compo-

site-steel MRFs with shallow steel beams (depth of 500 mm or less) and partial degree composite 

action. The latter can be used in the design of composite-steel MRFs to effectively target a lower 

number of shear stud connectors, thereby leading to appreciable cost savings in composite construc-

tion. 
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The main seismic design parameters of the prototype building are: (i) building importance class II; 

(ii) reference peak ground acceleration, 𝑎𝑔𝑅 = 0.22 g; (iii) a behavior factor, 𝑞 = 3 [i.e., strength 

reduction factor, R according to the US provisions (AISC 2016a)] and (iv) soil Type D. Referring to 

Figure 4.9a, the building consists of space composite-steel MRFs in the E-W loading direction. The 

elevation view of the building is shown in Figure 4.9b. Headed shear studs (ℎ𝑠 = 100 mm, 𝑑𝑠 = 16 

mm) connect the MRF girders to a 125 mm thick floor slab with a 56 mm steel deck. The ribs of the 

deck are parallel to the girders. An 80% degree of composite action (defined as the ratio of the actual 

number of shear studs to that required for full composite action) is achieved in the seismic design. 

This corresponds to the minimum value permitted by EN-1998-1 (CEN 2004a). However, the 25% 

reduction in shear stud capacity is intentionally waived. Recent findings (El Jisr et al. 2020) have 

shown that slip demands in composite-steel beams with depths of less than 500 mm are fairly minimal 

and they should not affect the integrity of the steel beam-slab connection. 

 

  

(a)  (b)  

Figure 4.9 Typical (a) plan and (b) elevation view of the six-story building with composite steel 

MRFs 

 

Half of the prototype building is modelled in 2-dimensions (2-D) in the open-source simulation plat-

form OpenSEES (McKenna 1997). Particularly, two of the composite steel MRFs are modelled in 

series including a leaning column to properly represent (i) the lateral strength and stiffness of the 

building in the E-W direction; and (ii) de-stabilizing effects due to gravity loading (i.e., P-Delta). The 

composite beam-to-column joints are modeled by using a validated macro-model that features several 

nonlinear zero length elements as shown in Figure 4.10a. More details regarding this model are pre-

sented in Chapter 6 of this thesis. The macro-model can explicitly simulate slab-column interaction 
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through the two force transfer mechanisms in EN-1998-1 (CEN 2004a). The first mechanism consists 

of slab bearing on the column flange (noted as mechanism 1), whereas the second one is a strut-and-

tie mechanism (noted mechanism 2). Slip demands on the steel beam-slab connection are captured 

by lumping the shear studs into a single translational zero length element. A similar approach has 

been implemented in past studies for partial-strength beam-to-column connections (Amadio et al. 

2008; Braconi et al. 2007; Rassati et al. 2004). Flexural strength and stiffness deterioration of com-

posite-steel beams as well as composite beam-to-column web panel zone joints are simulated accord-

ing to the procedures discussed in Elkady and Lignos (2014) and El Jisr et al. (2019). Figure 4.10b 

illustrates a comparison between the simulated and experimentally obtained moment-rotation relation 

of a fully-composite steel beam of 400 mm (Yamada et al. 2009). Moreover, as expected, the shear 

force, 𝑄, versus slip demand, 𝛥𝑠, relation in the steel beam-slab connection is elastic as shown in 

Figure 4.10c. The modeling approach is deemed to be rational as it represents the hysteretic response 

of the composite steel beam reasonably well and can also capture slip demands on the steel beam-

slab connection.  

Nonlinear response history analysis is conducted on the composite steel MRF at two different seismic 

intensities: the design basis earthquake (DBE) with a return period 𝑇𝑅 =475 years and the maximum 

considered earthquake (MCE) with a return period 𝑇𝑅 =2475 years. The earthquake records at each 

seismic intensity are selected to target the conditional mean spectrum (CMS) obtained from the mean 

magnitude and distance from rupture for each 𝑇𝑅 (Baker 2011; Kohrangi et al. 2017; Lin et al. 2013). 

Figure 4.11 shows the two sets of 40 ground motions that were obtained by conducting probabilistic 

seismic hazard analysis for Sion for average spectral acceleration values, 𝑆𝑎, over a period range of 

0.4 to 4.4s.  
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(a) 

  

(b) (c) 

Figure 4.10 Modeling approach implemented for the system-level response history analysis of the 

6-story composite steel building: (a) macro-model; (b) model validation with Yamada et al. (2009); 

(c) shear-slip response of the beam-slab connection 

 

  

(a) (b) 

Figure 4.11 Selected ground motion records for Sion in Switzerland for two different return periods; 

(a) 475 years; (b) 2475 years 
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The peak slip demands on the steel beam-slab connections are obtained along the height of the build-

ing through nonlinear response history analyses and plotted together with the median, 16th and 84th 

percentiles. Referring to Figure 4.12, the median peak slip demand values at DBE and MCE are 0.5 

mm and 1.8 mm, respectively. Based on these values, the potential damage in the steel beam-slab 

connection is captured by using the developed fragility functions.  

 

  

(a) (b)  

Figure 4.12 Peak 𝛥𝑠 profile for the prototype composite steel MRF at (a) DBE seismic intensity and 

(b) MCE seismic intensity 

 

Figure 4.13a shows the likelihood of occurrence of each damage state based on the fragility functions 

that were derived from the full dataset. The largest damage in the steel beam-slab connections occurs 

at the third floor where the demand on the composite steel beams is the highest. At DBE, the proba-

bility of attaining or exceeding DS2 (i.e., extended cracking / shear stud yielding and crushing of 

concrete) is less than 5%. Hence, most of the damage in the slab is attributed to light cracking, which 

corresponds to DS1. The probability of reaching DS1 varies between 3% at the roof to 73% at the 

third floor. Waiving the 25% reduction in the capacity of the shear stud connectors does not practi-

cally affect the integrity of steel beam-slab connections at seismic intensities associated with DBE. 

At seismic events with a low probability of occurrence, i.e., MCE, there is a 50% chance that DS2 is 

attained. Nevertheless, the probability of low-cycle fatigue microcracking (DS3) and therefore severe 

degradation in the steel beam-slab connection strength is less than 15%. Furthermore, the probability 

of complete loss of composite action (DS4) is negligible. Noteworthy stating that the aforementioned 

values are fairly conservative as they do not account for the stress state in the slab. Within such a 

context, the simulation results demonstrate that the 25% reduction in the shear resistance of the stud 

connectors may be potentially waived in seismic designs with beam depths less than 500 mm. 



Fragility assessment of beam-slab connections for informing earthquake-induced repairs in composite-steel moment 

resisting frames 

 

122 

Particularly, Figure 4.13b depicts the probability of being or exceeding in DS1 to DS4 according to 

the fragility functions that were derived based on the Suzuki and Kimura (2019) subset. Interestingly, 

the probability of being or exceeding DS1 at DBE becomes negligible and that of attaining DS2 at 

MCE drops to nearly 10%. The results convey the importance of the developed fragility functions for 

performance-based seismic design of frame buildings with composite-steel MRFs. 

 

  

(a)  (b)  

Figure 4.13 Probability of attaining each damage state along the height of the composite steel MRF 

at DBE and MCE seismic intensities using (a) full dataset; and (b) Suzuki and Kimura (2019) sub-

set 

 

4.10 Summary and conclusions 

This chapter proposes slip-based fragility functions that permit the estimation of damage in steel 

beam-slab connections as part of composite-steel MRFs. The proposed fragility functions provide the 

probability of reaching or exceeding four discrete damage states as a function of the local slip de-

mands on the steel beam-slab connections. To this end, an experimental dataset of 42 cyclic push-out 

tests is assembled. The four damage states include light to extensive cracking and crushing of the 

concrete slab, shear stud connector yielding, low-cycle fatigue microcracking in the shear studs and 

ultimately fracture of the steel beam-slab connection. 

The fragility functions incorporate uncertainty due to specimen-to-specimen variability as well as 

epistemic uncertainty associated with the finite number of the collected tests. The latter is accounted 

for through confidence band intervals. Moreover, the dependency of the steel beam-slab connection 

damage on the slab stress state (tension or compression) is acknowledged through four 
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complementary fragility functions that are derived from a subset of 13 cyclic tests (Suzuki and Ki-

mura 2019). These complementary fragility functions are considered more representative to describe, 

in a probabilistic manner, the damage of steel beam-slab connections in composite-steel MRFs. It is 

shown that the fragility functions derived from the full dataset provide conservative estimates of the 

anticipated damage in the steel beam-slab connections. Separate fragility functions are also derived 

for the two predominant slab types in the dataset: (i) solid slab and (ii) slab consisting of a steel deck 

with ribs parallel to the beam. The results suggest that higher damage is experienced at DS2 and DS3 

if a steel deck is present. Furthermore, damage states DS2 and DS3 in specimens with a steel deck 

parallel to the beam are more dependent on the compressive strength of concrete than those with a 

solid slab. 

A six-story prototype building with composite-steel MRFs is used to illustrate the potential benefits 

of the proposed fragility functions. The building is located in Sion, Switzerland and it is designed 

according to the current European seismic provisions with 80% degree of composite action. Never-

theless, the code-required 25% reduction in the shear capacity of the stud connectors is intentionally 

neglected. Nonlinear response history analysis is conducted at two seismic intensities, namely DBE 

and MCE. It is found that, at DBE, there is at least 50% to 70% chance for the slab to exhibit only 

minor cracking depending on the employed fragility function type. At seismic intensities associated 

with a low probability of exceedance, i.e., MCE, the probability of shear studs in steel beam-slab 

connections to exhibit low-cycle fatigue drops from about 35% to less than 10% when considering 

the stress state of the steel beam-slab connection in the seismic performance assessment of the build-

ing. Interestingly, the loss of the shear capacity of the steel beam-slab connections is negligible, at 

the same seismic intensity, regardless of the employed fragility function type. In that sense, disre-

garding the 25% reduction in the shear strength of the stud connectors of the examined composite 

steel MRF seems rational. 
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Chapter 5 Full-scale collapse test of a 2-bay 

composite steel moment-resisting frame subsys-

tem under cyclic loading 

 

5.1 Introduction 

The hysteretic behavior of steel beam-to-column connections with a floor slab has been traditionally 

investigated by testing subassemblies with cruciform (e.g., Engelhardt et al. 2000; Leon et al. 1998; 

MacRae et al. 2013; Ricles et al. 2002, 2004; Sumner and Murray 2002; Uang et al. 2000) or T-

shaped configurations (e.g., Bursi and Gramola 2000; Kim and Lee 2017; Yamada et al. 2009). In 

this case, the location of the inflection points within the structural members is assumed to remain 

constant throughout the imposed loading history. It has been recognized (FEMA 2000a) that while 

these subassemblies provide valuable information on the role of the slab on the nonlinear cyclic re-

sponse of composite steel beams, the overly simplified boundary conditions do not allow for a real-

istic consideration of the slab restraint and framing action on the seismic stability of composite steel 

moment-resisting frames (MRFs). This aspect is particularly important at large lateral drift demands 

associated with structural collapse. Accordingly, prior subassembly tests (e.g., Civjan et al. 2001; 

MacRae et al. 2013) suggest that local buckling within the anticipated dissipative zone of the compo-

site steel beams induces axial shortening. Unlike reinforced concrete (RC) MRFs where beam elon-

gation has been investigated (Fenwick and Megget 1993) and observed in prior earthquakes (e.g., 

Henry et al. 2017), beam shortening is fairly unlikely in composite steel MRFs under cyclic loading.  

Detailed continuum finite element studies have demonstrated that partially composite steel beams 

(i.e., degree of composite action, 𝜂 < 100%) in subsystems experience up to 25% less flexural 

strength degradation than their subassembly counterparts (El Jisr et al. 2020). Restraint against beam 

axial shortening creates tensile forces in the beams that may alter the seismic behavior of composite 

steel beams (El Jisr et al. 2020; Herrera et al. 2008; Leon and Deierlein 1996). This behavior has been 

observed in a handful of system-level experiments (Cordova and Deierlein 2005; Del Carpio et al. 

2014) where local buckling in composite steel beams was fairly mild compared to what was observed 

in subassembly tests. Force redistributions occuring within the aforementioned tests were neither 

quantified nor comprehended.  
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System-level shake table collapse experiments (Suita et al. 2008) demonstrated that the presence of 

the slab could trigger a soft story collapse mechanism due to the increase of the flexural resistance of 

the respective beam relative to that of the adjoining column even in cases that capacity design has 

been considered (Lignos et al. 2013). However, inelastic deformations in this case were mostly con-

centrated in columns. Nakashima et al. (2007) tested a 2-story building with composite steel MRFs 

that featured welded beam-to-column connections with shallow beams. The presence of the slab in 

this case caused fractures at the welds of the bottom beam flanges within the beam-to-column con-

nections at a lateral drift demand of 4% rads. This was due to shifting of the neutral axis of the com-

posite cross section towards the upper flange under sagging bending that increased the tensile strain 

demands at the bottom flanges. Although the experiment was continued to a lateral drift demand of 

12% rads, the imposed loading was symmetric cyclic, which did not reflect the lateral drift demands 

prior to collapse where ratcheting is dominant (Lignos et al. 2011). Other researchers in Europe 

(Bouwkamp et al. 1998; Plumier and Doneux 2001) and the US have conducted system-level exper-

imental programs on composite steel MRFs. However, the tested frames featured either semi-rigid 

beam-to-column connections (Ammerman 1988; Leon 1990b), and therefore were not intended for 

use in zones of high seismicity or aimed to investigate the behavior of the composite beam-to-column 

connections at modest lateral drift demands associated with a design basis earthquake. 

Prior work on RC MRF buildings (e.g., Leon 1983; Joglekar 1984; Mahin and Bertero 1975) has 

shown that the transverse beams of the floor system could have a significant effect on the flexural 

resistance of RC beam-to-column joints. On the other hand, the 3-dimensional effects due to the floor 

system have only been investigated in the seismic response of steel frame gravity systems (Donahue 

2019). Detailed measurements on the floor slab and the beam-slab connections within a floor system 

could effectively benchmark (a) the cross-sectional classification of composite steel beams; (b) the 

effective width in composite steel cross sections; and (c) the lateral stiffness of composite steel beams 

relative to their bare beam counterparts.  

Current standards (AISC 2016a; CEN 2004a) with emphasis on the seismic design of composite steel 

MRFs, impose a 25% reduction on the shear resistance of stud connectors when the steel girders of 

the primary seismic resistant system are designed as composite. While the basis of this design rule is 

not clear in the literature, it is assumed that it is mostly based on results from conventional push-out 

tests (Bursi and Gramola 1999; Civjan and Singh 2003; Zandonini and Bursi 2000) that do not ac-

count for force redistributions while the composite steel MRF experiences damage during an earth-

quake. Moreover, the stress state and actual boundary conditions in the slab are not preserved. El Jisr 

et al. (2020) found that the above design rule may not be imperative for seismic designs of composite 
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steel MRFs that feature shallow steel beams (i.e., depths less than 500 mm). On the other hand, there 

has not been a comprehensive experiment that carefully documents the slip demands of the floor 

system with a particular emphasis on the repairability of composite floors in the aftermath of earth-

quakes.  

In order to advance the state-of-knowledge in the seismic stability of composite steel MRF buildings, 

this chapter presents the results from a full-scale experiment of a 2-bay composite steel MRF subsys-

tem under lateral cyclic loading. The primary objectives of the testing program were (a) to compre-

hend the effects of the slab continuity and framing action on the seismic performance of composite 

steel MRFs with emphasis at lateral drift demands associated with structural collapse; (b) to quantify 

the effects of transverse beams and slab confinement on the flexural resistance of composite beam-

to-column connections; (c) to comprehend the effects of inelastic behavior of shear connectors on the 

seismic behavior of composite steel MRFs; and (d) to provide unique experimental data that could 

serve for the validation of multi-fidelity finite element models for benchmarking the earthquake-in-

duced collapse risk and repairability requirements of composite steel MRFs designed in seismic re-

gions. 

 

5.2 Description of the test program 

5.2.1 Test frame  

Figures 5.1 and 5.2 show key design aspects of the test frame along with selected images during its 

construction sequence. The test frame corresponds to a subsystem of a six-story, two-bay composite 

steel MRF, which is shown in Figure 5.1a. The composite steel MRF was designed according to 

current European provisions (CEN 2004a; b, 2005b; c) for an importance class II, a reference peak 

ground acceleration, 𝑎𝑔𝑅 = 0.22 g and ground type D. A behavior factor of 𝑞 = 3 was utilized. A 

summary of the design of the prototype composite steel MRF is presented in Appendix A. The overall 

dimensions of the test frame are illustrated in Figure 5.1b. Note that the prototype composite steel 

MRF was intentionally designed with a centerline span length of 5000 mm due to the space limitation 

in the available laboratory facilities at EPFL. The span length is somewhat smaller than commonly 

employed values, which range between 6000 and 8000 mm (Nakashima et al. 2007). However, the 

geometry can be assumed representative of small construction steel frame buildings. Because the 

emphasis was on the role of the floor system on the seismic stability of the composite steel MRF, the 

length of the columns (HEM320), which were designed to remain elastic throughout the loading 
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history, represent the distance from the mid-height of the first to the second story of the composite 

steel MRF (i.e. at the location of the inflection points).  

The transverse beams featured an IPE270 (i.e., ℎ𝑠/𝑡𝑤 = 30, 𝑏/2𝑡𝑓 = 6.2 based on nominal geometric 

properties of the steel cross section) and were connected to the primary girders that featured an 

IPE360 (i.e., ℎ𝑠/𝑡𝑤 = 40.5, 𝑏/2𝑡𝑓 = 6.7 based on nominal dimensions) with partial depth extended 

shear tab connections according to Motallebi et al. (2019). Conventional shear tab connections were 

used to connect the transverse beams to the beam-to-column web panel zone joints at both the exterior 

and interior steel columns. The transverse beams to column web panel zone connections were not full 

restrained. As such, the shear stud connectors on the transverse beams were not designed to transmit 

horizontal forces to the slab, i.e., mechanism 3 according to EN 1998-1 (CEN 2004a) was not acti-

vated. The aim herein was to investigate the slab confinement due to the presence of transverse beams 

and the corresponding enhancement in the flexural strength of the composite steel beams. The maxi-

mum unbraced length in the primary girders was 𝐿𝑏𝑟 = 1660 mm; hence, the corresponding member 

slenderness ratio was 𝐿𝑏𝑟/𝑖𝑧 = 43.5, where 𝑖𝑧 is the radius of gyration of the steel beam about its 

weak axis. Detailed shop drawings of the test frame are shown in Appendix B. 

The beam-to-column connections of the composite steel MRF featured four-bolt stiffened end-plate 

connections. The structural bolts were M30x120 mm Grade 12.9. The bolts were pretensioned to 70% 

of their minimum specified yield strength (1100 MPa). Figure 5.1c shows the final design of the 

exterior beam-to-column connection. The extended end-plate connections were sized according to 

AISC 358-16 (AISC 2016c) because similar procedures at this time were not available in Europe for 

the seismic design of prequalified stiffened end plate connections. Nevertheless, AISC (2016c) does 

not allow the use of extended end-plate connections in composite-steel MRFs when these feature 

beams with nominal depth less than 600 mm. Moreover, according to AISC-358-16 (AISC 2016c), 

the slab shall be isolated from the columns. Accordingly, the maximum probable moment of the 

composite cross section was employed instead of that of the bare section in AISC 358-16 (AISC 

2016c). Moreover, a steel material overstrength of 1.25 (equivalent to the 𝑅𝑦 value according to 

(AISC 2016a) and an amplification of 1.2 due to cyclic hardening within the anticipated dissipative 

zones were considered. The center of compression under sagging bending was conservatively as-

sumed to act at the center of the top flange of the steel beam. The presence of the fin stiffener alters 

the center of compression towards the bottom bolt row under sagging bending. The shear demand on 

the panel zone from composite steel beams is calculated using the effective depths as proposed by 

Kim and Engelhardt (2002). A 15 mm doubler plate was welded through partial joint penetration 

welds per column web side (i.e., two plates in total) of the interior column panel zone to ensure that 
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this will remain elastic. All members of the test frame were fabricated by S355J2+M steel (except for 

the doubler plates which were fabricated by S355J2+N). This is a thermomechanically rolled struc-

tural steel with a minimum Charpy V-Notch toughness of 27 Joules at -20oC. Table 5.1 summarizes 

the chemical composition of the employed structural steels per structural component along with the 

yield and tensile stresses based on the mill certificate. Moreover, the Carbon equivalent per structural 

steel (CEV) was calculated based on the respective chemical composition. The Carbon equivalent is 

0.36 to 0.43, which ensures a good weldability of the base metal.  
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Table 5.1 Material properties of the steel components based on the mill certficates 

      

Chemical Analysis (weight %) Tensile Test 

Impact 

Test at 

-20oC 

 Steel Grade 
Heat 

No. 
C Si Mn P S N Al Nb V Cr Cu Ni Mo Ti B CEV 

𝑓𝑦 

[MPa] 

𝑓𝑢 

[MPa] 

휀𝑢 

[%] 
IE [J] 

HEM320 S355J2+M 85951 0.09 0.24 1.38 0.018 0.021 NA 0.011 0.008 0.041 0.1 0.23 0.14 0.04 NA NA 0.38 408 526 26.8 151 

IPE360 S355J2+M 28525 0.08 0.19 1.39 0.016 0.021 0.008 0.015 0.037 0.007 0.09 0.29 0.14 0.03 0.022 NA 0.36 451 530 30 142 

IPE270 S355J2+M 

64821 0.11 0.21 1.15 0.012 0.019 0.01 0.027 0.0011 0.05 0.11 0.43 0.15 0.03 0.001 0.0003 0.38 386 524 29 114 

64893 0.12 0.25 1.17 0.012 0.008 0.0109 0.033 0.001 0.05 0.06 0.35 0.0109 0.02 0.001 0.0003 0.37 392 520 28 111 

64894 0.11 0.23 1.16 0.011 0.006 0.0089 0.027 0.0009 0.05 0.07 0.32 0.1 0.02 0.001 0.0003 0.36 392 533 29 107 

64895 0.11 0.22 1.2 0.012 0.006 0.0116 0.03 0.0011 0.05 0.08 0.32 0.11 0.02 0.001 0.0003 0.37 404 534 29 115 

Doubler 

Plate 
S355J2+N 00275 0.16 0.19 1.55 0.01 0.002 0.005 0.042 0.001 0.003 0.04 0.06 0.05 0.002 0.002 NA 0.43 408 557 28 163 

CEV Equivalent carbon content 

𝑓𝑦 Yield strength 

𝑓𝑢 Ultimate tensile strength 

휀𝑢 Elongation 

IE Average absorbed impact energy 

NA  Not available 
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All welds between the beams to the end plates were placed using 1.2 mm FILARC/PZ61-2 welding 

electrodes. The measured average material yield strength of the steel filler was 488 MPa. Ultrasonic 

testing (UT) revealed that the weld defects conformed to the acceptance level for execution class 2 

(EXC2) and quality level C as per EN 1090-2 (CEN 2018). Moreover, the welds had a Charpy-V 

Notch toughness of 69 J at -20 oC. Therefore, they were compliant with the toughness requirements 

according to AISC 358-16 (AISC 2016c). Figure 5.2a and b show one exterior and the interior beam-

to-column connection after installation of the primary girders and the transverse beams. The mill test 

certificates of the structural steel materials as well as the welding procedure specifications are found 

in Appendix C. 

The floor slab had a total thickness of 140 mm and comprised a 56 mm deep profiled steel deck 

(Cofrastra 56). The ribs of the steel deck were oriented parallel to the IPE360 girders as shown in 

Figure 5.2c and d; hence, the rib shape efficient factor was, 𝑘𝑟 = 1.0. The width of the slab was 1700 

mm and was intentionally chosen to be larger than the effective width of the slab under sagging (744 

mm) and hogging (992 mm) bending as per EN 1998-1 (CEN 2004a). The slab was reinforced in the 

longitudinal and transverse directions with grade B500B rebars (i.e., nominal yield stress, 𝑓𝑦 = 500 

MPa). Two layers of 𝜙10 longitudinal rebars were spaced at 150 mm across the slab width. Trans-

verse reinforcement comprised five 𝜙10 seismic rebars that were placed within a column depth from 

the face of the columns (CEN 2004a), as well as 𝜙8 rebars spaced at 150 mm over the entire length 

of the slab. Figure 5.2e shows a snapshot of the slab reinforcement after the completion of installation. 

Two rows of headed shear studs (diameter 𝑑𝑠𝑐 = 16 mm, and height ℎ𝑠𝑐 = 125 mm) were welded to 

the top flange of the primary girders to achieve full composite action. The shear studs were considered 

to be ductile with ℎ𝑠𝑐/𝑑 > 4.0 and did not require a reduction in their shear resistance (𝑘𝑡 = 1.0) due 

to the presence of a profiled steel deck according to CEN (2004b). No studs were placed in the vicinity 

of the columns over 540 mm, which was equal to 1.5 times the beam depth, 𝑑𝑏, to prevent premature 

fracture within the anticipated dissipative zones due to strain localization (AISC 2016c; Cordova and 

Deierlein 2005; FEMA 2000b). Note that the distance 1.5𝑑𝑏 is less than 2𝑏𝑒𝑓𝑓
+  required by EN 1998-

1 (CEN 2004a) to disregard composite action. Furthermore, the slab was in contact with the column 

flanges. Therefore, the transmission of the composite steel beam moments was allowed at the beam-

to-column connections. Furthermore, the 25% reduction in the resistance of the shear studs according 

to EN 1998-1 (CEN 2004a) provisions was intentionally waived based on supplemental continuum 

finite element analyses prior to the testing program (El Jisr et al. 2020).  
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The employed concrete type was grade C25/30 (i.e., characteristic cylinder compressive strength, 

𝑓𝑐𝑘 = 25 MPa). It is noteworthy stating that the ductility of the composite steel beam under sagging 

bending, which is characterized by the ratio 𝑥𝑝𝑙
+ /ℎ (𝑥𝑝𝑙

+  is the position of the plastic neutral from the 

top of the slab and ℎ is the total depth of the composite cross section including the slab) is 0.31. This 

value is higher than the maximum limit in EN 1998-1 (CEN 2004a) of 0.27, which assumes a concrete 

crushing strain of 휀𝑐𝑢 = 0.0025 and a nominal yield strain 휀𝑦 = 0.0017 (Elghazouli 2015). However, 

the latter has been put in place based on past experimental studies that do not account for the effect 

of slab confinement on the crushing strain (Doneux 2002; Plumier and Doneux 2001). According to 

Plumier and Doneux (2001), slab confinement can increase 휀𝑐𝑢 by about two times; hence, 휀𝑐𝑢 was 

assumed to be 0.0048 and the maximum limit was assumed to be 0.48 to design the test frame. Details 

of the composite cross section are shown in Figure 5.1d and e. The concrete slab was casted within 

two hours after receiving the concrete mix. Figure 5.2f and g show snapshots of the concrete casting 

and finishing of the concrete surface. A professional contruction company was hired for casting to 

ensure analogous conditions with standard practice. After the completion of casting, the slab was 

wrapped with nylon as shown in Figure 5.2h for the curing process.  
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 (b) 

 

 

(d) 

 

(c) (e) 

Figure 5.1 Test frame: (a) prototype composite steel MRF; (b) south elevation view; (c) composite 

steel beam-to-column connection; (d) Section A-A; (e) Section B-B (dimensions in mm) 
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Figure 5.2 Test frame under construction 

 

  

(a) (b) 

  

(c) (d) 

  

(e) (f) 

  

(g) (h) 
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5.2.2 Test apparatus  

The test program was conducted at the Structural Engineering Group (GIS) Laboratory at École Pol-

ytechnique Fédérale de Lausanne (EPFL). Figure 5.3 shows the global view of the test apparatus. 

Structural pins were bolted at the column ends through adapter steel plates to idealize the inflection 

points of the steel columns. In this case, the force redistribution within the columns is not accurately 

represented throughout loading. Nevertheless, since the aim of this experimental program was to in-

vestigate the role of the floor system on the seismic stability of composite steel MRFs, the assumption 

is deemed reasonable. The structural pins allowed only the imposition of planar loading. The effects 

of bidirectional loading on the behavior of the joints were not addressed in this experimental program. 

Moreover, no gravity loads were applied to the slab and columns. However, the use of short construc-

tion implies that the effective width of the slab and demand on the shear stud connectors is not 

strongly influenced by the presence of gravity loads on the slab as opposed to long construction. This 

is not the case for longer constructions where the gravity load in the composite steel beams is likely 

to have a strong influence in the shear stud performance.  

The bottom pins were mounted on the strong floor via 75 mm thick base plates while the top pins 

were connected to an axially ‘rigid’ loading beam. The axial stiffness of the loading beam was chosen 

to be four orders of magnitude higher than that of the primary girders of the test frame in order to 

achieve rigid diaphragm action in the loading plate. This ensured that the horizontal actuator, which 

was connected to the loading beam through a bracket, imposed the same lateral story drift ratio (SDR) 

at each column. It is important to note that the choice of the stiffness of the loading beam affects the 

level of axial forces that are developed in composite steel beams (Leon and Deierlein 1996). Herein, 

the aim was to simulate rigid diaphragm action akin to Nakashima et al. (2006, 2007) and Zerbe and 

Durrani (1989). This configuration is suitable for investigating the effect of axial restraint on beam 

axial shortening. In reality, the floor diaphragm is not axially rigid, and the bottom columns can po-

tentially move relative to each other. The effect of axial restraint may be exaggerated. However, the 

authors believe that this configuration is deemed reasonable, especially in first stories where the foun-

dations cannot expand (Zerbe and Durrani 1989). The loading beam was connected to a 2500 kN +/-

2400 mm stroke servo hydraulic actuator, which was in turn connected to a ‘stiff’ reaction frame to 

transfer the horizontal load safely to the strong floor (see Figure 5.3).  

A lateral support system was designed to laterally brace the columns near their top end by means of 

a customized UPE270 bracket as shown in Figures 5.1b and 5.3. The IPE270 transverse beams (see 

Figure 5.1b), on the North and South side of the test frame were bolted to HEA100 beams at their 

free ends. The aim was to replicate the continuity of transverse beams in an actual composite steel 



Full-scale collapse test of a 2-bay composite steel moment-resisting frame subsystem under cyclic loading 

 

135 

MRF and ensure that out-of-plane displacement was prevented at their ends. The HEA100 beams 

were laterally braced by the columns of the lateral support system. Teflon sheets were glued to the 

surfaces in contact in order to minimize friction between all the sliding surfaces discussed above.  

The test frame was whitewashed with hydrated lime to qualitatively detect any sign of yielding during 

testing. Moreover, the slab was painted with a thin layer of white water-based latex paint to provide 

the contrast required for tracking the surface strains using digital image correlation (DIC). 

 

 

Figure 5.3 Global view of the test apparatus 

 

5.2.3 Instrumentation 

A unique feature of the experimental program is that it employed dense instrumentation to measure 

both the local and global force/deformation demands among others. In total, the test frame carried 

338 sensors (including the actuator load cell and displacement transducer), most of which were strain 

gauges. A detailed instrumentation plan of all the sensors along with detailed procedures on how 

various quantities reported herein after were deduced based on the acquired data can be found in 

Appendix D. 
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The structural steel members were instrumented with seven uniaxial strain gauges at selected cross 

sections along their length as shown in Figure 5.4a and b in order to deduce the member forces (i.e., 

axial load, shear and bending). Figure 5.1b indicates the precise locations of the strain gauges along 

the length of the respective members. The flexural demands in the composite steel beams were de-

duced by assuming that the slab force acts on the centerline of the concrete above the steel deck. This 

is analogous to the approach presented in Nakashima et al. (2007). The column shear forces were 

derived from the deduced moments by assuming a linear bending moment diagram along the column 

length. Similarly, the beam shear forces were computed by assuming that the bending moment in the 

composite steel beams varies linearly between the two instrumented cross sections (see Figure 5.1b). 

The beam and column rotations were derived from a set of three inclinometers that were installed at 

each beam-to-column connection. The inclinometers were attached to customized steel plates that 

were fabricated in GIS of EPFL. These plates were mounted on the beam-to-column connections as 

shown in Figure 5.4c. At each beam end, two string potentiometers were placed to measure the beam 

axial shortening and rotation over a theoretical distance of 1000 mm away from the face of the end 

plates (see Appendix D for the exact locations). Furthermore, a pair of linear variable displacement 

transducers (LVDTs) installed in a V-shaped configuration, was used to measure the panel zone shear 

distortions. Out-of-plane displacements of the end plates were also tracked using LVDTs that were 

placed near the bottom stiffeners of the end plate connections. Moreover, a total of 46 light-emitting 

diodes (LED bulbs) were attached to the interior joint region and tracked using an LED Coordinate 

Tracking System as illustrated in Figure 5.4d. The measurements from this system were also em-

ployed to verify those deduced by the string potentiometer and LVDT measurements. 

The slip demands in the beam-slab connections were measured along each beam using three LVDTs 

placed at a theoretical distance of 760 mm from the face of all the columns, and 2160 mm from the 

face of the West exterior and East interior columns (see Appendix D for the measured locations). 

Figure 5.4d shows indicatively two of these LVDTs installed on each side of the interior joint. Six 

shear studs in the West span (at 840 mm and 3240 mm from the face of the columns) were instru-

mented with four pressure gauges along the height of their shank. Furthermore, 10 shear studs in the 

East span (at 840 mm, 1440 mm, 2040 mm, 2640 mm and 3240 mm from the face of the columns) 

were instrumented with six uniaxial strain gauges along the height of their shank. The slab-column 

interaction at the interior and exterior beam-to-column connections was traced using a total of four 

pairs of high-speed digital image correlation (DIC) cameras. The cameras measured the strain de-

mands at the surface of the slab and tracked the evolution and propagation of cracks. Information 

regarding the resolution of the DIC system and the associated level of noise is presented in Appendix 
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D. Tie action in the seismic rebars was measured with uniaxial strain gauges that were glued at the 

center of each seismic rebar. In the West span, the axial strain was measured continuously over 3600 

mm of 10 longitudinal rebars on the South side of the test frame using a fiber optic measurement 

(FOM) system (see Figure 5.4e).  

Finally, seven LVDTs were deployed to critical locations of the test apparatus to ensure that there 

was no slip in any of the assembled connections during loading, which was confirmed by the meas-

urements during the loading stage. 

During the tests, data was lost in some sensors. The lost data corresponds to sensors that were dam-

aged, detached or, in the case of LED bulbs, hidden. The sensors are presented in detail in Appendix 

D.  
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(c) (d) 

 

(e) 

Figure 5.4 Test frame instrumentation: (a) column section strain gauge distribution; (b) composite 

steel beam cross section strain gauge distribution; (c) inclinometers installed in the exterior joint; 

(d) indicative instrumentation installed in the interior joint; (e) instrumented slab reinforcement in 

the West exterior joint 
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5.2.4 Ancillary tests 

Ancillary tests were conducted in order to measure the actual material properties of all the structural 

components of the test frame. The yield and ultimate stresses of the IPE360 beams, the HEM320 

columns, the interior column web panel zone doubler plates and the slab longitudinal reinforcement 

were obtained by standard tensile coupon tests according to ASTM (2016). Each value reported in 

Table 5.2 is obtained by averaging the measured values from five tensile coupons. Table 5.2 shows 

that the measured yield and ultimate stresses are higher than the nominal values for the beams, col-

umns, and doubler plates. Moreover, the test results suggest that the measured values are somewhat 

smaller than those from the mill certificates, which are summarized in Table 5.1. 

For S355J2 steel, the 𝑓𝑦,𝑚/𝑓𝑦 ratios are slightly less than 1.17, which is reported in Braconi et al. 

(2013) for nominally identical European structural steels. These values are somewhat consistent with 

the 𝑅𝑦 values for A992 Gr. 50 steel according to Table A3.1 in AISC 341-16 (AISC 2016a). For the 

steel reinforcement, the yield overstrength is within 5% of the specified nominal yield stress. More-

over, the measured ultimate-to-yield stress ratio of the rebars (𝑓𝑢,𝑚/𝑓𝑦,𝑚) exceeds the minimum ratio 

(1.08) specified in EN 1992-1-1 (CEN 2004c) for grade B500B rebars.  

Moreover, uniaxial cyclic tests were conducted on round coupons that were extracted from the steel 

beams and column to infer representative material properties under inelastic cyclic straining. The 

experimental procedures discussed in de Castro e Sousa et al. (2020) were employed for this purpose. 

Figure 5.5 illustrates the true stress - true strain cyclic behavior of round coupons extracted from the 

IPE360 beam flange for four representative uniaxial inelastic cyclic loading protocols. The test results 

confirmed that the cyclic hardening of the steel material within the dissipative zones of the steel 

beams was analogous with those reported in prior studies (de Castro e Sousa et al. 2020). 

The ultimate tensile stress of the M30 Grade 12.9 bolts was obtained by testing four structural bolts. 

The value of the ultimate tensile stress and bolt elongation at fracture are reported in Table 5.3. All 

structural bolts attained an ultimate tensile stress that exceeded the minimum specified nominal value 

(1220 MPa). 
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Table 5.2 Measured and specified material properties of the steel profiles, rebars and concrete 

Component Grade 

Measured material proper-

ties 

Specified nominal 

material proper-

ties 
𝑓𝑦,𝑚

𝑓𝑦

 
𝑓𝑢,𝑚

𝑓𝑢

 

𝐸𝑚 

[GPa] 

𝑓𝑦,𝑚 

[MPa] 

𝑓𝑢,𝑚 

[MPa] 

𝑓𝑦 

[MPa] 

𝑓𝑢 

[MPa] 

IPE360 

(Beam) 

Flange 
S355J2+M 

204 375 528 

355 510 

1.06 1.04 

Web 203 419 563 1.18 1.10 

HEM320 

(Column) 

Flange 
S355J2+M 

200 382 500 1.08 0.98 

Web 203 391 499 1.10 0.98 

Double Plate (15 mm) S355J2+N 203 393 527 1.11 1.03 

 10 Rebars B500B 193 520 600 500 540 1.04 1.11 

Concrete* C25/30              

*Material properties derived from cylinder compression tests: 

14 day compressive strength, 𝑓𝑐,14 = 39 MPa  

28 day compressive strength, 𝑓𝑐,28 = 41 MPa; Elastic modulus 𝐸𝑐,28 = 35 GPa 

Day of third loading stage, 𝑓𝑐,𝑚 = 49 MPa, Elastic modulus 𝐸𝑐,𝑚 = 39 GPa 

 

 

Table 5.3 Measured material properties for the M30 Grade 12.9 bolts 

Nb. #1 #2 #3 #4 𝜇  𝜎 

𝑑𝑏𝑜 [mm] 29.6 29.8 30.0 29.8 29.8 0.16 

𝐿𝑜 [mm] 119.9 120.8 120.8 120.0 120.4 0.49 

𝐿𝑓 [mm] 123.1 125.3 126.4 124.2 124.8 1.42 

휀𝑢,𝑏 [%] 2.7% 3.7% 4.6% 3.5% 3.6% 0.8% 

𝐹𝑢 [kN] 733 753 732 745 741 10 

𝑓𝑢,𝑏 [MPa] 1307 1342 1304 1329 1321 18 

𝑑𝑏𝑜  Full bolt diameter 

𝐿𝑜 Initial length of the bolt measured from the bottom of the head to the tip of the shank 

Lf Final length of the bolt measured from the bottom of the head to the tip of the shank 

휀𝑢,𝑏 Bolt elongation at fracture 

𝐹𝑢,𝑏  Bolt ultimate load 

𝑓𝑢,𝑏  Bolt ultimate tensile stress assuming the threaded area to be 𝐴𝑠 = 561 mm2 

𝜇 Mean   

𝜎 Standard deviation      

 

To deduce the measured material properties for concrete, standard compression tests were conducted 

using 16×32 cm cylinders at 14, 28 days and at the last day of testing. The cylinders were equipped 

with three extensometers to measure the stress-strain behavior according to ASTM C469 (ASTM 

2014). Figure 5.6 shows the measured stress-strain response at 28 days and at the last day of testing. 

The average compressive strengths at characteristic days after concrete casting are shown in Table 
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5.2 along with the elastic moduli derived according to ASTM C469 (ASTM 2014). Referring to 

Figure 5.6, the concrete compressive strain at the peak stress is, on average, equal to 0.2% at 28 days 

and 0.22% at the last day of testing. This value is consistent with the value in EN 1992-1-1 (CEN 

2004c) for C25/30 concrete (i.e., 0.21%). However, the measured compressive strength of concrete 

is around twice as high as the characteristic cylinder compressive strength of C25/30 (𝑓𝑐𝑘 = 25 MPa).  

 

  

(a)  (b) 

  

(c) (d) 

Figure 5.5 Cyclic true stress-strain behavior of the IPE360 beam flange coupons for four representa-

tive uniaxial strain-based loading protocols: (a) load protocol 5; (b) load protocol 6; (c) load proto-

col 9; (d) load protocol 10 
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(a) (b) 

Figure 5.6 Stress-strain behavior of the slab concrete, (a) at 28 days after casting; (b) at the last day 

of testing 

 

Standard monotonic and cyclic push-out tests were also conducted to deduce the shear-slip behavior 

of the beam-slab connections. The monotonic push-out test was conducted according to EN 1994-1-

1 (CEN 2004b). For the cyclic push-out test, the top of the slabs was restrained with a 20 mm thick 

steel plate that was anchored to the supporting beam with 𝜙24 Grade 10.9 threaded rods as shown in 

Figure 5.7a. The European Convention for Constructional Steelwork (EECS) loading protocol (EECS 

1986) was employed. Referring to Figure 5.7b, the monotonic push-out test showed that the charac-

teristic slip capacity defined according to EN 1994-1-1 (CEN 2004b) exceeds 6 mm; hence, the be-

havior of the headed studs is considered to be ductile. In the cyclic push-out test, the shear resistance 

of the beam-slab connection degraded quickly. Shear stud fracture due to ultra-low cycle fatigue was 

the ultimate failure mode. The specimen lost its shear carrying capacity at 6.6 mm. Nevertheless, it 

is important to note that the EECS protocol imposes large cumulative slip demands, which are not 

representative of the actual demands seen in beam-slab connections as part of actual composite steel 

MRFs. The behavior of the beam-slab connection from the cyclic push-out test is contrasted with that 

of the test frame later on. 
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(a) (b) 

Figure 5.7 Beam-slab connection push-out tests: (a) cyclic push-out test apparatus; (b) comparison 

of the monotonic and cyclic behavior 

 

5.2.5 Imposed loading histories 

The test frame was subjected to quasi-static cyclic loading that comprised three lateral loading pro-

tocols, which were subjected to the test frame one after the other as shown in Figure 5.8a. The first 

one was the AISC symmetric cyclic loading protocol (AISC 2016a) up to a lateral drift demand of 

4% rads. This protocol aims at assessing if connection prequalification requirements are met. More-

over, the test results would provide a basis of comparisons with prior subassembly tests on composite 

beam-to-column connections standard cruciform subassemblies.  

The second lateral loading history that was employed as part of the testing program, was the SAC 

near-fault protocol (Krawinkler et al. 2000). In this case, the cyclic performance of the test frame was 

evaluated under asymmetric lateral loading, which is characteristic of near-fault ground motions. This 

is particularly important for the considered test frame and overall testing program because the selected 

design location is prone to near-fault ground motions based on rigorous probabilistic seismic hazard 

analysis that was conducted for the design site El Jisr et al. (2021b).  

Finally, during the third loading stage, the collapse behavior of the test frame was assessed by em-

ploying a collapse-consistent protocol that mimics the ratcheting behavior of MRFs prior to incipient 

collapse (Lignos et al. 2011, 2013; Suzuki and Lignos 2021). The test frame was pushed up to a lateral 

drift demand of 15% rads at which two of the test frame’s connections lost their lateral load carrying 

capacity. The three selected loading histories are suitable for providing quantitative data for the vali-

dation of numerical models from the onset of structural damage through collapse. 

 24 rods

Steel plate

Qmax = 640 kN
90%Qmax 

Ds = 6.8 mm
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5.3 Experimental results and discussion 

This section presents the results of the experimental program. The experimental data are publicly 

available in the Zenodo public repository (doi: https://www.doi.org/10.5281/zenodo.5884983) and at 

resslab-hub.epfl.ch. First, the global hysteretic behavior of the test frame is described in a quantitative 

manner. The main events that occurred during the loading history are highlighted in Figure 5.8a. The 

hysteretic response of the composite steel beams is then discussed in detail along with the primary 

damage mechanisms that influence the flexural resistance from the onset of damage till incipient 

collapse. Emphasis is put on the effects of slab confinement and transverse beams on the flexural 

demands of the composite steel beams. Furthermore, the influence of the slab restraint and framing 

action on the behavior of the composite steel beams is described and quantified. Finally, the crack 

patterns in the slab are depicted along with the load transfer mechanisms between the slab and the 

test frame columns. Supplementary results of the experimental program are presented in Appendix 

E. 

 

5.3.1 Global response 

Figure 5.8a highlights the main sequence of events that occurred throughout the entire loading history 

leading to incipient collapse. Figure 5.8b shows the base shear of the test frame versus the SDR up to 

15% rads. The discussion is also facilitated by Figure 5.9, which shows the deduced moment versus 

chord rotation response at both ends of the composite steel beams. In this figure, all moments were 

calculated at the face of the end plates. 

Referring to Figure 5.8b, the elastic stiffness of the test frame was 45475 kN/rad. This value was 

found to be more than 45% higher than that of the corresponding bare frame (i.e., prior to casting of 

the slab). The lateral stiffness of the bare frame was obtained by preliminary elastic tests that were 

conducted prior to concrete casting. The observed difference corroborates with findings from prior 

experimental work (El Jisr et al. 2019). 

During the 1% drift amplitude of the AISC symmetric loading protocol, flaking of the whitewash was 

observed in the bottom flange of the beams at the face of the stiffeners, thereby indicating flexural 

yielding at the same location. The flaking occurred under hogging bending and propagated to the 

beam web from the bottom flange. Upon further loading, only light flexural cracks were observed in 

the slab under hogging bending. These were only evident at the exterior beam-to-column connections. 

Moreover, no crushing of concrete occurred. Slab confinement due to the presence of transverse 

https://www.doi.org/10.5281/zenodo.5884983
resslab-hub.epfl.ch
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reinforcement in the vicinity of the column prevented the concrete from crushing as intended (Braconi 

et al. 2007; Plumier and Doneux 2001). Interestingly, it is hypothesized that the transverse beams 

framing the joints and the primary girders, also contributed to the flexural resistance of the joints up 

to a lateral drift ratio of about 2% to 3% rads. While this phenomenon is elaborated in section 

5.3.5, quantification of the extent of the contribution to the flexural resistance requires further exper-

imental investigation. 

The bottom row of structural bolts of the end plate connections was deemed critical to fracture be-

cause of the above contributions to the flexural resistance of the beam-to-column connections along 

with the considerable overstrength in the concrete compressive strength (see Table 5.2) relative to the 

nominal value of 25 MPa. Accordingly, for safety reasons, it was decided to install a customized 

assembly to ensure that the bolts would have been caught in case of bolt fracture following the 2% 

loading cycles of the AISC symmetric cyclic loading protocol. These are shown in Figure 5.10a and 

b at 2% and 4% rads, respectively.  

Referring to Figure 5.8b and Figure 5.9, the base shear and moment demands at the composite steel 

beams were capped at the 3% lateral drift amplitude of the symmetric cyclic loading protocol. Partic-

ularly, the shear demands on the headed shear studs were capped. The peak base shear, 𝑉𝑚𝑎𝑥 = 643 

kN, was attained at the same drift amplitude (see Figure 5.8b). Moreover, local buckling occurred at 

the bottom flange of the composite steel beams that initiated during the 3% loading cycle and became 

evident at a lateral drift ratio of 4% rads (see Figure 5.10b). Light spalling of concrete at the column 

face also occurred during the same drift amplitude. Base shear strength deterioration occurred in a 

symmetric manner (see Figure 5.8b). The composite steel beams experienced asymmetric flexural 

strength deterioration due to concrete spalling under sagging bending and local buckling of the bottom 

flanges of the steel cross section under hogging bending, as depicted in Figure 5.9. After the comple-

tion of the symmetric cyclic loading protocol, the customized assemblies that were placed around the 

bolts were removed because of the localization of the inelastic deformations within the dissipative 

zone of the composite steel beams.  

Referring to the SAC near-fault loading protocol, the hysteretic behavior of the test frame was stable 

even when the lateral drift amplitude was widened to 6% rads (see Figure 5.8b). The subsequent 

lateral drift reversals demonstrated that local buckles in the bottom flanges/web of composite steel 

beams fully straightened (see Figure 5.10c and d). Moreover, during this loading protocol, the rate of 

cyclic deterioration in flexural strength at the beam ends was fairly slow as shown in Figure 5.9. The 

above were mainly attributed to the axial restraint provided by the slab and framing action as 
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discussed later on. At the end of the SAC near-fault loading protocol, the test frame was able to 

maintain at least 80% of its peak base shear resistance. Figures 5.8b and 5.9 suggest that cyclic dete-

rioration in story shear and flexural strength was less evident under loading sequences representing 

the anticipated seismic demands from near-fault ground motions. The above observations corroborate 

well with prior related experimental findings that examined the influence of the loading protocol on 

the hysteretic behavior of structural steel members, beam-to-column connections and steel MRFs 

(Elkady and Lignos 2018b; Krawinkler 2009; Lignos et al. 2011; Suzuki and Lignos 2021; Uang et 

al. 2000). 
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(a) 

 

(b) 

Figure 5.8 Employed loading protocol and base shear versus story drift ratio of the test frame 
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(a)  (b)  

  

(c)  (d)  

Figure 5.9 Hysteretic behavior of the composite steel beams throughout the loading history; (a) 

West exterior joint; (b) West interior joint; (c) East interior joint; (d) East exterior joint 
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(a)  (b) 

  

(c) (d) 

  

(e) (f) 

Figure 5.10 Main test events at the interior joint at selected lateral drift demands: (a) bottom flange 

and web yielding (+2.0% rads, AISC symmetric loading protocol); (b) bottom flange local buckling 

(+4.0% rads, AISC symmetric loading protocol); (c) bottom flange local buckling (+6.0% rads, 

near-fault protocol); (d) partial straightening of local buckles at load reversal (-2% rads, SAC near-

fault protocol); (e) crack propagation in the East interior beam (+15% rads, collapse-consistent pro-

tocol); (f) crack closure in the East interior beam (-3% rads, collapse-consistent protocol) 

 

In the subsequent loading stages, the collapse-consistent loading history began with a wider lateral 

drift excursion to 8% rads where a crack initiated at the tip of the end plate stiffener in the East beam 

near the interior beam-to-column connection (called East interior beam hereinafter) (see Figure 

5.11a). This crack was attributed to a sharp geometric notch (see Figure 5.11b) that formed on the 

side of the root of the weld of end plate stiffener. While there was some partial loss of shear strength 

(see Figure 5.8b) the crack was deemed to be fairly stable and in the subsequent load reversal it fully 

closed. The test frame was able to maintain at least 60% of its peak shear resistance at this lateral drift 
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amplitude. To explicitly characterize the response of the test frame at large deformations with em-

phasis on redistributions occuring due to the primary two deteriorating modes (i.e., nonlinear geo-

metric and material instabilities), the test frame was subjected to progressively increasing lateral drift 

amplitudes of 10, 12 and 15% rads as shown in Figure 5.8a. The in-between lateral loading reversals 

aimed at characterizing the unloading stiffness of the test frame and its ability to redistribute loads 

while experiencing cyclic deterioration in its story shear strength and stiffness. At a lateral drift of 

10% rads, the crack in the East interior beam slightly progressed (see Figure 5.11c) to the beam web 

but overall was stable. Referring to Figure 5.9a, the West beam end near the exterior beam-to-column 

connection (called West exterior beam hereinafter) experienced ductile tearing due to ultra low cycle 

fatigue at the bottom beam flange (see Figure 5.11d).  

The primary loss of the lateral load carrying capacity of the test frame at this point forward was mostly 

attributed to the further development of the two aforementioned cracks since local buckling stabili-

zation had occurred in prior loading cycles. The composite steel beam ends that were under hogging 

bending near the West interior and East exterior beam-to-column connections, attained a residual path 

due to local buckling length stabilization (see Figure 5.9b and d, respectively). An axial load that 

mainly passed through the slab held the cracks to remain stable. This is why the hysteretic response 

of the test frame did not attain a negative lateral stiffness while widening the lateral drift demand, as 

shown in Figure 5.8b. In the subsequent lateral drift reversal, the test frame experienced unloading 

stiffness deterioration. However, the framing action caused crack closure and partial straightening of 

the local buckles. This resulted in a considerable regain of lateral story shear resistance in the test 

frame (see Figure 5.8b). When the test frame was subjected to a lateral drift ratio of 12% rads, both 

cracks propagated to the beam web and the flexural strength of the West exterior (see Figures 5.9a 

and 5.11f) and East interior (see Figures 5.9c and 5.11e) beam ends attained about 15% of the peak 

sagging flexural resistance. However, the test frame was able to maintain about 30% of the peak story 

shear resistance (See Figure 5.8b). Upon further loading at 15% rads, the cracks in the West exterior 

and East interior beam ends reached to about ½ and ¾ of the respective beam depths (see Figure 

5.11g and h), respectively. On the other hand, the test frame was able to practically maintain about 

30% of its peak story shear resistance. At this stage, the test ended due to safety considerations. Par-

ticularly, due to the crack developments in the West exterior and East interior beam ends, these would 

reach the point where they would lose their ability to carry the gravity load from the floor system. 

Figure 5.12 depicts the deformed shape of the test frame at characteristic lateral drift demands during 

the collapse-consistent loading protocol. 
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

  

(g) (h) 

Figure 5.11 Crack initiation and propagation in the East and West beams at interior and exterior 

beam-to-column connection: (a) crack development at East interior beam end at 8% rads; (b) notch 

at the tip of the bottom rib stiffener of the East interior beam end; (c) crack propagation at East inte-

rior beam end at 10% rads; (d) crack initiation due to ultra-low cycle fatigue at West exterior beam 

at 10% rads; (e) crack propagation at East interior beam end at 12% rads; (f) crack propagation at 

West exterior beam end at 12% rads; (g) crack propagation at East interior beam end at 15% rads; 

(h) crack propagation at West exterior beam end at 15% rads 
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(a) 

  

(b) 

  

(c) 

Figure 5.12 Deformed shape of the test frame during the collapse-consistent protocol: (a) 8% rads; 

(b) 12% rads; and (c) 15% rads 
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While the effects of gravity on the overall stability of the test frame were not explicitly considered, 

cyclic deterioration in flexural strength of the composite steel beam ends ramped the transient com-

ponent of the axial load demand at both exterior columns as shown in Figure 5.13. On the other hand, 

the axial load in the interior column remained fairly constant throughout the loading history, as ex-

pected. The procedure to deduce the axial load in the columns is summarized in Appendix D. 

 

  

 (a)     (b)  

Figure 5.13 Column axial force versus story drift ratio throughout the loading history; (a) West col-

umn; and (b) East column 

 

5.3.2 Hysteretic response of composite steel beams 

Referring to Figure 5.9, during the AISC symmetric cyclic loading protocol, flexural yielding initiated 

at the bottom flange of the composite steel beams under hogging bending and propagated to the web 

as shown in Figure 5.10a. Table 5.4 summarizes the SDRs and chord rotations, 𝜃𝑏, at the peak flexural 

strength and at 80% of the peak flexural strength of the composite steel beam ends. Their flexural 

strength capped at 𝜃𝑏 = 2 to 2.5% rads under sagging bending and 𝜃𝑏 = 1.5 to 2% rads under hogging 

bending. Figure 5.9 and Table 5.4 suggest that each composite beam end was able to sustain at least 

0.8𝑀𝑝𝑙
±  (𝑀𝑝𝑙

±  is the flexural resistance of the composite steel beam calculated using nominal material 

properties, under sagging and hogging bending, respectively (see Table 5.4)) at a story drift ratio of 

4% rads. Accordingly, all four beam-to-column connections conformed to the performance require-

ments for pre-qualified connections as per AISC 341-16 (AISC 2016a) in the US and Europe (Lan-

dolfo et al. 2018). Moreover, the composite steel beam-to-column connections conform to the ac-

ceptance criteria for composite steel MRFs designed according to a seismic design category DC3 
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according to the new Eurocode 8 Part 1-2 (CEN 2019), i.e., the joint plastic rotation at 0.8𝑀𝑝𝑙
±  exceeds 

3.5% rads. 

 

Table 5.4 Performance summary of the composite steel beams 

      Sagging Bending   Hogging Bending 

    
Mpl

+ 

[kNm] 

Mb 

[kNm] 

SDR 

 [% rad] 

b  

[% rad] 
Mpl

- 

[kNm] 

Mb 

[kNm] 

SDR  

[% rad] 

b  

[% rad] 

West  

Exterior 

Peak  

599(1) / 

559(2) 

855 3.5 2.5 

497(1) / 

494(2) 

-552 -1.9 -1.8 

80% Peak 684 8.1 7.0 -441 -3.9 -4.1 

West  

Interior 

Peak  824 -3.0 2.5 -516 2.5 -1.6 

80% Peak NA NA NA -413 5.1 -5.6 

East  

Interior 

Peak  883 2.9 1.9 -559 -2.0 -1.4 

80% Peak 707 6.0 5.3 447 -3.8 -3.4 

East  

Exterior 

Peak  823 -3.0 2.3 -513 2.0 -1.7 

80% Peak NA NA NA -410 4.3 -4.4 

NA: Not applicable      
   

(1) Plastic flexural resistance at the face of the end plate for seismic loading (CEN 2004a; b) 

(2) Plastic flexural resistance at the face of the end plate for seismic loading (AISC 2016a; b) 

 

Under hogging bending, the primary instability mode that caused flexural strength deterioration in 

the composite steel beams was local buckling in their bottom flanges. This occurred at modest lateral 

drift demands (i.e., 2.5% rads). On the other hand, under sagging bending, the flexural strength of the 

composite steel beams reached their peak at about 3% rads once the shear connectors in the beam-

slab connections capped after which concrete crushing occured. This issue will be further elaborated 

later on. The neutral axis within the composite steel cross section under sagging bending moved only 

slightly towards the centroid of the bare cross section, thereby resulting in minimal local buckling in 

the top flange of the steel beams (see Figure 5.10c to f). 

To put the hysteretic behavior of the composite steel beams into perspective, it is compared with that 

of a bare IPE360 beam that was tested by D’Aniello et al. (2018) as part of the EQUALJOINTS 

project. The beam was part of a T-shaped subassembly and was subjected to the AISC symmetric 

loading protocol up to 7% rads. Once local buckling occurred at 5% rads, the beam experienced 

flexural strength degradation due to the progression of local buckling followed by ultra-low cycle 

fatigue fracture in the plastic hinge region. The flexural strength of the bare IPE360 beam attained at 

7% rads was 20% of the peak flexural strength. The absence of the axial restraint due to the framing 

action resulted in a rapid progression of local buckling as opposed to what was observed in the com-

posite steel beams of the test frame. 
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From a collapse assessment standpoint, Figure 5.9 suggests that cyclic deterioration in flexural 

strength (often called in-cycle deterioration) of composite beams was minor during asymmetric lateral 

loading (i.e., SAC near-fault and collapse-consistent loading protocols). The composite steel beam 

ends that were mostly under hogging bending at progressively increasing lateral drift demands (see 

Figure 5.9b and d) attained a flexural strength stabilization path from about 6% to 15% rads. This is 

attributed to the fact that within the dissipative zone of each beam the respective local buckling wave 

stabilized. This corroborates with seminal work by Krawinkler et al. (1983). Similarly, flexural 

strength deterioration at the ends of the West exterior (see Figure 5.9a) and East interior (see Figure 

5.9c) composite steel beams was mostly attributed to the development of the two types of cracks that 

were discussed earlier. Because of the framing action and the slab continuity, the steel beam cracks 

were deemed to be stable. An interesting observation is that at lateral drift reversals from 12% and 

15% rads, both beam ends experienced pinching (see Figure 5.9a and c) in an analogous manner with 

RC members when experiencing crack development under cyclic loading.  

Moment redistribution in the composite steel beams caused a shift in the location of the inflection 

points within the individual beam spans. Figure 5.14 depicts the location of the inflection points 

within the composite steel beams at representative lateral drift amplitudes. The locations were derived 

by interpolating the point of zero moment from the moment profile along the beams (i.e., moments 

at the face of the end plates and at the two instrumented cross sections). Note that during the collapse-

consistent protocol, an axial force developed in the composite steel beam; hence the moment gradient 

became non-linear due to second-order effects. The figure suggests that the location of the inflection 

points varied within 0.15𝐿𝑏 and 0.25𝐿𝑏 from the mid-span of the composite steel beams during the 

AISC and SAC near-fault lateral loading protocols. Flexural strength deterioration attributable to bot-

tom flange local buckling in composite steel beam ends under hogging bending shifted the location 

of the inflection point towards these ends. Similarly, during the collapse-consistent loading protocol, 

the formation of the two cracks near the West and East composite steel beam ends of the exterior and 

interior joints, respectively, shifted the inflection points of each beam near the same ends. Upon the 

load reversal, the moment gradient was altered due to crack closure in the beams under sagging bend-

ing and the straightening of local buckles in the beams under hogging bending.  
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Figure 5.14 Inflection point locations in the composite steel beams throughout the loading history at 

representative lateral drift amplitudes 

 

5.3.3 Crack patterns and slab load-transfer mechanisms 

The crack pattern in the slab in the vicinity of the columns is derived from maximum principal tensile 

strain fields measured using DIC as shown in Figure 5.15. The same system enables the measurement 

of the crack widths throughout loading. Figure 5.16 shows the crack pattern evolution at selected 

peak lateral drift ratios of the AISC symmetric loading protocol, along with the marked crack widths 

(dimensions in millimeters). For the purpose of tracking the crack evolution and comparing the slab 

behavior at the interior and exterior beam-to-column connections of the test frame, the crack patterns 

are shown for the same loading direction. The above information is deemed useful for composite steel 

MRFs from a repairability standpoint in the aftermath of earthquakes. 

At a lateral drift ratio of -0.5% rads, light cracking occurred (crack widths < 0.3 mm) in the slab near 

the columns as illustrated in Figure 5.16a. In the East exterior and West interior composite steel beams 

subjected to sagging bending, two types of cracks were observed: longitudinal cracks (< 0.1 mm) that 

initiated at the column face and diagonal cracks that extended to the back of the column flanges. The 

former occurred along the direct compression strut due to the bearing of the slab on the column face 

(i.e., mechanism 1 in EN 1998-1 (CEN 2004a)). The latter occurred along the inclined compression 

struts that formed on the sides of the column (i.e., mechanism 2 in EN 1998-1 (CEN 2004a)). The 

crack pattern revealed that at this drift level, both mechanisms were activated at the interior joint. 

Conversely, at the exterior joint only mechanism 1 was activated. In the West exterior and East inte-

rior composite steel beams under hogging bending, horizontal flexural cracks appeared. The flexural 
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cracks developed at the face of the columns and were spaced at around 200 to 300 mm. Notice that 

in the West exterior composite steel beams, flexural cracking was more prominent than in the East 

interior composite steel beam. Furthermore, the maximum crack width at the exterior joints was 

around 0.25 mm compared to 0.15 mm at the interior joint. This is attributed to the higher level of 

confinement in the slab in the interior joint due to the slab continuity and the presence of the trans-

verse beams equipped with two rows of shear studs, as discussed later on. 

 

   

(a) (b)  

Figure 5.15 Maximum principal strains at the surface of the slab at -1% rads: (a) West exterior and; 

(b) West interior joints 

 

Referring to Figure 5.16b, the inclined struts were at an angle of around 40o at the exterior joint, and 

50o to 65o at the interior joint. Current Eurocode seismic provisions (CEN 2004a) assume a strut angle 

of 45o for the computation of the force transferred to the slab through mechanism 2. Plumier and 

Doneux (2001) have shown that the choice of the strut angle can significantly alter the required area 

of seismic rebars. For instance, the area of seismic rebars required to develop mechanism 2 for struts 

inclined 60o is 50% higher than currently required in EN 1998-1. At a lateral drift ratio of -1% rads, 

light cracking was still dominant (crack widths < 0.3 mm), with a higher degree of flexural cracking 

observed near the exterior joint than near the interior joint. The flexural cracks extended across the 

slab width. Furthermore, at this drift amplitude, mechanism 2 was activated in the East exterior com-

posite steel beam. 

At a lateral drift ratio of -2% rads, the cracks developed as shown in Figure 5.16c. Under sagging 

bending, the cracks in the slab along the inclined struts extended and grew up to 0.6 mm near the East 

interior composite steel beam. Under hogging bending, the horizontal flexural cracks extended and 
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expanded up to 0.9 mm near the West exterior column and 0.4 mm near the East interior column. The 

difference between the crack widths at the exterior and interior joints is attributed to the higher degree 

of slab confinement in the latter.  

Figure 5.16d depicts concrete crushing and spalling, which only occurred at the face of the columns 

at -4% rads. This was also noticeable by visual inspection as shown in Figure 5.17a at the end of the 

AISC symmetric loading protocol. Therefore, during the subsequent loading, minimal development 

of the crack widths occurred along with a continuation of spalling at the column face. In fact, crack 

closure occurred in the inclined struts. Furthermore, wide flexural cracks up to 1.4 mm were observed 

at the exterior joint under hogging bending.  
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(a)  

 
(b)  

 
(c)  

 
(d) 

Figure 5.16 Crack pattern/crack width (mm) evolution in the slab around each column at selected 

peak lateral drift demands of the AISC symmetric loading protocol; (a) -0.5% rads; (b) -1% rads; 

(c) -2% rads; (d) -4% rads  
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(a) (b) (c) 

 
(d) 

Figure 5.17 Slab state during loading: (a) interior joint at the end of the AISC symmetric loading 

protocol; (b) interior joint at 6% rads during the SAC near-fault protocol; (c) interior joint at 15% 

rads during the collapse-consistent protocol; (d) longitudinal crack, marked in red, along the line of 

the shear studs at the West beam 

 

At the peak lateral drift demands of the SAC near-fault and collapse-consistent loading protocols, 

uplift of the concrete around the columns was observed. This is also evident in Figure 5.17b and c, 

respectively. Moreover, inspection of the slab at the end of the test revealed the presence of a longi-

tudinal crack along the line of the studs as shown in Figure 5.17d after marking the cracks on the 

concrete slab. 

 

5.3.4 Characterization and quantification of slab restraint and framing action 

The experimental data offer the opportunity to explicitly quantify the effects of the framing action 

and slab continuity on the hysteretic response of the test frame from the onset of damage through 

collapse.  

Referring to Figure 5.18a, axial shortening in the steel beam, 𝛿𝑏, was calculated by assuming that it 

mostly occurs within the dissipative zones of the beam; hence, 𝛿𝑏 = 0.5·(𝛿𝑒,𝑡 + 𝛿𝑒,𝑏 + 𝛿𝑖,𝑡 + 𝛿𝑖,𝑏). 

Figure 5.18b and c show the deduced amount of axial shortening in the West and East steel beams. 

Under the AISC and SAC near-fault loading histories, axial shortening in the East and West steel 

beams was less than 4 mm despite the large cumulative inelastic rotational demands at the composite 
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steel beams’ ends. To put these results into perspective, prior subassembly tests with shallow com-

posite steel beams (𝑑𝑏 = 300 mm) have shown that axial shortening may exceed 15 mm at 5% rads 

(MacRae et al. 2013).  

During the collapse-consistent protocol, axial shortening increased to around 5 mm in the West beam 

and decreased in both beams after the crack formation near the exterior and interior beam-to-column 

connections (see Figure 5.11). At a lateral drift ratio of 15% rads, the West beam elongated by around 

2 mm (see Figure 5.18a). This elongation is attributed to the crack opening near the West exterior 

beam-to-column connection (see Figure 5.11e to h). Nevertheless, the slab restrained this elongation.  

 

 

(a) 

  

(b) (c) 

Figure 5.18 Beam axial shortening versus story drift ratio, (a) derivation from the string pot meas-

urements; (b) West beam axial shortening; (c) East beam axial shortening 

 

Past experimental studies have shown that the slab contributes to the lateral stability of steel beams 

(Nakashima et al. 2007; Ricles et al. 2004). However, the onset of local buckling results in the out-

of-plane displacement of the bottom flange, which usually induces torsional demands on the columns 

(Chi and Uang 2002; Ricles et al. 2004). Nevertheless, the axial restraint, which hindered the local 

buckling progression, reduced the out-of-plane displacement of the bottom flange of the composite 
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steel beams. Figure 5.19 depicts the out-of-plane displacements of the West and East beams near the 

interior joint right outside their respective dissipative zones. Referring to Figure 5.19a, the West in-

terior composite beam bottom flange experienced only minor out-of-plane deformations up to a lat-

eral drift demand of 4% rads. During asymmetric loading, the bottom flange of the same beam reached 

a maximum out-of-plane displacement of 12 mm at 15% rads. Prior to the collapse-consistent proto-

col, the bottom flange of the East beam near the interior beam-to-column connection experienced 

similar out-of-plane displacement at the instrumented location (see Figure 5.19b). However, the LED 

bulbs on the East beam were placed slightly closer to the plastic hinge region than those on the West 

beam. Furthermore, the crack initiation at the tip of the stiffener (see Figure 5.11a) led to an increase 

in the out-of-plane displacement to about 25 mm at a lateral drift demand of 15% rads. Figure 5.19 

suggests that the top flange of both composite steel beams experienced minimal out-of-plane dis-

placement (about 2 mm) throughout the loading history. 

 

  
    (a)     (b) 

Figure 5.19 Beam out-of-plane displacements in the vicinity of the (a) West beam; and (b) East 

beam interior joints 

 

The longitudinal strain profiles were examined at characteristic cross sections located at a distance of 

1205 mm away from the three column faces in order to quantify the slab restraint and framing action. 

Figure 5.20 depicts the longitudinal strain demands throughout loading for the west beam at repre-

sentative lateral drift demands throughout the loading history. The location of the neutral axis (i.e., 

zero strain) was derived by linear interpolation of the longitudinal strain demands along the height of 

the cross section as shown in Figure 5.20 for the West beam at the exterior beam-to-column connec-

tion.  
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(a)  (b) (c) 

Figure 5.20 Longitudinal strain profile at 1205 mm from the column face of the West beam at the 

exterior joint: (a) AISC symmetric loading protocol; (b) SAC near-fault protocol; (c) collapse-con-

sistent protocol 

 

Figure 5.21 depicts the locations of the neutral axis for the West beam at the interior and exterior 

beam-to-column connections. Prior to concrete crushing, due to bearing of the slab to the column face 

(i.e., 3% rads), the cross-sectional neutral axis of the composite steel beam under sagging bending 

remained near the top flange of the steel beam (see Figure 5.21a). From the same figure, under hog-

ging bending and at modest lateral drift demands (i.e., 1% rads), the neutral axis of the West beam at 

its both ends remained at about 45 mm above the centroid of the bare steel beam due to the presence 

of the longitudinal reinforcement of the concrete slab. This increased the compressive stress demand 

at the bottom flange of the steel beams, thereby accelerating the onset of local buckling at the same 

locations under hogging bending. At lateral drift demands larger than 2% and up to 4% rads, the 

position of the neutral axis in the composite steel beam under sagging and hogging bending shifted 

progressively towards the bottom flange due to concrete crushing and decreased in the longitudinal 

strain demands on the rebars, respectively. A close look at the longitudinal strain distribution on the 

top rebars (see Figure 5.22), 1205 mm from the West exterior column face, reveals that the strain 

demands generally decreased at lateral drift demands higher than 1% rads. This was due to the onset 

of light flexural cracking and debonding between the longitudinal rebars and the surrounding con-

crete, which corroborates with earlier findings by Nakashima et al. (2007). The above became more 

evident during the SAC near-fault loading protocol (see Figures 5.20b, 5.21b and c).  

During the collapse-consistent protocol, the neutral axis of the cross section of the West beam at the 

exterior joint (see Figures 5.20c and 5.21b) shifted upwards under sagging bending due to the pres-

ence of a tensile force acting through the steel cross section to restrain the axial shortening in the 

beam. At a lateral drift demand of 10% rads, the same cross section was subjected to longitudinal 

tensile strain demands (see Figure 5.20c) as the tensile force through the steel cross section increased. 
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During the loading reversal to 4% rads, the neutral axis position shifted near the steel beam centerline 

as the tensile force decreased because of crack closure and straightening of local buckles. At 15% 

rads, the bending moment changed signs (hogging rather than sagging) due to the presence of a tensile 

axial force acting on the composite steel beam (see Figure 5.20c). Member P-delta effects induced a 

hogging moment in the composite steel beam as illustrated in Figure 5.20c. Due to the crack devel-

opment in the steel beam, the sagging moment was fairly small. The compressive load that was pass-

ing through the slab progressively decreased after the crack initiation in the West beam, thereby sta-

bilizing the crack in the subsequent loading cycles. Upon further loading and till 15% rads, the neutral 

axis location of the West beam’s cross section at the exterior joint remained at 140 mm away from 

the bottom flange of the steel beam due to the presence of the tensile load.  

Referring to Figure 5.21c, at the West interior cross section, the neutral axis shifted by about 90 mm 

below the centroid of the bare steel beam during the peak excursions of the SAC near-fault and col-

lapse-consistent protocols. At the subsequent load reversals, the same cross section was subjected to 

sagging bending, which shifted the neutral axis above the centerline. However, in this case, the posi-

tion of the neutral axis remained lower than that of the West exterior beam cross section. This is 

because the tensile force due to the axial restraint decreased once the local buckles at the bottom 

flange of the steel beam were straightened under the subsequent load reversals. 

 

   
(a)  (b)  (c) 

Figure 5.21 Neutral axis positions of West beam at exterior and interior joints: (a) AISC symmetric 

loading protocol; (b) West beam at exterior joint; (c) West beam at interior joint 
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Figure 5.22 Longitudinal strain distribution on the top slab rebars, 1205 mm from the face of the 

west exterior column at selected lateral drift demands during the AISC symmetric cyclic loading 

protocol 

 

The effects of the slab restraint and framing action were quantified by calculating the axial force in 

the composite steel beam. The net axial force acting on the composite composite cross section was 

derived by computing the difference in the column shear forces below (𝑉𝑐,𝑏) and above (𝑉𝑐,𝑡) the floor 

level as shown in Figure 5.23a (i.e., 𝑁𝑐𝑏 = 𝑉𝑐,𝑏 − 𝑉𝑐,𝑡). Figure 5.23b illustrates the maximum axial 

force in the West beam at selected peak drift ratios of the imposed loading history. Under the AISC 

symmetric protocol, the axial force was compressive and became highest (115 kN) at -3% rads. This 

force was transferred to the composite steel beam due to the in-plane flexibility of the slab and the 

beam-slab connection; the slab did not act as a perfectly rigid diaphragm; therefore, the columns 

transferred compressive axial load demands to the composite steel beams. However, the maximum 

compressive axial force was around 4%𝑁𝑝𝑙,𝑅𝑚 (𝑁𝑝𝑙,𝑅𝑚 is the plastic resistance of the bare steel beam 

cross section that is calculated using the measured yield stress, 𝑓𝑦,𝑚 for the respective flange and web 

of the cross section that is summarized in Table 5.2).  

During the SAC near-fault and collapse-consistent loading protocols, the compressive force was 

counteracted by the tensile force that developed due to the restraint against beam axial shortening. 

The developed tensile force may be calculated as the difference between the maximum compressive 

force and tensile as shown in Figure 5.23b. At a lateral drift demand of 10% rads, the maximum 

tensile force in the composite steel beam was around 220 kN (i.e., 8%𝑁𝑝𝑙,𝑅𝑚). The tensile force 

dropped by about 25% following ductile tearing near the West exterior joint as the axial stiffness of 

the beam was reduced. However, the tensile force recovered afterwards as the crack stabilized. Fur-

thermore, the tensile force in the composite steel beams decreased upon load reversal as the local 

buckles in the bottom flange of the beam were straightened. 
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The axial force passing through the slab, 𝑁𝑠, was derived at the instrumented locations in the West 

beam through section equilibrium (see Figure 5.23a). Referring to Figure 5.23c and d, the peak com-

pressive force in the slab at the exterior and interior joints was capped during the 3% rads lateral drift 

amplitude of the AISC symmetric loading protocol, as the shear resistance of the beam-slab connec-

tion was attained. For reference, the shear resistance of the beam-slab connection is superimposed in 

Figure 5.23c and d. It was calculated as 𝑛𝑠𝑃𝑅𝑘, in which: 𝑛𝑠 = 16 is the number of shear studs between 

the location of the measured axial force and the point of zero moment at 3% rads; and 𝑃𝑅𝑘 = 72 kN 

is the characteristic shear resistance of one shear stud, and corresponds to 90% the peak shear capacity 

obtained through the monotonic pushout test as per Eurocode 1994-1-1 (CEN 2004b).  

Upon further loading, the compressive force in the slab slightly decreased. However, 𝑁𝑠 increased 

again during the collapse-consistent protocol as shown in Figure 5.23c. The slab restrained the beam 

from axial shortening, which induced a compressive force in the slab. At the West exterior cross 

section, the compressive force reached around 1000 kN, which indicates that the shear studs in the 

beam-slab connection were mobilized. Following ductile tearing in the West beam at the exterior 

joint, the compressive force in the slab dropped by around 50%. The slab helped stabilize the crack 

by restraining the beam against axial elongation as the crack propagated through the beam web (see 

Figure 5.11), thereby resulting in a drop in the slab compressive axial force. It is noteworthy stating 

that a compressive force was maintained in the slab during the load reversal when the West exterior 

cross section was under hogging bending. In fact, after the AISC symmetric loading protocol, the 

axial force in the slab was compressive at the West interior cross section despite the latter being under 

hogging bending (see Figure 5.23d). The above findings substantiate quantitatively the axial restraint 

provided by the slab. To the best of our knowledge, this is considered to be a unique feature of the 

testing program. 
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(a) (b) 

  
(c) (d) 

Figure 5.23 Axial force in the West composite steel beam (𝑁𝑐𝑏) and slab (𝑁𝑠), 1205 mm from the 

face of the exterior and interior columns (i.e., at the instrumented cross sections) at selected peak 

lateral drift demands: (a) derivation; (b) maximum axial force in the composite steel beam; (c) max-

imum axial force in the slab at the exterior cross section; (d) maximum axial force in the slab at the 

interior cross section 

 

5.3.5 Effect of transverse steel beams 

The test results revealed one additional source of overstrength, which relates to the presence of the 

transverse beams framing into the beam-to-column connections. Current Eurocode seismic provisions 

account for the influence of the transverse beams on the flexural resistance of the composite steel 

beams under sagging bending; however, the transverse beams in that case are assumed to be fully 

restrained and therefore capable of transmitting the horizontal forces acting on the shear studs. Often, 

the horizontal forces transmitted are limited by the low torsional stiffness of the transverse beams 

(Plumier and Doneux 2002). On the other hand, in this experimental program, the transverse beams 

were not fully restrained. This allows for the assessment of the influence of the transverse beams on 

the confinement on the concrete in the vicinity of the joints. Figure 5.24 depicts the transverse com-

pressive strains up to a lateral drift demand of 3% rads during the AISC lateral loading protocol with 

the DIC system. The presence of compressive transverse strains (i.e., transverse to the primary 
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IPE360 girder) is indicative of confinement in the slab. From this figure, the compressive transverse 

strain demands were negligible at -1% rads (see Figure 5.24a and d) under sagging bending near the 

West interior and East exterior joints, respectively. However, the compressive strains in the transverse 

direction became more prominent at a lateral drift demand of -2% rads particularly at the interior joint 

(see Figure 5.24b). At -3% rads, the maximum transverse strains were around 0.0025 at the West 

interior joint (Figure 5.24c) and 0.001 at the East exterior joint (see Figure 5.24f). The higher com-

pressive transverse strain demands that were observed at the interior joint are attributed to the higher 

degree of confinement due to the slab continuity. The transverse beams at the interior joint were 

equipped with two rows of shear connectors, whereas those at the exterior joints had only one row of 

shear studs. 

The presence of compressive transverse strains in the slab, due to the transverse beams of the floor 

system, demonstrates that this additional source of overstrength may have implications on capacity 

design of composite steel MRFs. Particularly, this effect should be properly quantified and factored 

as part of the strong column/weak beam ratio in current standards (AISC 2016a; CEN 2004a).  

 

   

 

(a) (b)  (c) 

   

(d) (e)  (f)  

Figure 5.24 Transverse strains at the surface of the slab at selected peak lateral drift demands up to -

3% rads under sagging bending; Top: West interior joint at (a) -1% rads; (b) -2% rads; (c) -3% rads; 

Bottom: East exterior joint at (d) -1% rads; (e) -2% rads; (f) -3% rads 

 

5.4 Seismic design implications 

In this section, results from the experimental program are used to highlight several aspects related to 
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of the composite steel beams are computed and compared with those from current EN 1998-1 provi-

sions (CEN 2004a). The ductility requirements to control concrete crushing within a dissipative zone 

are also assessed. Moreover, the hysteretic response of the beam-slab connection is assessed in line 

with current seismic design requirements. 

 

5.4.1 Moment of inertia of composite steel beams 

Past studies have shown that the rotational stiffness of shallow composite steel beams is at least 60% 

higher than that of their bare counterparts (El Jisr et al. 2019; Nakashima et al. 2007; Nam and Kasai 

2012), which can significantly influence the lateral stiffness of a composite steel MRF. The procedure 

outlined below is used to derive the equivalent moment of inertia of the composite steel beams under 

sagging (𝐼𝑐
+) and hogging bending (𝐼𝑐

−). 

First, the elastic rotational stiffness is obtained from the initial loading cycles of the deduced moment 

rotation diagrams shown in Figure 5.9 for sagging (𝐾𝑒𝑙
+) and hogging bending (𝐾𝑒𝑙

+). The flexural 

component of the rotational stiffness of the composite steel beams is then deduced by assuming that 

only the steel cross section contributes to the shear stiffness of the composite steel beam. Hence, the 

equivalent moment of inertia of the composite steel beams is computed as follows, 

𝐾𝑒𝑙,𝑓
± =

𝐾𝑠 − 𝐾𝑒𝑙
±

𝐾𝑠 ∙ 𝐾𝑒𝑙
±  (5.1) 

𝐼𝑐
± = 𝐾𝑒𝑙,𝑓

± ∙
𝐿𝑐

±

3𝐸
 (5.2) 

In which, 𝐾𝑒𝑙,𝑓
±  is the elastic flexural stiffness of the composite steel beam under sagging (𝐾𝑒𝑙,𝑓

+ ) and 

hogging (𝐾𝑒𝑙,𝑓
− ) bending; 𝐾𝑠 is the shear rotational stiffness of the IPE360 girder calculated according 

to Cowper (1966) and Charney et al. (2005); 𝐿𝑐
± is the shear span under sagging (𝐿𝑐

±) and hogging 

bending (𝐿𝑐
±) and 𝐸 = 199 GPa is the measured elastic modulus of the steel beam (see Table 5.2). 

Figure 5.25 shows the values of the equivalent moment of inertia of the composite steel beams near 

each joint. A comparison with the values calculated according to current Eurocode provisions (CEN 

2004a; b) is also shown. At the exterior joints, the moment of inertia of the composite steel beam is 

estimated well for both sagging and hogging bending according to current standards. The ratio 

𝐼𝑐
±/𝐼𝑏𝑎𝑟𝑒 (𝐼𝑏𝑎𝑟𝑒 is the moment of inertia of the bare IPE360 steel beam) ranges between 1.0 and 1.2 

under hogging bending, and between 2.3 and 2.4 under sagging bending. The slab contribution to the 
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flexural stiffness of the composite steel beams is quite pronounced under sagging bending, as ex-

pected. However, under hogging bending, flexural cracking implies that the stiffness contribution 

from the slab is mainly due to the longitudinal steel reinforcement bars and the presence of the trans-

verse beams. The assumption of cracked section analysis (i.e. concrete in tension is neglected) in EN 

1994-1-1 (CEN 2004b) for composite steel beams under hogging bending, seems reasonable at the 

exterior joints. Interestingly, at the interior joint, the moment of inertias of the West and East compo-

site steel beams are underestimated by 25% for sagging bending and 35% for hogging bending. The 

higher moment of inertia of the composite steel beams at the interior joint is attributed to the conti-

nuity of the slab and reinforcement at the interior joint, as well as the transverse beams supporting 

the slab. Furthermore, unlike in the exterior joints where flexural cracking was more pronounced in 

the early loading stage, the EN 1994-1-1 (CEN 2004b) assumption that the composite cross section 

is fully cracked under hogging bending leads to an underestimation of the equivalent moment of 

inertia of the composite steel beams. It should be noted that long-term effects on concrete as well as 

the presence of gravity loads on the floor slab have been neglected as part of the above assessment. 

 

 

Figure 5.25 Comparison of the derived moment of inertia of the composite steel beams at each 

beam-to-column connection with that computed using EN 1998-1 provisions (CEN 2004a), (i.e., 

𝐼𝑐,𝐸𝐶
+  and 𝐼𝑐,𝐸𝐶

−  ) 

 

5.4.2 Ductility requirements for controlling concrete crushing within a dissipative zone 

The slab confinement is beneficial in that it increases the crushing strain of concrete at the slab-

column interface. Current EN 1998-1 (CEN 2004a) provisions provide a strict ductility requirement 

to ensure that concrete crushing within a dissipative zone of a composite steel beam is delayed. This 

requirement limits the ratio 𝑥𝑝𝑙
+ /ℎ as follows, 
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𝑥𝑝𝑙
+

ℎ
≤

휀𝑐𝑢

휀𝑐𝑢 + 𝑞 ∙ 휀𝑦
 (5.3) 

This limit was derived by assuming a uniform strain profile (slip in the composite steel beam was 

ignored) acting on the composite cross section as shown in Figure 5.26. Moreover, the limit is quite 

restrictive in seismic designs requiring higher strength reduction factors (𝑞-factor in Europe, 𝑅-factor 

in the US), thereby limiting the applicability of composite construction in seismic applications. As 

mentioned earlier, the above limit was intentionally violated during the seismic design of the test 

frame. Nevertheless, the hysteretic behavior of the composite steel beam was very ductile. Concrete 

crushing only occurred after the 3% lateral loading drift amplitude near the column face. According 

to Plumier and Doneux (2001), the assumed 휀𝑐𝑢 of 0.0025 does not consider the effects of slab con-

finement due to the presence of transverse reinforcement in the vicinity of the column. The DIC 

system offers the opportunity to quantify the longitudinal strain demands at the surface of the slab to 

provide insight on the above requirements.  

 

 

Figure 5.26 Strain profile in the composite steel cross section at the ductility limit specified in EN 

1998-1 (CEN 2004a) 

 

Figure 5.27 shows the longitudinal strain demands at the surface of the slab at the West interior (see 

Figure 5.27a to c) and East exterior (see Figure 5.27d to f) joints. At a lateral drift demand of about -

1% rads (i.e., onset of flexural yielding at the bottom flange of the respective steel beam), the longi-

tudinal strain demands at the slab surface were fairly low due to the upward shift of the neutral axis 

at the respective cross sections near the interior and exterior joints as discussed earlier. Upon further 

loading, relatively high longitudinal strain demands (0.005 to 0.006) were measured by the DIC sys-

tem at the slab surface near the column face (see Figure 5.27b, c, e and f). Nevertheless, the integrity 

of the concrete near the column was maintained. The concrete at the slab-column interface sustained 

longitudinal compressive strains of up to 0.006 prior to crushing only at the same location. The ability 

of the concrete to withstand high compressive strains is attributed to confinement of the concrete in 

the joint area. This is due to (i) the presence of transverse beams framing the joint as discuss earlier, 

(ii) the excellent anchorage detailing of the transverse rebars and, (iii) the configuration of the profiled 
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steel deck. For the latter, a large rib angle [> 80o as per EN 1998-1 (CEN 2004a)] provides appreciable 

confinement to the concrete inside the rib. Converserly, a small rib angle (< 80o i.e., trapezoidal deck) 

provides less confinement to the concrete. It is also important to note that the additional confinement 

due to the continuity at the edges of the slab was not considered in the test. Based on the above 

discussion, the current EN 1998-1 (CEN 2004a) ductility requirements are stringent and require mod-

ification in future versions of the same standard. 

 

   

 

(a) (b) (c) 

   
(d) (e) (f) 

Figure 5.27 Longitudinal strains at the surface of the slab at selected peak lateral drift ratios up to -

3% rads under sagging bending; Top: West interior joint at (a) -1% rads; (b) -2% rads; (c) -3% rads; 

Bottom: East exterior joint at (d) -1% rads; (e) -2% rads; (f) -3% rads 

 

5.4.3 Beam-slab connection performance 

The beam-slab connections of the test frame were originally designed to provide full composite action 

while waiving the 25% reduction in the shear resistance of headed studs according to the current EN 

1998-1 (CEN 2004a). Nevertheless, due to the high overstrength in the concrete, as well as the addi-

tional sources of overstrength that were previously discussed, the actual degree of composite action 

was less than what was originally calculated. Herein, the degree of composite action is re-calculated 

as per EN 1994-1-1 (CEN 2004b) by using the measured compressive strength of the concrete at the 

day of testing (𝑓𝑐,𝑚 = 49 MPa) and the characteristic shear resistance of the shear connectors obtained 

from the monotonic push-out test (𝑃𝑅𝑘 = 72 kN). It was found to be 55% rather than 100%. Accord-

ingly, the shear studs are the weakest elements in the composite steel beams. This could, in principle, 

lead to high slips demands and failure of the beam-slab connection at modest lateral drift demands, 

thereby leading to a loss of the seismic load transfer mechanism between the slab and the steel beams 
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(Cheng and Chen 2005; Civjan et al. 2001; Cordova and Deierlein 2005). However, the composite 

steel beams conformed to the prequalification requirements as discussed earlier. Having said that, a 

detailed assessment of the slip demands, and shear resistance of the beam-slab connections was con-

ducted hereinafter. 

The slip demands in the beam-slab connection were traced along the West and East composite steel 

beams at characteristic peak lateral drift demands of the AISC lateral loading protocol (see Figure 

5.28a) and the SAC near-fault and collapse consistent loading protocols (see Figure 5.28b). During 

the AISC symmetric loading protocol, the maximum slip demands were around 0.5 mm at the 1% 

lateral drift amplitude and increased until they reached a maximum value of 2 mm at the 3% lateral 

drift amplitude of the same protocol. Moreover, Figure 5.28a illustrates that the slip demands were 

slightly higher near the mid-span of the composite steel beams than near the columns because the slip 

is restrained near the beam-to-column connections (Zona et al. 2008). At the 4% drift amplitude of 

the AISC symmetric loading protocol, the slip demands decreased to around 1.5 mm. The beam-slab 

connection unloaded following the spalling of concrete at the slab-column interface and the loss of 

the bearing mechanism between the slab and the face of the column (i.e., mechanism 1).  

Referring to Figure 5.28b, the slip demands continued to decrease upon further lateral loading at 

lateral drift demands associated with structural collapse. In the East beam at the interior joint, the slip 

demands increased while the lateral drift amplitude exceeded 8% rads, to a maximum of around 2.5 

mm at 15% rads. The crack formation and propagation within the steel beam at the same location 

imposed additional slip demands on the beam-slab connection near the interior joint. 
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(a) 

 

(b) 

Figure 5.28  Maximum slip in the beam-slab connection along the length of the West and East 

beams at selected peak lateral drift demands: (a) AISC protocol; (b) SAC near-fault and collapse-

consistent protocols 
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expectancy. Therefore, the integrity of the beam-slab connections under the AISC symmetric loading 

protocol is examined. Referring to Figure 5.29a, the shear force demand, 𝑄, on the beam-slab con-
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L
i
/L

b

-1 -0.5 0 0.5 1

SDR > 0

SDR < 0

Lower slip due to restraint 

near the columns

Mb > 0 Mb > 0Mb < 0 Mb < 0

Mb < 0 Mb < 0Mb > 0 Mb > 0

L
i
/L

b

-1 -0.5 0 0.5 1

Mb > 0 Mb > 0Mb < 0 Mb < 0



Full-scale collapse test of a 2-bay composite steel moment-resisting frame subsystem under cyclic loading 

 

175 

either side of the cross section. Figure 5.29b illustrates the hysteretic behavior of the beam-slab con-

nection at the cross section that was situated near the West exterior joint. The behavior is character-

ized by an increasing shear demand under sagging bending (𝑄𝑊 > 0) and a decreasing shear demand 

under hogging bending (𝑄𝑊 < 0) especially during the 2% to 4% lateral drift amplitudes of the AISC 

symmetric loading protocol. This is attributed to the variation in the number of engaged shear studs 

throughout the loading, under both sagging and hogging bending. To elucidate this phenomenon, the 

shear studs engaged up to the instrumented location are shown in Figure 5.29a. The number of en-

gaged shear studs, 𝑛𝑒, is dependent on the location of the inflection point in the composite steel beam. 

A change in the moment gradient due to moment redistribution in the composite steel beams leads to 

either an increase or decrease in 𝑛𝑒. For instance, referring to Figure 5.29b, during the lateral drift 

loading cycles of 3% and 4% rads, following the initiation of bottom flange local buckling, the num-

ber of engaged shear studs increased under sagging bending and decreased under hogging bending. 

This phenomenon has a profound influence on the integrity of the beam-slab connection especially 

in shallow composite steel beams in which the hysteretic behavior is fairly asymmetric under flexural 

demands (see Figure 5.9). Furthermore, this phenomenon cannot be captured in subassembly beam-

to-column tests where no moment redistribution occurs in the composite steel beams and the number 

of engaged shear studs remains the same regardless of the flexural demands at the beam ends.  

Figure 5.29c depicts the average shear force per engaged shear stud, which is calculated as 𝑄/𝑛𝑒 

versus the corresponding peak lateral drift amplitudes of the AISC symmetric loading protocol for 

the West exterior and West interior cross sections. Under sagging bending, (𝑄/𝑛𝑒 > 0) the average 

shear force per engaged stud capped at 2% and 3% rads. This led to capping of the force in the slab 

as explained earlier. The average shear force per engaged stud decreased following concrete spalling 

at the column face. Figure 5.29d shows that the slip demand also decreased at this lateral drift ratio. 

Under hogging bending (𝑄/𝑛𝑒 < 0), the average shear force per engaged stud capped at the 2% lateral 

drift amplitude and decreased thereafter as the force in the rebars decreased at the cross section (see 

Figure 5.22). As with sagging bending, the slip demands on the beam-slab connection decreased as 

the shear force decreased. Figure 5.29c also illustrates that the capping average shear force per en-

gaged stud was around 10 to 15% lower than the characteristic strength of the shear studs 𝑃𝑅𝑘 defined 

earlier.  

The above findings demonstrate that beam-slab connections maintained their integrity during the 

AISC symmetric loading protocol despite waiving the required 25% reduction in the shear stud re-

sistance (CEN 2004a) and the additional sources of overstrength that were highlighted earlier. While 

the actual degree of composite action was 55%, which is less than the minimum required by EN 1998-
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1 (CEN 2004a), the slip demands at the West beam cross sections instrumented with strain gauges, 

were less than 2 mm (see Figure 5.29d) . Unlike in conventional cyclic push-out tests, which tend to 

be overly conservative, the beam-slab connections in the test frame account for realistic boundary 

conditions and the associated force redistribution that is occuring within a composite steel MRF while 

it experiences structural damage within its dissipative zones. In fact, the cumulative slip demands on 

the beam-slab connections were much higher in the cyclic push-out test (around five times) than in 

the test frame. Figure 5.29d shows that the cumulative slip demand at which 𝑄𝑚𝑎𝑥 obtained from the 

cyclic push-out test (see Figure 5.7b) degraded by 50%, is 20% higher than the total cumulative slip 

demand on the west exterior beam-slab connection throughout the three loading stages. Therefore, it 

seems reasonable to waive the 25% reduction in the shear stud resistance in EN 1998-1 (CEN 2004a) 

in shallow composite steel beams (i.e., depths less than 500 mm). The test suggests that allowing 

some degree of slip in the beam-slab connection could be beneficial as it could be engineered by 

following a capacity design hierarchy to control the additional overstrength that may arise due to the 

uncertainty of the concrete material and the slab confinement. The uncertainty in shear resistance of 

ductile headed shear studs is much less than that in the compressive strength of concrete. Accordingly, 

allowing for a controlled slip response in the beam-slab connection of shallow composite steel beams 

is a design approach that deserves more attention in future studies. 
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(a) 

  

(b) (c) 

 
 

(d) (e) 

Figure 5.29 Beam-slab connection response: (a) derivation of shear demand on beam-slab connec-

tion in the West composite steel beam; (b) hysteretic behavior of the beam-slab connection at the 

instrumented West exterior cross section under the AISC protocol; (c) average shear force per en-

gaged studs at characteristic peak lateral drift demands (last excursions); (d) average shear force per 

engaged studs and the corresponding slip demands at characteristic peak lateral drift demands (last 

excursions); (e) cumulative slip demands in the beam-slab connection at the West exterior cross 
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5.4.4 Slab effective width 

This section assesses the slab effective width in the test frame under seismic loading. Under sagging 

bending, the composite steel beams were partially composite due to the overstrength in the slab. 

Therefore, the effective width in this case was not fully mobilized and cannot be deduced based on 

the approach discussed herein after the shear force in the studs capped. Nevertheless, the effective 

widths under sagging bending, 𝑏𝑒𝑓𝑓
+  (up to +2% rads), and hogging bending, 𝑏𝑒𝑓𝑓

− , can be derived 

from the longitudinal strain demands that were extracted from the longitudinal steel reinforcement in 

the slab at the West exterior joint using the high resolution FOM system (see Figure 5.4e).  

A number of simplifying assumptions were made in order to deduce 𝑏𝑒𝑓𝑓
+  up to a lateral drift of +2% 

rads: (i) the slab concrete remained elastic; (ii) no debonding occurred between the longitudinal steel 

rebars and surrounding concrete when the slab was in compression (i.e, the strain in the rebars coin-

cides with that in the concrete); (iii) the effective depth of the concrete above the profile steel deck 

only was active; and (iv) the strain profile was linear along the width of the slab and symmetric on 

each side of the main girder. Based on these assumptions, the strain profile along the centerline of the 

effective depth of the slab was derived through linear interpolation between the FOM measurements, 

and extrapolation along the width of the slab. Referring to Figure 5.30b, the effective width, 𝑏𝑒𝑓𝑓
+ , 

was derived as follows, 

𝑏𝑒
+ =

∑ 0.5(휀𝑐𝑙,𝑖 + 휀𝑐𝑙,𝑖+1) ∙ 𝛿𝑥,𝑖 ∙ 𝐸𝑐,𝑚
6
𝑖=1

𝑓𝑐,𝑚
 (5.4) 

𝑏𝑒𝑓𝑓
+ = 2𝑏𝑒

+ (5.5) 

In which, 𝑏𝑒
+ is the half the effective width of the slab under sagging bending (i.e., on one side of the 

steel beam as defined in EN 1998-1 (CEN 2004a)); 휀𝑐𝑙,𝑖 is the normal strain along the centerline of 

the effective slab depth (i.e., at 0.5𝑡𝑐 from the top of the slab); 𝛿𝑥,𝑖 is defined in Figure 5.30b; 𝐸𝑐,𝑚 is 

the modulus of elasticity of concrete; and 𝑓𝑐,𝑚 is the compressive strength of concrete (see Table 5.2). 

The variation of the effective width under sagging bending was traced along the West beam at +1%, 

+1.5% and +2% rads as shown in Figure 5.30a. It is observed that a higher effective width was mo-

bilized as the lateral drift demand increases. Moreover, the effective width at the face of the column 

was comparable to the width of the column flange regardless of the lateral drift demand. The effective 

width at the face of the rib stiffener at +2% rads is around 40% lower than that proposed by EN 1998-

1 (CEN 2004a). This behavior is expected since the composite steel beam was partially composite 

(𝜂 = 55%) and the full effective width in the slab cannot be mobilized. Further away from the column 
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face, the effective width in the slab increased to reach its maximum value at 500 mm away from the 

rib stiffener (see Figure 5.30d).  

 

 

 

(a) (b) 

   
(c) (d) (e) 

Figure 5.30 Slab effective width under sagging bending: (a) slab effective width profile along the 

West beam at +1%, +1.5% and +2% rads; (b) normal stress distribution along the slab width at 

cross section A-A; (c) slab effective width variation at cross section A-A; (d) B-B and; (e) C-C at 

the target lateral drift demands 

 

The derivation of 𝑏𝑒𝑓𝑓
−  at the face of the rib stiffener of the West exterior beam (i.e., in the plastic 

hinge region) is presented herein. First, the stresses in the rebars should be computed. This is achieved 

by providing the uniaxial cyclic strain demands that were directly measured from the steel reinforce-

ment to a calibrated constitutive material model that describes the hysteretic response of the B500 

steel rebars under inelastic cyclic straining. Characteristic strain demands extracted from the FOM 

system are shown in Figure 5.31a for three selected rebars. The Voce-Chaboche (VC) constitutive 

material model (Lemaitre and Chaboche 1990; Voce 1948) was employed for this purpose. The con-

strained optimization approach proposed by de Castro e Sousa et al. (2021) was implemented in order 
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to infer consistent input model parameters from the available monotonic tensile tests on B500B steel 

rebars. Figure 5.31b shows a comparison between the simulated and measured true stress-true strain 

behavior of one of the steel rebars. For each rebar, the strain history is obtained from the FOM, and 

the hysteretic stress-strain response throughout loading is derived based on the VC constitutive model 

as illustrated in Figure 5.31c for three indicative rebars. The stress profile at peak lateral drift demands 

of the AISC symmetric loading protocol is shown in Figure 5.31d. Finally, 𝑏𝑒𝑓𝑓
−  may be calculated as 

follows, 

𝑏𝑒
− = (

Σ𝜎𝑠,𝑖

2𝑓𝑦,𝑛
− 1) ∙ 𝑠 + 𝑠𝑜  (5.6) 

𝑏𝑒𝑓𝑓
− = 2𝑏𝑒

− (5.7) 

In which, 𝑏𝑒
− is the half the effective width of the slab under hogging bending (i.e., on one side of the 

steel beam as defined in EN 1998-1 (CEN 2004a)); 𝜎𝑠,𝑖 is the normal stress in each rebar at the desired 

peak lateral drift demands; 𝑓𝑦,𝑛 is the nominal yield stress of the rebars (500 MPa); 𝑠 is the average 

spacing between the slab rebars; and 𝑠𝑜 is the distance between the beam centerline and the nearest 

longitudinal rebar. 

Referring to Figure 5.31e, the effective width under hogging bending increased with increasing lateral 

drift demands. Also shown in Figure 5.31e are the values corresponding to half the effective width, 

𝑏𝑒
−, which is equal to 0.1𝐿𝑏 according to EN 1998-1 (CEN 2004a). During elastic loading (-0.75% 

rads), the effective width was around a third of that proposed by EN 1998-1, 𝑏𝑒𝑓𝑓,𝐸𝐶
−  (CEN 2004a). 

The effective width increased at -2% rads to 90%𝑏𝑒𝑓𝑓,𝐸𝐶
− . However, following the -2% lateral drift 

amplitude, yielding in the slab rebars closest to the column resulted in the redistribution of stresses 

to the rebars further away from the column as shown in Figure 5.31d. A 20% higher effective width 

than that proposed by EN 1998-1 (CEN 2004a), was mobilized as the rebars near the column experi-

enced axial yielding. Referring to Figure 5.31a, the strain demand in the top rebar further away from 

the beam centerline (rebar C) is considerably lower, initially, than in the rebars closer to the beam 

centerline (rebars A and B). However, upon further loading axial yielding in rebars A and B (see 

Figure 5.31c) resulted in stress redistribution along the width and an increase in the strain demands 

in the rebars away from the beam centerline. Note that the effective width could not be determined at 

-4% rads because the fibers on the rebars closest to the column failed.  

Figure 5.32 shows the variation of the effective width under hogging bending along the West beam 

at -1%, -2% and -3% rads. At -3% lateral drift demand, the effective width was highest at the face of 
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the column and decreased to around 60% and 25% of its maximum value at a distance of 500 mm 

and 1000 mm, respectively, from the face of the rib (see Figure 5.32d and e). 

The above findings demonstrate that the EN 1998-1 formulation for 𝑏𝑒𝑓𝑓 
−  is satisfactory for modest 

lateral drift demands associated with a design-basis earthquake (i.e., 10% probability of exceedance 

over a 50 year building life expectancy). Nevertheless, at higher lateral drift demands, the stress re-

distribution, following the axial yielding of the rebars, mobilizes a larger effective width. This may 

have an impact on the strong-column/weak-beam ratio that is employed by current seismic design 

standards for collapse prevention of composite steel MRFs. Accordingly, the slab contribution to the 

flexural resistance of the composite steel beam under hogging bending increases. This issue requires 

further investigation as part of future studies. 
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(a) 

  
(b) (c) 

  
(d) (e) 

Figure 5.31 Derivation of the slab effective width under hogging bending: (a) uniaxial strain history 

at selected rebars; (b) comparison between the monotonic tensile test of the rebars and the simulated 

behavior with optimized Voce-Chaboche parameters; (c) stress-strain behavior of the three selected 

rebars obtained from the uniaxial strain history; (d) stress distribution in the top rebars at xi from the 

beam centerline; (e) derived effective widths at selected peak lateral drift demands of the AISC 

symmetric protocol and comparison with EN 1998-1 (CEN 2004a) 
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(a) (b) 

   
(c) (d) (e) 

Figure 5.32 Slab effective width under hogging bending: (a) slab effective width profile along the 

West beam at -1%, -2% and -3% rads; (b) normal stress distribution in the top rebars at cross sec-

tion A-A; (c) slab effective width variation at cross section A-A; (d) B-B and; (e) C-C at the target 

lateral drift demands 

 

5.5 Conclusions 
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the design of composite steel beams and beam-slab connections in composite steel MRFs were high-

lighted. The main findings are summarized below: 

▪  Composite action augmented the elastic stiffness of the composite steel MRF by around 50% 

compared to that of the corresponding bare frame which is consistent with findings from prior 

experimental work (El Jisr et al. 2019). 

▪ The composite steel beams experienced yielding in the bottom flange at a lateral drift demand 

of 1% rads followed by local buckling initiation during the 3% loading cycles. This was due 

to the presence of longitudinal reinforcement in the slab, which increased the compressive 

strain demand on the bottom flange. Moreover, composite action resulted in minimal local 

buckling in the top flange of the composite steel beams. The base shear and flexural resistance 

of the beams under sagging bending capped at 3% lateral drift demand due to the capping of 

the shear resistance of the heads shear studs. Upon further loading, crushing and spalling of 

the slab at the column face resulted in a drop in the flexural resistance of the composite steel 

beams. Nevertheless, all beam-to-column connections conform to the acceptance criteria for 

prequalification in AISC 341-16 (AISC 2016a), and seismic design category DC3 in the new 

Eurocode 8 provisions (CEN 2019). 

▪ The hysteretic behavior of the test frame showed cyclic deterioration in story shear resistance 

at large lateral drift demands (up to 8% rads) due to local buckling at the bottom flanges of 

the composite steel beams as well as concrete crushing. Additional instabitlies that caused 

cyclic deterioration in story shear resistance was the crack initiation and ductile tearing that 

occurred in the West and East composite steel beams, respectively. Nevertheless, the axial 

restraint provided by the slab and framing action stabilized the cracks, hindering crack 

propagation along the beam depth, and caused partial straightening of the local buckles. The 

test frame was able to maintain about 30% of its peak resistance at a lateral drift demand of 

15% rads. 

▪ Minimal axial shortening was observed (5 mm) in the composite steel beams throughout the 

loading history. The straightening of local buckles that occurred due to the axial restraint 

provided by the slab and framing action had a profound effect on the rate of flexural strength 

degradation of the composite steel beams under hogging bending. The composite steel beams 

were able to sustain about 50% of their peak flexural strengths under hogging bending. 
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▪ Quantification of the effects of slab continuity and framing action showed that a tensile force 

equal to 8% of the axial plastic resistance of the bare steel beam was induced at lateral drift 

demand of 10% rads. Moreover, the axial restraint induced a compressive force in the slab, 

which reached around 35% of the axial plastic resistance of the bare steel beam during the 

collapse consistent protocol and decreased following crack propagation, thereby stabilizing 

the crack. The developed axial forces have a significant effect on the stabilization of the local 

buckles and crack propagation in composite steel beams. 

▪ The presence of transverse beams, framing the column web panel zones and primary girders, 

influenced the flexural resistance of the composite beam-to-column connections. Transverse 

compressive strains, due to slab confinement, were observed at the surface of the slab in the 

vicinity of the columns at both the interior and the exterior joints. Moreover, higher 

compressive strains (0.0025 compared to 0.001) were observed at the interior joints due to the 

slab continuity and the transverse beams being equipped with two rows of headed shear studs. 

This source of overstrength in the composite steel beams should be accounted for in capacity 

design and requires further attention. 

▪ The crack patterns, that were derived from DIC measurements, revealed the presence of two 

load transfer mechanisms under sagging bending: (a) bearing of the slab on column face, and 

(b) inclined compression struts on the sides of the column (CEN 2004a; Plumier et al. 1998). 

Under hogging bending, horizontal flexural cracks were observed at the surface of the slab. 

The horizontal cracks grew to a maximum of 0.9 mm at a lateral drift demand of 2% rads. At 

the same drift amplitude, the observed cracks were wider at the exterior joint than the interior 

joint (0.4 mm) due to higher degree of confinement at the interior joints. 

▪ The equivalent moment of inertia of the composite steel beams is estimated well at the exterior 

joints for both sagging and hogging bending. However, at the interior joint the equivalent 

moment of inertia is underestimated by 25% and 35% for sagging and hogging bending 

respectively. The difference is attributed to the continuity of the slab and reinforcement in the 

vicinity of the column, as well as the presence of transverse beams with two rows of shear 

connectors.  

▪ Prior to crushing of the concrete at the slab-column interface, the longitudinal compressive 

strain demands at the surface of the slab reached 0.005 to 0.006 when the composite steel 

beams were subjected to sagging bending due to the slab confinement. These findings suggest 
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that the ductility requirements for composite steel beams in EN 1998-1 (CEN 2004a), that 

limit position of plastic neutral axis to avoid premature crushing, should be revised. 

▪ Modest slip demands (< 2 mm) were observed in the beam-slab connection of the test frame 

during the AISC symmetric protocol. The low slip demands were due to force redistribution 

between the studs and the shift in the location of the inflection points, which allowed more 

studs to be engaged under sagging bending. Moreover, the integrity of the beam-slab 

connection was maintained despite the degree of composite action being 55% based on the 

measured material properties. In that respect, it seems rational to waive the 25% reduction in 

shear resistance of headed studs required by current seismic design provisions (AISC 2016a; 

CEN 2004a), at least for shallow composite steel beams (depth less than 500 mm). 

▪ The shear demands of the headed shear studs capped at a lateral drift demand of 3% rads, 

thereby limiting the force in the slab under sagging bending. These findings show that 

allowing some degree of slip in the ductile shear studs in shallow composite steel beams could 

be beneficial to control the overstrength that may arise due to concrete overstrength and slab 

confinement.  

▪ The slab effective width under hogging bending, which is derived by using the EN 1998-1 

(CEN 2004a) formulation, estimates the effective width fairly well at 2% rads. However, at 

higher lateral drift demands, stress redistribution occurs in the longitudinal reinforcement, 

thereby leading to a larger mobilized effective width. This issue may impact the capacity 

design hierarchy in composite steel beams under hogging bending and requires further 

attention. 

 

5.6 Notation 

𝑎𝑔𝑅 = reference peak ground acceleration 

𝑏 = flange width of the steel member 

𝑏𝑒
+ = half the slab effective width under sagging bending 

𝑏𝑒
− = half the slab effective width under hogging bending 

𝑏𝑒𝑓𝑓
+  =  slab effective width under sagging bending  

𝑏𝑒𝑓𝑓
−  = slab effective width under hogging bending 
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𝑏𝑒𝑓𝑓,𝐸𝐶
−  = slab effective width under hogging bending according to CEN (2004a) 

𝑑𝑏 = depth of the primary steel girder 

𝑑𝑏𝑜 = full bolt diameter 

𝑑𝑠𝑐 = diameter of the headed shear studs 

𝑓𝑐,14 = compressive strength of concrete at 14 days after casting 

𝑓𝑐,28 = compressive strength of concrete at 28 days after casting 

𝑓𝑐,𝑚 = compressive strength of concrete at the day of the third loading stage 

𝑓𝑐𝑘 = characteristic cylinder compressive strength of concrete 

𝑓𝑦 = yield strength of the steel material based on the mill certificates 

𝑓𝑦,𝑚 = measured yield strength of the steel material 

𝑓𝑦,𝑛 = nominal yield stress of the steel reinforcement 

𝑓𝑢 = ultimate strength of the steel material based on the mill certificates 

𝑓𝑢,𝑏 = bolt ultimate tensile stress assuming the threaded area to be 𝐴𝑠 = 561 mm2 

𝑓𝑢,𝑚 = measured ultimate strength of the steel material 

ℎ  = depth of the composite cross section (including the slab) 

ℎ𝑖 = distance along the depth of the steel beam measured from the bottom flange 

ℎ𝑠 = depth of the steel member 

ℎ𝑠𝑐 = height of the headed shear studs 

𝑖𝑧 = radius of gyration of the primary girder about its weak axis 

𝑘𝑟 = rib shape efficiency factor according to CEN (2004a) 

𝑘𝑡 = factor for reduction in the shear resistance of headed studs (CEN 2004a) 

𝑛𝑒 = number of engaged shear studs 

𝑛𝑠 = number of shear studs between the point of zero moment and the cross section 

instrumented with strain gauges 

𝑞 = behavior factor 

𝑠 = average spacing between the slab rebars 

𝑠𝑜 = distance between the beam centerline and the nearest longitudinal rebar 

𝑡𝑐 = effective depth of the slab 

𝑡𝑓 = flange thickness of the steel member 
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𝑡𝑤 = web thickness of the steel member 

𝑥𝑖 = distance from the beam centerline 

𝑥𝑝𝑙
+  = position of the plastic neutral axis in the composite cross section from the top 

of the slab  

𝐸 = measured elastic modulus of the steel beam 

𝐸𝑐,14 = measured elastic modulus of concrete at 14 days after casting 

𝐸𝑐,28 = measured elastic modulus of concrete at 28 days after casting 

𝐸𝑐,𝑚 = measured elastic modulus of concrete at the day of the third loading stage 

𝐹𝑢,𝑏 = bolt ultimate load 

𝐼𝑏𝑎𝑟𝑒 = moment of inertia of the bare IPE360 girder 

𝐼𝑐
+ = equivalent moment of inertia of the composite steel beam under sagging 

bending 

𝐼𝑐
− = equivalent moment of inertia of the composite steel beam under hogging 

bending 

𝐼𝑐,𝐸𝐶
+  = equivalent moment of inertia of the composite steel beam under sagging 

bending according to CEN (2004a) 

𝐼𝑐,𝐸𝐶
−  = equivalent moment of inertia of the composite steel beam under hogging 

bending according to CEN (2004a) 

𝐾𝑒𝑙
+ = elastic flexural stiffness of the composite steel beam under sagging bending 

𝐾𝑒𝑙
− = elastic flexural stiffness of the composite steel beam under hogging bending 

𝐾𝑠 = shear rotational stiffness of the IPE360 girder 

𝐿𝑏 = beam length measured from the centerline of the columns 

𝐿𝑏𝑟 = maximum unbraced length in the primary girders 

𝐿𝑐
+ = shear span in the composite steel beam under sagging bending 

𝐿𝑐
− = shear span in the composite steel beam under hogging bending 

𝐿𝑓 = final length of the bolt measured from the bottom of the head to the tip of the 

shank 

𝐿𝑜 = initial length of the bolt measured from the bottom of the head to the tip of 

the shank 

𝐿𝑖 = distance along the beams measured from the centerline of the interior column 

𝑀𝑝𝑙
+  = plastic flexural resistance of the composite steel beam under sagging bending 

calculated at the face of the end plate  
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𝑀𝑝𝑙
−  = plastic flexural resistance of the composite steel beam under hogging bending 

calculated at the face of the end plate 

𝑀𝑢
+ = peak moment in the composite steel beams under sagging bending 

𝑀𝑢
− = peak moment in the composite steel beams under hogging bending 

𝑀𝐸𝑃
+  = sagging moment in the composite steel beam at the face of the end plate 

𝑀𝐸𝑃
−  = hogging moment in the composite steel beam at the face of the end plate 

𝑀𝐸,𝐸𝑃 = moment in the East composite steel beam at the face of the East exterior joint 

end plate 

𝑀𝐼𝐸,𝐸𝑃 = moment in the East composite steel beam at the face of the interior joint end 

plate 

𝑀𝐼𝑊,𝐸𝑃 = moment in the West composite steel beam at the face of the interior joint end 

plate 

𝑀𝑊,𝐸𝑃 = moment in the West composite steel beam at the face of the West exterior 

joint end plate 

𝑁𝑐𝑏 = axial force in the composite steel beam 

𝑁𝑐𝑏,max = maximum axial force in the composite steel beam 

𝑁𝑐,𝐸 = axial force in the bottom region of the East exterior column 

𝑁𝑐,𝑊 = axial force in the bottom region of the West exterior column 

𝑁𝑝𝑙,𝑅𝑚 = plastic resistance of the bare steel beam cross section that is calculated using 

the measured yield stress 

𝑁𝑠 = axial force in the slab 

𝑁𝑠,max = maximum axial force in the slab 

𝑃𝑅𝑘 = characteristic shear resistance of one shear stud (CEN 2004b) 

𝑄 = shear force in the beam-slab connection  

𝑄𝑚𝑎𝑥  = maximum shear force in the beam-slab connection 

𝑄𝑊 = shear demand in the beam-slab connection at the instrumented cross section 

near the West exterior joint 

𝑅𝑦 = material overstrength factor according to AISC (2016a) 

SDR = story drift ratio 

𝑉𝑐,𝑏 = column shear force below the floor level 

𝑉𝑐,𝑡 = column shear force above the floor level 
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𝑉𝑚𝑎𝑥  = peak base shear in the test frame 

𝛿𝑏 = axial shortening in the steel beam measured along the centerline 

𝛿𝑏,𝐸 = axial shortening in the East steel beam 

𝛿𝑏,𝑊 = axial shortening in the West steel beam 

𝛿𝑒,𝑏 = measurement of the bottom string pot in the beam located at the exterior joint 

𝛿𝑒,𝑡 = measurement of the top string pot in the beam located at the exterior joint 

𝛿𝑖,𝑏 = measurement of the bottom string pot in the beam located at the interior joint 

𝛿𝑖,𝑡 = measurement of the top string pot in the beam located at the interior joint 

𝛿𝑥,𝑖  = distance between two normal compressive strain values along the centerline 

of the effective slab depth 

𝛿𝑧,𝑊 = out-of-plane displacements in the West steel beam in the vicinity of the inte-

rior joint 

𝛿𝑧,𝐸 = out-of-plane displacements in the East steel beam in the vicinity of the inte-

rior joint 

휀 = true axial strain in the steel coupons 

휀𝑐 = concrete compressive strain 

휀𝑐𝑙,𝑖 = normal strain along the centerline of the effective depth of the slab 

휀𝑐𝑢 = concrete crushing strain 

휀𝑠 = axial strain in the rebars 

휀𝑢 = ultimate tensile elongation of the steel material  

휀𝑢,𝑏 = bolt elongation at fracture 

휀𝑦 = yield strain in the bottom flange of the steel beam 

𝜃𝑏 = beam chord rotation 

𝜎 = true axial stress in the steel coupons 

𝜎𝑐  = concrete compressive stress 

𝜎𝑐,𝑚𝑎𝑥  = maximum compressive stress along the centerline of the slab effective depth 

𝜎𝑠,𝑖 = axial stress in the rebar instrumented with FOM 

𝜎𝑠,𝑚𝑎𝑥  = maximum axial stress in the rebars 

𝛥𝑠 = slip in the beam-slab connection 
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Chapter 6 Proposed nonlinear macro-model for 

seismic risk assessment of composite-steel mo-

ment resisting frames 
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6.1 Abstract 

This chapter proposes a macro-model for simulating the hysteretic behavior of composite steel beams 

as part of fully restrained beam-to-column connections in composite steel moment-resisting frames 

(MRFs). Comparisons with experimental data suggest that the proposed model captures the asym-

metric hysteretic response of composite steel beams including the cyclic deterioration in strength and 

stiffness. Moreover, the proposed model captures the primary slab-column force transfer mechanisms 

and predicts the slip demands in beam-slab connections under inelastic cyclic loading. The modeling 

approach is employed in a system-level study to benchmark the seismic collapse risk of composite 

steel MRF buildings across Europe. Moreover, the beam-slab slip demands are quantified through 

the development of beam-slab slip hazard curves. The simulation studies suggest that the examined 

composite steel MRFs exhibit a system overstrength of about 4. This is attributed to the drift require-

ments in the current European seismic provisions. The annualized probability of collapse of the pro-

totype buildings is well below 1% over a 50-year building life expectancy regardless of the design 

site and the degree of composite action. Beam-slab connections with a partial degree of composite 

action experience minimal damage for frequently occurring seismic events (i.e., 50% probability of 

exceedance over 50 years); and light cracking in the slab for a design basis earthquake. The above 

are important from a seismic repairability standpoint. Accordingly, it is recommended that the 25% 

reduction in the shear resistance of stud connectors is not imperative for seismic designs that feature 

steel beams with depths less than 500 mm. 

 

6.2 Introduction 

Performance-based seismic evaluation of frame buildings has gained attention over the past two dec-

ades (Cornell and Krawinkler 2000; FEMA 2012). While capacity design rules have been bench-

marked to establish a tolerable risk for collapse safety of modern steel (Elkady and Lignos 2014, 

2015b; Gupta and Krawinkler 1999; Macedo et al. 2019; Sanchez-Ricart and Plumier 2008; Tsitos et 

al. 2018; Zareian and Kanvinde 2013) and reinforced concrete (RC) moment-resisting frames (MRFs) 

(Dooley and Bracci 2001; FEMA 2009; Galanis and Moehle 2015; Haselton et al. 2011; Leon 1990a), 

there is a lack of similar studies for composite steel MRFs, that constitute the main focus of this 

chapter. (Denavit et al. 2016) proposed seismic performance factors for moment frames with steel-

concrete composite columns and steel beams by employing the FEMA P695 methodology (FEMA 

2009). However, the role of slab was disregarded in this case.  
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Prior modeling approaches to consider the role of slab in full- and/or partially-composite steel MRFs 

disregarded important aspects of the composite beam behavior. Mehanny and Deierlein (2000) ex-

amined the seismic behavior of composite MRFs. However, the resultant section models ignored the 

effects of shear stud degradation. Others (Bursi et al. 2005; Elghazouli et al. 2008; Zona et al. 2008) 

employed fiber-based models to simulate the hysteretic behavior of composite-steel members, with 

the same limitations as those discussed in Mehanny and Deierlein (2000). Furthermore, these models 

disregarded the influence of cyclic deterioration due to cross-sectional local buckling. Elkady and 

Lignos (2014) proposed a holistic approach to consider the effects of the composite action on the 

hysteretic behavior of composite steel beams exhibiting cyclic deterioration in flexural strength and 

stiffness. However, they only focused on deep beams (i.e., depths larger than 500 mm), which are 

typical in the US seismic design practice, with a relatively low degree of composite action (i.e., 10%). 

Moreover, the deteriorating behavior of the shear stud connectors was disregarded. Other modeling 

approaches include the component method (Tschemmernegg and Queiroz 1995) which is suitable for 

system-level nonlinear simulations of MRFs with composite floor slabs. However, this method has 

been mainly used to simulate the behavior of partially-restrained beam-to-column connections (Ama-

dio et al. 2008; Braconi et al. 2007; Rassati et al. 2004). In particular, the degrading hysteretic behav-

ior of the shear studs as well as that of steel beams has been neglected.  

Bursi et al. (2005) and Zona et al. (2008) studied the nonlinear dynamic response of composite steel 

MRFs with a variable degree of composite action. Composite steel beams with a partial degree of 

composite connection (i.e., < 80%) may result in cost savings through the reduction in the number of 

shear studs and the transverse reinforcement of the slab. Moreover, partially composite beams impose 

lower demands on the columns and the beam-to-column web panel zone joint than their fully com-

posite counterparts (Bursi et al. 2005). On the other hand, the loss of composite action due to cyclic 

deterioration in the shear resistance of beam-slab connectors is undesirable since it leads to the loss 

of the load transfer mechanism between the beam-slab connections (Cordova and Deierlein 2005). 

The current seismic provisions (AISC 2016a; CEN 2004a) propose a 25% reduction in the design 

shear resistance of the beam-slab connectors in order to decrease the inelastic slip demand on the 

shear studs and maintain their integrity. According to EN 1998-1 (CEN 2004a), the beneficial aspects 

of the composite action may only be considered in seismic design when the degree of composite 

action is at least 80%. Moreover, conventional push-out (Bursi and Gramola 1999; Civjan and Singh 

2003; Zandonini and Bursi 2000) and subassembly tests (Cheng and Chen 2005; Civjan et al. 2001) 

have shown that shear studs experience severe shear degradation under cyclic loading. Nevertheless, 

Suzuki and Kimura (2019) found that in composite steel MRFs, the shear stud hysteretic performance 
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is far different from that deduced by conventional cyclic push-out tests because of the stress state in 

the slab (i.e., concrete slab subjected to tensile or compressive stresses upon load reversals). This is 

acknowledged in recent beam-slab connection tests with more realistic boundary conditions (Suzuki 

and Kimura 2019). El Jisr et al. (2020) showed that the slip demands in beam-slab connections of 

capacity-designed composite-steel MRFs is not large enough to endanger the integrity of partially 

composite beams with shallow cross sections (depth less than 500 mm). To the best of our knowledge, 

the shear connector slip demands have never been benchmarked by means of system-level nonlinear 

response history analyses. These are essential in establishing failure rate criteria for beam-slab con-

nections in capacity-designed composite steel MRFs in a consistent manner with performance-based 

design. Such an endeavor requires a nonlinear model that explicitly simulates the slip demands within 

beam-slab connections. 

In this chapter, we propose a nonlinear macro-model for simulating the deteriorating cyclic behavior 

of fully restrained beam-to-column connections in composite steel MRFs. The proposed model, 

which is computationally efficient, captures the deteriorating response of the shear connectors and 

the composite steel beam under monotonic and reversed cyclic loading. The proposed macro-model 

is thoroughly validated with available experimental data from prior testing programs. The model is 

then incorporated in nonlinear models of prototype composite steel MRF buildings designed accord-

ing to EN 1998-1 (CEN 2004a) at three different European sites. The degree of composite action in 

the composite beam is varied and its influence on the seismic behavior of the composite steel MRFs 

is evaluated by means of nonlinear building simulations. Particularly, we quantify the site-specific 

collapse risk dependence on the assumed degree of composite action. Finally, we quantify the integ-

rity of the beam-slab connection in the prototype composite steel MRFs through novel beam-slab 

connection slip hazard curves, which may constitute a valuable tool for more effective designs of 

composite steel MRFs in prospective revisions of current seismic design standards (AISC 2016a; 

CEN 2004a). 

 

6.3 Behavioral insights on composite beam-to-column connections 

Experimental studies on subassemblies (Bursi and Gramola 2000; Civjan et al. 2001; Engelhardt et 

al. 2000; Ricles et al. 2004) and frames (Del Carpio et al. 2018; Nakashima et al. 2006, 2007) with a 

composite slab have demonstrated that the behavior of composite connections differs from their bare 

steel counterparts. The differences are primarily manifested in (i) the flexural stiffness and strength 

of composite steel beams under sagging and hogging bending; (ii) the pre- and post-peak plastic 
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rotation under sagging and hogging and (iii) the inelastic behavior of the beam-to-column web panel 

zones.  

The presence of the slab augments the flexural stiffness of beams under sagging bending by up to two 

times (El Jisr et al. 2019). Moreover, a flexural strength enhancement (up to 80%) is particularly 

evident under sagging bending and is dependent on the beam depth, the slab properties and the degree 

of composite action (El Jisr et al. 2019). Figure 6.1a illustrates the axial forces (𝐹𝑠
± , 𝐹𝑏

± ) and bending 

moments (𝑀𝑠
± , 𝑀𝑏

± ) in the floor slab (noted with subscript s) and steel beam (noted with subscript b) 

under sagging and hogging bending, respectively. During an earthquake, the inertia forces are trans-

ferred to the steel beams through the shear connectors and friction between the beam-slab interface. 

Moreover, the inertia forces pass to the column through two primary mechanisms, i.e., column face 

bearing and the strut-and-tie mechanism (CEN 2004a; Doneux 2002; Plumier et al. 1998) as shown 

in Figure 6.1b. 

The characterization of the hysteretic behavior of the shear connectors is imperative for capturing the 

flexural resistance of composite steel beams. Cyclic push-out tests that accounted for the slab stress 

state (Suzuki and Kimura 2019) demonstrated that the hysteretic behavior of the shear studs becomes 

asymmetric under reversed cyclic loading. Moreover, shear strength degradation of the studs is not 

as pronounced as that inferred by conventional cyclic push-out tests (Bursi and Gramola 1999; Civjan 

and Singh 2003; Zandonini and Bursi 2000).  

The presence of the slab restraints the top beam flange against local buckling (Ricles et al. 2004). As 

a consequence, the rate of flexural strength deterioration under sagging bending decreases relative to 

that of the bare steel beam (Engelhardt et al. 2000; FEMA 2000a; Ricles et al. 2004). On the other 

hand, the plastic rotation capacity under hogging bending decreases relative to that of the bare steel 

beam. This is cause by the upward shift of the neutral axis of the composite beam cross section due 

to the presence of reinforcing rebars in the slab. Figure 6.1c shows schematically the influence of the 

floor slab on the backbone monotonic curve of a composite steel beam under sagging and hogging 

bending.  
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(a) 

  

(b) (c) 

Figure 6.1 Typical fully-restrained composite beam-to-column connection (a) internal forces in the 

composite steel beams; (b) slab-column force transfer mechanisms; (c) comparison between the mo-

ment rotation response of a bare and a composite steel beam 

 

The presence of the slab may influence the behavior of the beam-to-column web panel zone. This is 

attributed to the increased moment demand at the center of the panel zone, and the increased effective 

depth of the panel zone under sagging bending (Kim and Engelhardt 2002). Collectively, the above 

important findings are confirmed through experimental evidence (El Jisr et al. 2019) as well as high-

fidelity continuum finite element analyses (El Jisr et al. 2020). The aforementioned behavioral in-

sights should be incorporated in the proposed macro-model of composite steel beams. 

 

6.4 Proposed model for composite steel beams 

Figure 6.2 shows schematically the proposed macro-model for simulating the response of composite 

steel beams. The model consists of an elastic beam-column element and seven nonlinear elements. 

These elements simulate both the bearing and strut-and-tie force transfer mechanisms of the slab-

column. Moreover, the slab rebars and beam-slab interaction are considered.  
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The flexural stiffness of the elastic beam-column element is adjusted by using an equivalent moment 

of inertia, which may be calculated as follows, 

𝐼𝑒𝑞 = 0.6𝐼+ + 0.4𝐼− (6.1) 

𝐼+ = 𝐼𝑏𝑎𝑟𝑒 + √𝜂 ∙ (𝐼𝑐,𝑓 − 𝐼𝑏𝑎𝑟𝑒) (6.2) 

𝐼− = 𝐼𝑏𝑎𝑟𝑒 (6.3) 

𝐼𝑒𝑞 = 𝐼𝑏𝑎𝑟𝑒 + 0.6√𝜂 ∙ (𝐼𝑐𝑓 − 𝐼𝑏𝑎𝑟𝑒) (6.4) 

in which, 𝐼+ and 𝐼− are the moments of inertia of the composite steel beam under sagging and hogging 

bending, respectively; they are calculated as per EN 1998-1 (CEN 2004a) or ANSI/AISC 360-16 

(AISC 2016b); 𝐼𝑏𝑎𝑟𝑒 is the second moment of area of the bare steel beam; 𝐼𝑐,𝑓 is the moment of inertia 

of the uncracked fully composite steel beam under sagging bending. It may be calculated either by 

EN 1998-1 (CEN 2004a) or by ANSI/AISC 360-16 (AISC 2016b); and 𝜂 is the degree of composite 

action under sagging bending. This is defined as the ratio of the actual number of shear studs to that 

required to achieve full composite action. 

Referring to Figure 6.2, the three axial nonlinear elements represent the two mechanisms of the slab-

to-column force transfer under sagging bending, in addition to the longitudinal rebars under hogging 

bending. These elements are assumed to act at the mid-depth portion of the slab above the profiled 

steel deck. Their length is assumed to be equal to 1.5 times the column depth, ℎ𝑐 (Menapace 1997; 

Rassati et al. 2004). The dissipative zones of the bare steel beams are idealized by zero-length rota-

tional elements. Furthermore, the beam-slab connection is modeled using axial zero-length elements 

that lump together the shear force – slip relationship of all the shear studs per shear span. Referring 

to Figure 6.2, the parallelogram model (Gupta and Krawinkler 1999) may be adopted to simulate the 

hysteretic behavior of the beam-to-column web panel zone.  
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Figure 6.2 Nonlinear macro-model schematic representation 

 

The sagging and hogging flexural demands on the composite steel beam may be calculated as follows 

(see Figure 6.1), 

𝑀± = 𝑀𝑏
± − 0.5𝐹𝑠

± ∙ (ℎ𝑏 + ℎ𝑠 + ℎ𝑝) (6.5) 

in which, 𝑀𝑏
± is the bending moment in the steel beam that considers the interaction of bending and 

axial load due to the presence of the slab as discussed later on; 𝐹𝑠
± is the axial force in the slab due to 

the composite action. Referring to Figure 6.1a, this force is assumed to act at the centerline of the 

concrete above the profiled steel deck; ℎ𝑏 is the depth of the steel beam; ℎ𝑠 is the thickness of the 

floor slab; and ℎ𝑝 is the height of the profiled steel deck (see Figure 6.1a). 

Figure 6.3a shows mechanism 1 i.e., bearing of the slab on the column flange. The force transferred 

by direct compression spreads through the effective width of the slab under sagging bending, 𝑏𝑒𝑓𝑓
+ , 

as per EN-1998-1 (CEN 2004a). The length of the compression strut along the direction of loading, 

is assumed to be 𝐿𝑀1 = 0.5𝑏𝑒𝑓𝑓
+  (Doneux 2002). The force-displacement relationship of the axial 

nonlinear element is shown in Figure 6.3b. The peak force, 𝐹𝑅1, transferred to the column through 

mechanism 1 is calculated as follows, 

𝐹𝑅1 = 𝑓𝑐
′𝑏𝑐(ℎ𝑠 − ℎ𝑝) (6.6) 

in which, 𝑓𝑐
′ is the concrete compressive strength and 𝑏𝑐 is the width of the column flange.  

Referring to Figure 6.3b, the adopted constitutive relationship is a tri-linear backbone under mono-

tonic loading. A peak-oriented hysteretic response represents the cyclic behavior of the connection. 

In the first segment of the backbone, the concrete strut is elastic up to a force of 0.6𝐹𝑅1. The corre-

sponding displacement at 0.6𝐹𝑅1 is 𝛿𝑒𝑙,1 = 0.6(𝑓𝑐
′/𝐸𝑐) ∙ 𝐿𝑀1 (𝐸𝑐 is the modulus of elasticity of 
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concrete). In the second segment, 𝐹𝑅1 is attained at a displacement of 𝛿𝑝,1 = 0.2% ∙ 𝐿𝑀1. The post-

peak capping behavior assumes that the concrete is confined and therefore crushing is delayed. If the 

slab is properly detailed according to EN-1998-1 (CEN 2004a) the degradation in 𝐹𝑀1 may be disre-

garded (Amadio et al. 2008; Rassati et al. 2004). On the other hand, Braconi et al. (2007) distinguished 

between confined and unconfined concrete below and above the reinforcing steel, respectively. The 

former exhibits elastic-perfectly plastic behavior while the latter exhibits degrading behavior. In the 

proposed model, the post-peak portion is linear and is characterized by a 15% strength drop at 𝛿𝑢,1 =

2% ∙ 𝐿𝑀1 as shown in Figure 6.3b. Validation studies with subassembly tests of composite beam-to-

column connections featuring slab detailing that conforms to EN-1998-1 (CEN 2004a) showed that 

the assumed modeling assumptions result in a relatively good agreement with the experimental find-

ings as discussed in the next section. 

 

 

 

(a) (b) 

Figure 6.3 Compression force transfer mechanism 1: (a) schematic representation; (b) axial nonlin-

ear constitutive relationship assigned to the axial nonlinear element 

 

Referring to Figure 6.4a, mechanism 2 (strut-and-tie) is composed of two compressive concrete struts 

and one steel tie in tension. Mechanism 2 can be considered as a combination of the compressive 

struts in series with the tension tie in the direction of force 𝐹𝑀2. The strut inclination, 𝜃, is assumed 

to be 45o and the strut crushing resistance factor, 𝜈 = 0.6 (Plumier and Doneux 2001). The length of 

the concrete struts, along the direction of loading, 𝐿𝑀2 = 2ℎ𝑐, while the length of the steel tie 𝐿𝑇𝑖𝑒 =

2𝐿𝑀2 + 𝑏𝑐. The peak compressive force in the concrete struts, along the direction of loading, is shown 

below for 𝜃 = 45o and 𝜈 = 0.6, 

𝐹𝑅2 = 0.6𝑓𝑐
′ℎ𝑐(ℎ𝑠 − ℎ𝑝) (6.7) 
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a bi-linear elastic perfectly plastic behavior is assigned to the steel tie. The yield tensile force in the 

tie, 𝐹𝑇𝑖𝑒 may be calculated as follows, 

𝐹𝑇𝑖𝑒 = 2𝐴𝑡𝑓𝑦𝑠 (6.8) 

in which, 𝐴𝑡 is the area of the seismic rebars within ℎ𝑐 from the column face (CEN 2004a); and 𝑓𝑦𝑠 

is the expected yield stress of the seismic rebars. 

Referring to Figure 6.4b, the yield displacement, along the direction of loading is 𝛿𝑦𝑠 = 0.5(𝑓𝑦𝑠/𝐸𝑠) ∙

𝐿𝑇𝑖𝑒 (𝐸𝑠 is the modulus of elasticity of steel). Furthermore, Figure 6.4b shows that the constitutive 

law of the concrete struts in mechanism 2 is akin to that of the concrete strut in mechanism 1. The 

difference lies in the peak resistance, 𝐹𝑅2, and the length along the direction of loading, 𝐿𝑀2 of the 

struts. Accordingly, 𝛿𝑒𝑙,2 = 0.6(𝑓𝑐
′/𝐸𝑐) ∙ 𝐿𝑀2, 𝛿𝑝2 = 0.2% ∙ 𝐿𝑀2 and 𝛿𝑢,2 = 2% ∙ 𝐿𝑀2. Referring to 

Figure 6.4b, mechanism 2 is controlled by yielding of the ties prior to crushing of the struts. Note-

worthy stating that mechanism 2 is not activated in perimeter composite steel MRFs. The lack of slab 

continuity at the edge implies that the width of the floor slab is insufficient for the development of 

the strut-and-tie mechanism (CEN 2004a; Doneux 2002; Plumier et al. 1998). 

 

 

 

(a) 
 

 

(b) 

Figure 6.4 Compression force transfer mechanism 2: (a) schematic representation; (b) nonlinear 

constitutive relationship assigned to the axial nonlinear element 

 

The nonlinear element corresponding to the slab longitudinal reinforcement is characterized by an 

elastic perfectly plastic axial force-displacement relationship. The yield force in the element is equal 

to 𝐴𝑠𝑟𝑓𝑦𝑟; where 𝐴𝑠𝑟 is the area of slab reinforcement within the effective width, 𝑏𝑒𝑓𝑓
− , under hogging 

bending (CEN 2004a); and 𝑓𝑦𝑟 is the expected yield stress of the slab reinforcement. The elastic 

stiffness of the nonlinear element is evaluated according to (Menapace 1997; Rassati et al. 2004). 
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The degrading response of the bare steel beam is simulated by the modified Ibarra-Medina-Krawin-

kler (IMK) deterioration model (Ibarra et al. 2005; Lignos and Krawinkler 2011). The monotonic 

backbone and cyclic degradation parameters of the rotational zero-length element of the bare steel 

beam are based on those developed by Lignos and Krawinkler (2011) and the modeling guidelines 

by Elkady and Lignos (2014). The parameters are adjusted for the physical phenomena discussed 

earlier. The effective yield moments of the bare steel beam hinge, 𝑀𝑦,𝑏
± , may be calculated as follows, 

𝑀𝑦,𝑏
± = 1.1 ∙ (1 − 𝛼)𝑊𝑝𝑙,𝑦𝑓𝑦   (6.9) 

in which, 𝑊𝑝𝑙,𝑦 is the bare beam plastic section modulus and 𝑓𝑦 is the expected material yield strength; 

𝛼 is a strength reduction factor to account for the moment-axial force interaction in the steel beam 

due to composite action. The strength reduction factor may be computed as per ANSI/AISC 360-16 

(AISC 2016b) (see Eq. (6.13)). To that end, the axial load ratios in the steel beam under sagging 

(𝑃+/𝑃𝑦) and hogging (𝑃−/𝑃𝑦) bending are considered. Note that if the axial load ratios were to be 

calculated assuming the maximum force under sagging and hogging bending, 𝑀𝑦,𝑏
±  would be overly 

conservative. The axial load ratio varies during the earthquake and the peak axial force is only trans-

mitted once the peak force in the slab is attained. The axial load decreases as the concrete and/or shear 

stud strength degrades. Accordingly, an average axial force corresponding to half the maximum axial 

force is considered; 𝑃+ is the average axial force that is transferred from the slab to the steel beam 

under sagging bending (see Eq. (6.10)); 𝑃− is the average axial force that is transferred from the slab 

to the steel beam under hogging bending (see Eq. (6.11)); and 𝑃𝑦 = 𝐴𝑏𝑓𝑦 is the plastic axial resistance 

of the steel beam with a cross-sectional area 𝐴𝑏, and an expected yield stress, 𝑓𝑦. 

𝑃+ = 0.5 ∙ (𝐹𝑅1 + 𝐹𝑅2) ≤ 0.5𝑛𝑜𝑄𝑢 (6.10) 

𝑃− = 0.5𝐴𝑠,𝑟𝑓𝑦𝑟 ≤ 0.5𝑛𝑜𝑄𝑢  (6.11) 

in which, 𝑛𝑜 is the number of shear studs in the shear span of the composite beam; and 𝑄𝑢 is the 

resistance of the shear studs according to EN-1998-1 (CEN 2004a). 

The proposed strength reduction factor, 𝛼, is calculated as the average reduction under sagging (𝛼+) 

and hogging (𝛼−) bending as follows,  

𝛼 = (𝛼+ + 𝛼−)/2 (6.12) 
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𝛼+ = {
1/8 ∙ (9𝑃±/𝑃𝑦 − 1),  𝑃±/𝑃𝑦 ≥ 0.2

𝑃±/2𝑃𝑦 ,              otherwise
 

(6.13) 

On the other hand, the peak effective flexural resistance of the bare steel beam differs under sagging, 

𝑀𝑐,𝑏
+ , and hogging, 𝑀𝑐,𝑏

− , bending. The slab restrains the top flange of the beam against local buckling, 

thereby resulting in a higher peak flexural resistance of the bare steel beam under sagging bending 

than under hogging bending. Particularly, 

𝑀𝑐,𝑏
+ = 1.4𝑀𝑦,𝑏

+   (6.14) 

𝑀𝑐,𝑏
− = 1.1𝑀𝑦,𝑏

−   (6.15) 

The pre- and post-peak rotations of the bare steel beam are modified to account for the slab effects 

according to Elkady and Lignos (2014). As discussed earlier, under hogging bending, the upward 

shift in the neutral axis expedites local buckling in the bottom flange of the beam. Accordingly, the 

pre- and post-peak rotations are reduced. This reduction is dependent on several factors such as the 

beam depth, the slab reinforcement ratio, and the degree of composite action under hogging bending, 

𝜂−. Due to the lack of measured data, only the latter is considered herein; thus,  

𝜂− = 𝑛𝑜𝑄𝑢/(𝐴𝑠𝑟𝑓𝑦𝑟)  (6.16) 

Composite steel beams compliant with EN-1998-1 (CEN 2004a), shall have 𝜂 ≥ 1.0. For beams with 

low 𝜂−, the compressive force transferred from the rebars to the steel beam is minor; therefore, the 

behavior, under hogging bending, is akin to that of the bare cross section. The following modifications 

are applied to the pre- (𝜃𝑝) and post-peak (𝜃𝑝𝑐) rotations calculated as per Lignos and Krawinkler 

(2011), 

𝜃𝑝
− = {

0.5𝜃𝑝,        𝜂− ≥ 50%

0.9𝜃𝑝,        otherwise
  (6.17) 

𝜃𝑝𝑐
− = {

0.8𝜃𝑝𝑐,        𝜂− ≥ 50%

𝜃𝑝,           otherwise
  (6.18) 

Under sagging bending, the slab augments the pre- and post- peak rotations. The modified 𝜃𝑝
+  and 

𝜃𝑝𝑐
+  equations are adopted from Elkady and Lignos (2014), 

𝜃𝑝
+ = 1.8𝜃𝑝  (6.19) 
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𝜃𝑝𝑐
+ = 1.35𝜃𝑝𝑐  (6.20) 

The rates of cyclic deterioration are modified to account for the differences in flexural strength deg-

radation under sagging (𝐷+ = 0.75) and hogging bending (𝐷− = 1.0).  

The beam-slab connection is modeled using a single zero-length element that is assigned a peak-

oriented hysteretic response of the modified IMK deterioration model (Ibarra et al. 2005). Shear studs 

in a shear span are all lumped to a single zero length element; hence redistribution of forces within 

the studs is not taken into consideration. Moreover, friction at the interface of the beam flange and 

the slab is disregarded. The force-slip displacement of the shear studs is obtained through calibration 

with available cyclic push-out tests on shear stud connectors that account for the stress state in the 

slab (Suzuki and Kimura 2019). The ultimate resistance of the beam-slab connection when the slab 

is in compression, 𝑄𝑢
+, and tension 𝑄𝑢

−, is calculated according to Suzuki and Kimura (Suzuki and 

Kimura 2019). Figure 6.5 demonstrates a comparison between the simulated and measured shear 

resistance versus slip displacement of typical headed studs under cyclic loading. The comparisons 

indicate a relatively good match. Referring to Figure 6.5a, the following parameters are used for 16 

mm headed shear studs: the effective yield strengths 𝑄𝑦
± = 90%𝑄𝑢

± , the pre-capping slip capacities 

𝛥𝑠,𝑝
± = 8 mm, the post-capping slip capacities 𝛥𝑠,𝑝𝑐

+ = 13 mm and 𝛥𝑠,𝑝𝑐
− = 8 mm, the ultimate slip 

capacities 𝛥𝑠,𝑢 = 15 mm, the strength and stiffness deterioration parameters, 𝜆𝑠 = 80 and 𝜆𝑘 = 30 

and the deterioration rate parameters 𝐷± = 1.0. The parameters for 19 mm headed shear studs in 

Figure 6.5b are obtained from El Jisr et al. (2020). Note that the all shear studs considered herein are 

ductile with ℎ𝑠𝑐/𝑑 > 4.0 (ℎ𝑠𝑐 and 𝑑 are the height and diameter of the shear studs, respectively). 

 

  

(a) (b) 

Figure 6.5 Calibration of a cluster of four (a) 16 mm and (b) 19 mm shear studs subjected to cyclic 

loading (Data from Suzuki and Kimura (2019)) 
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6.4.1 Validation studies 

The proposed macro-modeling approach for composite steel beams is validated with available phys-

ical experiments. These include both interior (MacRae et al. 2013; Ricles et al. 2004) and exterior 

(Kim and Lee 2017; Yamada et al. 2009; Zandonini and Bursi 2000) subassemblies. The slab config-

urations are either symmetric (Bursi and Gramola 2000; Kim and Lee 2017; MacRae et al. 2013; 

Yamada et al. 2009) or asymmetric (Ricles et al. 2004). Moreover, the tests comprise profiled sheeting 

that is either parallel (Bursi and Gramola 2000; Ricles et al. 2004; Yamada et al. 2009) or perpendic-

ular (Kim and Lee 2017; MacRae et al. 2013) to the primary steel girder. Finally, full, and partially 

composite steel beams are considered. The reported measured material properties are used for the 

validations. Figure 6.6a shows the configurations of the employed specimens along with the relevant 

force-deformation parameters used to obtain the hysteretic response per test. 

Referring to Figure 6.6, the proposed modeling approach predicts well the flexural stiffness of the 

composite steel beams. For fully composite beams, the effective flexural strength is within 10% of 

that achieved in the tests regardless of the orientation of the deck. While cyclic deterioration in flex-

ural strength of composite steel beams is generally predicted well, in cases where the orientation of 

the deck is transverse to the primary girder (see Figure 6.6f), the proposed model underestimates the 

cyclic deterioration in flexural strength. This is due to extensive spalling that often occurs at the slab-

column interface (MacRae et al. 2013).  

The proposed model tends to slightly overestimate the slip demands in the composite slab as it does 

not account for the redistribution of the shear force between the studs. Referring to Figure 6.7, in 

subassembly L.P.C (Bursi and Gramola 2000) the maximum reported slip is 10% (14 mm versus 

about 13 mm) lower than that obtained by the macro-model under sagging bending and about 25% 

lower under hogging bending (8 mm versus 6 mm). Considering the simplified assumptions of the 

proposed model, it captures the shear stud slip reasonably well.  
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(a) (b) 

   

(c) (d) (e) 

   

(f) (g) (h) 

Figure 6.6 Validation of the proposed modeling approach with subassembly specimens; (a) Sub-as-

sembly configurations (b) Composite Beam 1 (Yamada et al. 2009); (c) F.C. (Bursi and Gramola 

2000); (d) L.P.C (Bursi and Gramola 2000); (e) I.P.C (Bursi and Gramola 2000); (f) Transverse 

deck unit (MacRae et al. 2013); (g) SPEC3 (Ricles et al. 2004); (h) PN500C–TH (Kim and Lee 

2017) 
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Figure 6.7 Modeled hysteretic response of the beam-slab connection for specimen L.P.C (Bursi and 

Gramola 2000) 

 

6.5 Prototype composite steel frame buildings 

A 6-story prototype building of importance class II is designed according to the European seismic 

provisions (CEN 2004a; b, 2005b; c). The building consists of 3-bay space composite steel MRFs in 

the East-West (EW) direction, and two perimeter CBFs in the North-South (NS) direction (Figure 

6.8a). A typical elevation view of the composite steel MRF is shown in Figure 6.8b. The composite 

steel MRFs are designed with full-strength rigid stiffened end plate beam-to-column connections. The 

beam-to-column web panel zones are designed to remain elastic. Columns are spliced at stories 3 and 

5 (see Figure 6.8b). The prototype building is designed for a reference peak ground acceleration, 𝑎𝑔𝑅, 

of 0.22 g. This value is identical for different European sites: Sion in Switzerland, Aikaterini in 

Greece and Braila in Romania (Giardini et al. 2013). As per EN-1998-1 (CEN 2004a), all three sites 

have the same Type 1 design spectrum (behavior factor 𝑞 = 3, ground Type D and viscous damping 

ratio, 𝜉 = 2%). The prototype building is designed with response spectrum analysis. All members are 

fabricated by S355J2 steel (i.e., nominal yield stress of 𝑓𝑦𝑛 = 355 MPa). 

The floor slab has a total thickness of 125 mm and consists of a 56 mm profiled sheeting (Cofrastra 

56) with ribs oriented parallel to the MRF girders. The characteristic compressive strength of concrete 

is 30 MPa. The slab reinforcement (𝑓𝑦𝑟 = 500 MPa) includes two layers of longitudinal 8 rebars at 

150 mm spacing, as well as 5𝜙10 seismic rebars placed within ℎ𝑐 from the face of the column. Details 

of the composite cross section near the interior MRF column are shown in Figure 6.8c. Three different 

designs with full (𝜂 = 100%) and partial (𝜂 = 80% and 50%) composite action are considered. For 

the designs with partially composite steel beams, the 25% reduction in the shear stud capacity re-

quired by EN 1998-1 (CEN 2004a) is intentionally waived. Moreover, a lower degree of composite 

action results in lower flexural demand on the columns as well as the panel zones. Nevertheless, the 

difference between the column sizes is negligible because their design is mostly governed by the 
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interaction of bending with the axial force. As such, the same member sizes are employed in the three 

designs. 

 

 
  

(a) (b) 

 

 

(c)  

Figure 6.8 (a) Typical plan view of the prototype buildings; (b) elevation view of the six-story com-

posite MRF; (c) detail of the composite cross section at interior MRF columns 

 

6.6 Nonlinear building models 

The three prototype buildings are modeled using two-dimensional (2D) nonlinear models in the EW 

loading direction. The models are developed in the open-source simulation platform OpenSEES 

(McKenna 1997). Half of each prototype building is modeled. The interior and exterior composite 

steel MRFs (see Figure 6.8a) are linked in series via axially rigid truss elements as shown in Figure 

6.9. Both frames should be considered in the model to properly simulate the destabilizing effects due 

to gravity on the overall building response. For the steel members, the expected yield strength is 

obtained by multiplying the nominal yield strength 𝑓𝑦𝑛 by a material overstrength factor of 1.17 for 

S355J2 steel (Braconi et al. 2013). Inelastic deformations in the steel columns are modeled as pro-

posed in Lignos et al. (2019). The panel zone rotational springs are modeled by assuming an asym-

metric behavior to account for different effective depths of the panel zone due to the presence of the 

slab under sagging and hogging bending (Elkady and Lignos 2014). Composite steel beams are 
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modeled with the proposed modeling approach discussed earlier. The flexural stiffness of the exterior 

composite steel MRF composite beams is lower than that in the interior composite steel MRF beams 

owing to the larger effective width in the latter. Gravity loads are assigned to the composite steel 

MRF columns based on the respective tributary area around the columns.  

A fictitious leaning column is added to properly consider the effect of gravity loading, 𝑃′, from the 

6m edge spans of the prototype building that are not part of the tributary areas around the columns. 

The leaning column is connected with axially rigid truss elements to the two composite steel MRFs 

as shown in Figure 6.9 and a vertical load of 𝑃′/2 is applied to the leaning column at each story. 

Rayleigh damping is incorporated in the model according to the approach summarized in Zareian and 

Medina (2010). A 2% critical damping ratio is applied at the first and third modes of the building 

model as recommended by PEER/ATC (2010). 

 

 

Figure 6.9 OpenSEES nonlinear model of the prototype building 

 

6.7 Site-specific probabilistic seismic hazard analysis and ground motion selection 

Site-specific ground motion records are selected for nonlinear response history analysis (NRHA) that 

is discussed later on. For this reason, probabilistic seismic hazard analysis is performed for the three 

design sites. In brief, the ground motion prediction equation (GMPE) of Boore and Atkinson (Boore 

and Atkinson 2008) is employed. The area source model of SHARE (Giardini et al. 2013) is adopted 

and all sources within 200 km from the specific site are accounted for. The average shear wave ve-

locity (150 m/s) corresponds to ground type D. Seismic hazard and disaggregation analyses are per-

formed using OpenQuake (Monelli et al. 2012). 
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Seismic hazard analysis is performed for each site for the average spectral acceleration, 𝑆𝑎𝑎𝑣𝑔. This 

intensity measure (IM) is computed as the geometric mean of spectral acceleration ordinates over a 

period range of 0.4 to 4.4s with an increment size of 0.1s (Eads et al. 2015). Figure 6.10 shows the 

seismic hazard curves for the three considered sites. While 𝑎𝑔𝑅 is the same at all three sites, the 

seismic hazard is quite different. Particularly, the design site at Braila is mostly controlled by more 

frequent earthquakes, whereas the one in Sion is strongly influenced by seismic events with a low 

probability of occurrence. At Aikaterini, the seismic hazard is higher than the other two design sites. 

The annual rate of exceedance is close to that in Braila for 𝑆𝑎𝑎𝑣𝑔 < 0.15 g and slightly higher than 

that in Sion for 𝑆𝑎𝑎𝑣𝑔 > 0.4 g. 

 

 

Figure 6.10 Seismic hazard curves at the three design locations 

 

Two earthquake record sets corresponding to 𝑆𝑎𝑎𝑣𝑔 levels at two return periods (𝑇𝑅 = 475 years and 

2475 years) are selected at each design site. The record selection utilizes the conditional spectrum 

(CS) with mean magnitude (�̅�) and distance from rupture (�̅�) as the target spectrum (Baker 2011; 

Kohrangi et al. 2017; Lin et al. 2013). The values of �̅� and �̅� for record selection are listed in Table 

6.1 along with the 𝑆𝑎𝑎𝑣𝑔 values at 475 and 2475 years return periods. No limitations on parameters 

�̅�, �̅� and 𝑣𝑠30 of the selected records are considered; it is assumed that the spectral shape can define 

all the characteristics of the hazard at each site (Tarbali and Bradley 2016). Each ground motion set 

consists of 40 records and was assembled from the NGA-West database. Figure 6.11 shows the 

ground motion sets per design location for a return period of 2475 years. Both pulse-like and non-

pulse-like records are chosen and the scaling factor for record selection is limited to a maximum of 

10. 
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Table 6.1 Average spectral acceleration, mean magnitude and distance obtained from disaggrega-

tion analysis for the three sites at 475 and 2475 years return periods 

𝑇𝑅 [years] 
Sion (Switzerland) Aikaterini (Greece) Braila (Romania) 

𝑆𝑎𝑎𝑣𝑔  [g] �̅� �̅� [km] 𝑆𝑎𝑎𝑣𝑔  [g] �̅� �̅� [km] 𝑆𝑎𝑎𝑣𝑔 [g] �̅� �̅� [km] 

475 0.11 6.4 26.9 0.18 7.1 55.2 0.15 7.1 99.2 

2475 0.22 6.5 15.5 0.30 7.2 32.0 0.23 7.2 89.1 

 

 

   

          (a)         (b)          (c) 

Figure 6.11 Selected records for 𝑇𝑅 = 2475 years; (a) Sion; (b) Aikaterini; (c) Braila 

 

6.8 Nonlinear static analysis 

Nonlinear static analysis based on a first mode lateral load pattern is conducted for the prototype 

buildings. Figure 6.12a shows the pushover curve of the three nonlinear building models in terms of 

first story base shear versus roof displacement. The base shear, 𝑉𝑏𝑎𝑠𝑒, is normalized with respect to 

the seismic weight of the modeled frames (i.e. seismic weight of half the prototype building), 𝑊𝑠 = 

10869 kN. The roof drift ratio, 𝜃𝑟, is calculated as 𝛿𝑟/𝐻, where 𝛿𝑟 is the roof displacement and 𝐻 is 

the total height of the prototype building. Figure 6.12a suggests that the nonlinear static response of 

the prototype buildings is not significantly influenced by the degree of composite action. 

The static overstrength factor, Ω, and period-based ductility factor, 𝜇𝑇 (FEMA 2009) are obtained 

from the pushover curves as shown in Figure 6.12b. The system level parameters are summarized in 

Table 6.2. The same table includes the first mode periods of each nonlinear building model based on 

standard eigenvalue analyses. Note that the first mode period increases with decreasing degree of 

composite action due to the decrease in the flexural stiffness of the composite steel beams. Neverthe-

less, the difference between periods is less than 5%.  
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(a) (b) 

Figure 6.12 Comparison of pushover curves for the three prototype composite steel frames; (b) deri-

vation of performance parameters 

 

Referring to Table 6.2, the high values of the global yield drift are commonly observed in buildings 

featuring space MRFs. Unlike in buildings with only perimeter MRFs (Elkady and Lignos 2014; 

NIST 2010), beams that are part of space-frame systems tend to be of shallower depths (i.e., beam 

depths less than 500 mm) and have larger span-to-depth ratios (> 8.0). For the prototype composite 

steel MRF, the shear span-to-depth ratio varies between 8 in the bottom stories and 12.5 in the top 

stories. 

 

Table 6.2 Prototype composite steel MRFs first mode periods and performance parameters obtained 

from nonlinear static analysis 

  𝜂 = 100% 𝜂 = 80% 𝜂 = 50% 

𝑇1 [s] 1.70 1.66 1.62 

𝜃𝑦,𝑒𝑓𝑓  [% rad] 1.3 1.4 1.4 

Ω 3.8 3.8 3.7 

𝜇𝑇 4.5 4.2 4.2 

 

Referring to Figure 6.12b, the static overstrength factor, Ω, is computed as the ratio between the 

maximum base shear, 𝑉𝑚𝑎𝑥, and the design base shear obtained through modal response spectrum 

analysis, 𝑉𝑑𝑒𝑠𝑖𝑔𝑛.  

Table 6.2 shows that is close to 4.0 regardless of the employed degree of composite action. The high 

Ω values are attributed to (i) the steel material overstrength; (ii) the discrete choice of beam and 

column cross sections; (iii) oversizing the beams and columns to resist gravity loads; and most im-

portantly (iv) the drift control requirements. The above matters are elaborated in Osteraas and 

Krawinkler (1989) based on field reconnaissance and corroborating structural analyses of actual 

buildings after the 1985 earthquake in Mexico city. According to Elghazouli (2010), a typical MRF 
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designed according to EN 1998-1 (CEN 2004a) can have considerable overstrength. European drift 

requirements (CEN 2004a) are more stringent than those in the US (ASCE 2016). Moreover, the 

stability coefficient is fairly conservative, which leads to considerable overstrength (Elghazouli 2010; 

Macedo et al. 2019; Tsitos et al. 2018). Haselton et al. (2011) noted that beams in space MRFs are 

designed for higher gravity loads than those in perimeter MRFs, which generally results in higher 

overstrength. In general, further research is required to refine the EN 1998-1 provisions (CEN 2004a) 

through the benchmarking of the seismic performance of composite steel MRFs.  

Table 6.2 summarizes the period-based ductility, 𝜇𝑇, defined as the ratio between the roof drift at 

20% drop in base shear and the roof drift ratio at yield (see Figure 6.12b). Figure 6.13 shows the 

progression of the collapse mechanism of the prototype composite steel MRF (𝜂 = 100%) along its 

height. The three-story collapse mechanism, evident at a roof drift ratio of 8% rad, is attributed to the 

high strong-column-weak-beam (SCWB > 2) ratio in the first two stories. The column section sizes 

in these stories are governed by the moment and axial force demands. Despite the intrinsic value and 

simplicity of nonlinear static analysis, it cannot be used for the earthquake-induced collapse risk as-

sessment of the composite steel MRFs due to the associated limitations of the simplified analysis 

technique (Krawinkler and Seneviratna 1998). For the above reasons, nonlinear response history anal-

yses are conducted as discussed in the subsequent sections. 

 

  

(a) (b) 

Figure 6.13 (a) Normalized displacement profile of the prototype composite steel frame (𝜂 = 100%) 

at different roof drift levels based on pushover analysis; (b) Peak SDR at targeted roof drift levels 

 

6.9 Collapse risk assessment 

This section investigates the collapse risk of the prototype buildings. The dependence on the design 

site and the degree of composite action of the composite steel beams is examined. To this end, incre-

mental dynamic analysis (IDA) is conducted (Vamvatsikos and Cornell 2002). The ground motion 
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records discussed earlier are scaled incrementally with respect to the 5%-damped average spectral 

acceleration, 𝑆𝑎𝑎𝑣𝑔 until dynamic instability occurs; that is, until a story, or a number of a stories, 

deforms laterally and the story shear resistance becomes zero due to second order effects accelerated 

by structural component deterioration. This definition of structural collapse is consistent with prior 

shake table experiments of steel MRFs (Lignos et al. 2013). This definition of structural collapse is 

consistent with prior shake table experiments in steel MRF Herein, the adopted IM is the average 

spectral acceleration because of its sufficiency and efficiency relative to other commonly used IMs 

(Eads et al. 2015). 

Figure 6.14a shows the IDA curves for the prototype building (𝜂 = 100%) in Sion. The 𝑆𝑎𝑎𝑣𝑔 is 

plotted versus the absolute maximum story drift ratio (𝑆𝐷𝑅𝑚𝑎𝑥). The median,16th and the 84th per-

centiles are also superimposed in the figure. Referring to Figure 6.14b, the peak floor acceleration 

(𝑃𝐹𝐴) caps as the building response becomes inelastic. Nevertheless, the median 𝑃𝐹𝐴 is high (~ 2.0 

g) due to the high system overstrength (see Table 6.2).  

 

 
 

(a) (b) 

Figure 6.14 IDA curves for the prototype fully composite steel frame (𝜂 = 100%) in Sion; (a) peak 

story drift ratios; (b) peak floor absolute accelerations 

 

The collapse fragility curves are obtained by fitting the cumulative probabilities of collapse corre-

sponding to the 40 collapse intensities with a lognormal cumulative distribution. Figure 6.15 shows 

the dependence of the collapse fragility curves on the degree of composite action of the composite 

steel beams and the design site. The median collapse intensities, 𝜇𝑆𝑎𝑎𝑣𝑔,𝑐
, and lognormal standard 

deviations, 𝜎ln 𝑆𝑎𝑎𝑣𝑔,𝑐
, of the collapse intensities are summarized in Table 6.3 for the analyzed build-

ings. Referring to Figure 6.15a, the collapse capacity of the prototype buildings is somewhat influ-

enced by the degree of composite action of the composite steel beams. The collapse capacity de-

creases with decreasing degree of composite action. This decrease is explained by the lower lateral 
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stiffness of the composite steel MRFs with lower degree of composite action. Consequently, global 

P-Delta effects are more prominent for lower degrees of composite action. However, the difference 

in the median collapse capacity is minor (within 15%) as shown in Table 6.3.  

Figure 6.15b depicts the dependence of the collapse capacity of the prototype buildings on the design 

site. The choice of the ground motion record set influences their collapse capacity. Nevertheless, the 

use of 𝑆𝑎𝑎𝑣𝑔 ensures that the record-to-record variability is not significant and hence the difference 

in median collapse capacity is around 15%. This is also reflected in the low 𝜎ln 𝑆𝑎𝑎𝑣𝑔,𝑐
 values, which 

are summarized in Table 6.3.  

 

  

(a) (b) 

Figure 6.15 Comparison of collapse fragility curves for (a) the three prototype composite steel 

frames in Sion; and (b) the fully composite steel frame at the three design sites 

 

Table 6.3 Median collapse intensity and standard deviation of the collapse fragility curves for the 

three prototype composite steel MRFs at three design sites 

 Sion (Switzerland) Aikaterini (Greece) Braila (Romania) 

𝜂[%] 100 80 50 100 80 50 100 80 50 

𝜇𝑆𝑎𝑎𝑣𝑔,𝑐
 [g] 1.29 1.22 1.14 1.12 1.05 1.00 1.12 1.06 1.03 

𝜎ln 𝑆𝑎𝑎𝑣𝑔,𝑐
 0.23 0.22 0.20 0.21 0.19 0.19 0.24 0.23 0.23 

 

The collapse risk of the prototype buildings is evaluated through the mean annual frequency of col-

lapse, 𝜆𝑐. This is computed by integrating the collapse fragility curves over the corresponding hazard 

curves for a given design site, 

 𝜆𝑐 = ∫ (𝑃𝑐|𝑆𝑎𝑎𝑣𝑔 = 𝑥) ∙ |𝑑𝜆𝑆𝑎𝑎𝑣𝑔
(𝑥)|

∞

0
  (6.21) 

In which, (𝑃𝑐|𝑆𝑎𝑎𝑣𝑔 = 𝑥) is the probability of collapse given 𝑆𝑎𝑎𝑣𝑔 equals to a seismic intensity 𝑥, 

obtained from the collapse fragility curve; and 𝜆𝑆𝑎𝑎𝑣𝑔
(𝑥) is the mean annual rate of 𝑆𝑎𝑎𝑣𝑔 exceeding 

𝑥 obtained from the seismic hazard curve. The integral is solved numerically according to Eads et al. 
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(2013). The corresponding probability of collapse, 𝑃𝑐(50 years), of the prototype buildings is calcu-

lated over a period of a 50-year building life expectancy, by assuming that earthquakes follow a Pois-

son distribution over time. Table 6.4 summarizes the values for all the examined cases. The 𝑃𝑐(50 

years) is considerably lower than the 1% limit specified in ASCE/SEI 7-16 (ASCE 2016) regardless 

of the design site. This is because the annual rate of seismic hazards associated with the median 

collapse intensities is practically insignificant (𝜆 < 10-6) compared to other design sites from around 

the world, such as southern California. Other reasons for the relatively low annualized probabilities 

of structural collapse relate to the stringent EN 1998-1 (CEN 2004a) lateral drift requirements that 

also contribute to appreciable system-level overstrength (see Table 6.2) as well as the stability re-

quirements with regard to global P-Delta effects. Of interest from a repairability standpoint are po-

tential repair actions in designs featuring beams with partial degrees of composite action, given that 

the 25% reduction in the shear stud resistance has been waived. 

 

Table 6.4 Mean annual frequency of collapse and the probability of collapse in 50 years for the 

three prototype composite steel MRFs at the three design sites 

 Sion (Switzerland) Aikaterini (Greece) Braila (Romania) 

𝜂 [%] 100 80 50 100 80 50 100 80 50 

𝜆𝑐 [1/year] 5.9e-07 7.5e-07 1.0e-06 4.1e-06 5.0e-06 6.6e-06 2.2e-08 3.0e-08 3.9e-08 

𝑃𝑐(50 years) [%] 0.0029 0.0037 0.0053 0.021 0.025 0.033 0.0001 0.0002 0.0002 

 

6.10 Peak slip hazard curves for beam-slab connections and damage assessment 

The proposed macro-model approach allows for the explicit quantification of the peak slip demands 

of beam-slab connections along the building height, 𝛥𝑠𝑝. Figure 6.16 shows 𝛥𝑠𝑝 along the building 

height based on single-stripe analysis at a design-basis earthquake (DBE) for Aikaterini. The slip 

demands are generally higher in the lower stories. The slip demands can be quantified in the context 

of the performance-based earthquake engineering framework through the development of 𝛥𝑠𝑝 hazard 

curves. Potential cyclic deterioration in the shear resistance of beam-slab connections may result in 

high slip demands. Therefore, the 𝛥𝑠𝑝 hazard curves provide an effective means of quantifying the 

peak slip demands within the framework of performance-based earthquake engineering, and hence 

the damage in the beam-slab connections at return periods of interest to the engineering community. 

This is achieved by computing a mean annual rate of exceeding a slip value, 𝜆𝛥𝑠𝑝
, for any given return 

period that is associated with a seismic event (e.g., design basis and/or serviceability earthquakes). 

This relates to the concept of EDP hazard curves as described in prior-related work (Krawinkler and 
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Miranda 2004). For simplicity, 𝛥𝑠𝑝 is taken as the maximum slip demand on all beam-slab connec-

tions in the prototype buildings. 

 

  

(a) (b) 

Figure 6.16 Peak slip, 𝛥𝑠𝑝, profile along the height of the prototype building in Aikaterini at DBE 

seismic intensity, (a) 𝜂 = 80% and; (b) 𝜂 = 50% 

 

The beam-slab connection slip hazard curves are developed according to Krawinkler and Miranda 

(2004). The slip demands obtained directly by the proposed model (see Figure 6.17a for a single 

simulation) are used for this purpose. The mean annual rate of 𝛥𝑠𝑝 exceeding 𝑦 is computed as fol-

lows, 

𝜆𝛥𝑠𝑝
(𝑦) = ∫ 𝑃[𝛥𝑠𝑝 > 𝑦|𝑆𝑎𝑎𝑣𝑔  = 𝑥] ∙ |𝑑𝜆𝑆𝑎𝑎𝑣𝑔

(𝑥)|  (6.22) 

in which, 𝑃[𝛥𝑠𝑝 > 𝑦|𝑆𝑎𝑎𝑣𝑔  = 𝑥] is the probability of 𝛥𝑠𝑝 exceeding 𝑦 given 𝑆𝑎𝑎𝑣𝑔 equals to a seis-

mic intensity 𝑥; and 𝜆𝑆𝑎𝑎𝑣𝑔
(𝑥) is the mean annual rate of 𝑆𝑎𝑎𝑣𝑔 exceeding 𝑥 obtained from the cor-

responding seismic hazard curve. The probability 𝑃[𝛥𝑠𝑝 > 𝑦|𝑆𝑎𝑎𝑣𝑔  = 𝑥] is computed according to 

Eq. (6.23). It is assumed that at the collapse intensities, 𝑃(𝛥𝑠𝑝 > 𝑦) = 1. 

𝑃[𝛥𝑠𝑝 > 𝑦|𝑆𝑎𝑎𝑣𝑔 = 𝑥] = (𝑃𝑐|𝑆𝑎𝑎𝑣𝑔 = 𝑥) + [1 − (𝑃𝑐|𝑆𝑎𝑎𝑣𝑔 = 𝑥)] ∙ (1 − Φ (
ln 𝑦−ln 𝜇𝛥𝑠𝑝

𝜎ln 𝛥𝑠𝑝

))  (6.23) 

In which, (𝑃𝑐|𝑆𝑎𝑎𝑣𝑔 = 𝑥) is the probability of collapse given 𝑆𝑎𝑎𝑣𝑔 = 𝑥, and is obtained by the col-

lapse fragility curves; Φ is the lognormal cumulative distribution function; ln 𝜇𝛥𝑠𝑝
 is the natural log-

arithm of the median of 𝛥𝑠𝑝 for the non-collapse cases; and 𝜎𝑙𝑛𝛥𝑠
 is the standard deviation of the 

natural logarithm of 𝛥𝑠𝑝 for the non-collapse cases. Referring to Figure 6.17b, the 𝛥𝑠𝑝 values at 𝑆𝑎𝑎𝑣𝑔 

obtained from the IDA curves are fitted with a lognormal distribution. The mean annual rate of ex-

ceedance, 𝜆𝛥𝑠𝑝
(𝑦) is then obtained by numerical integration. Figure 6.17c shows the 𝛥𝑠𝑝 hazard 
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curves for two of the analyzed buildings with partially composite beams at the three design sites. The 

𝛥𝑠𝑝 values are generally higher in composite steel MRFs in Braila and Aikaterini than in Sion for 

annual rates 𝜆𝛥𝑠𝑝
< 10-4. This is because the seismic hazard in the first two design sites is character-

ized by more frequently occurring seismic events. Conversely, Sion is characterized by seismic events 

with low probability of occurrence; hence, slip demands of beam-slab connections are lower than 

those determined in Braila.  

 

  

(a) (b) 

  

(c) (d) 

Figure 6.17 (a) Peak slip demands, 𝛥𝑠𝑝, shown for the most critical beam-slab connection along the 

building height (Sion, 𝜂 = 80%); (b) distribution of 𝛥𝑠𝑝, for selected 𝑆𝑎𝑎𝑣𝑔 values (Sion, 𝜂 = 

80%); (c) developed 𝛥𝑠𝑝, hazard curves for the two prototype buildings with partially composite 

steel beams at the three design sites; (d) typical fragility functions for the beam-slab connections (El 

Jisr and Lignos 2021) 

 

The median 𝛥𝑠𝑝 values at three representative return periods (𝑇𝑅 = 72, 475 and 2475 years) are sum-

marized in Table 6.5. At a return period of 72 years (i.e., service level earthquake), the median 𝛥𝑠𝑝 

values are less than 1 mm regardless of the design location, and the degree of composite action. At 

return periods associated with a design-basis earthquake (DBE), the median 𝛥𝑠𝑝 values are within 2 

mm for 𝜂 = 80% and 3 mm for 𝜂 = 50%. On the other hand, at return periods associated with a 

maximum considered earthquake (MCE), the median 𝛥𝑠𝑝 values vary between the three sites and 

Peak slip, Dsp

Probability of 

exceedance
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range between 2.5 and 4.5 mm for 𝜂 = 80%, and 4.0 to about 6.0 mm for 𝜂 = 50%. In order to better 

comprehend the significance of the above values, these are correlated with slip-based fragility func-

tions that estimate the likelihood of reaching or exceeding discrete damage states in beam-slab con-

nections as defined in (El Jisr and Lignos 2021). The employed fragility functions in Figure 6.17d 

were derived from cyclic push-out tests (Suzuki and Kimura 2019) that account for the stress state in 

the slab. Four damage states are considered: (i) DS1, light cracking in the concrete; (ii) DS2, extended 

cracking in the concrete accompanied with stud yielding and/or crushing near the base of the shear 

studs; (iii) DS3, low-cycle fatigue microcracking in the shear studs and extensive cracking in the 

concrete; and (iv) DS4, loss of shear load carrying capacity of the beam-slab connection.  

 

Table 6.5 Comparison between the median 𝛥𝑠𝑝 [mm] values of the prototype composite steel MRFs 

at three representative return periods  

 Sion (Switzerland) Aikaterini (Greece) Braila (Romania) 

 [%] 80 50 80 50 80 50 

𝑇𝑅 = 72 years 0.3 0.4 0.5 0.8 0.6 0.9 

𝑇𝑅 = 475 years 0.7 1.3 1.4 2.7 1.7 2.5 

𝑇𝑅 = 2475 years 2.5 4.0 4.5 6.2 3.5 4.7 

 

Figure 6.18 illustrates the probability of occurrence of each damage state in the beam-slab connec-

tions. Referring to Figure 6.18a, for 𝜂 = 80%, beam-slab connections are very likely to experience 

light cracking in the slab (DS1) or no damage (30% to 95%), for seismic events with a 72-year return 

period (i.e. 50% probability in 50 years). For a 475-year return period associated with a DBE (i.e., 

10% probability in 50 years), the probability of extended cracking in the slab and stud yielding or 

concrete crushing near the base of the studs (DS2), is negligible for Sion and less than 10% for Aika-

terini and Braila. Figure 6.18b shows the damage in beam-slab connections at the three design sites 

for 𝜂 = 50%. For a 72-year return period, the damage is minimal as in the design with 𝜂 = 80%. For 

a 475-year return period, the probability of extended cracking in the slab and stud yielding or concrete 

crushing near the base of the studs is up to 20% for Aikaterini and Braila. On the other hand, extensive 

damage in the slab and low-cycle fatigue microcracking (DS3) are unlikely to occur (<10% proba-

bility). The probability of the loss of shear load carrying capacity in the beam-slab connections is 

negligible for all three design sites regardless of the degree of composite action. The above findings 

demonstrate that the integrity of the beam-slab connections in shallow partially composite steel beams 

(𝑑𝑏 < 500 mm) is maintained for a DBE event (𝑇𝑅 = 475 years) even though the 25% reduction in 

capacity of shear studs was disregarded in the design.  
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(a) (b) 

Figure 6.18 Probability of damage in the beam-slab connection for the prototype composite steel 

frames with partially composite beams; (a) 𝜂 = 80%; and (b) 𝜂 = 50% 

 

6.11 Limitations 

It is worth mentioning that although the proposed macro-modeling approach can simulate the global 

frame and local component behaviors, it comes with several limitations. The present model cannot 

capture the following phenomena: (i) the redistribution of the demands on the shear studs; (ii) the slip 

profile in the beam-slab connections along the length of the beams; (iii) uplift of the shear studs; (iv) 

the effects of framing action, which has been shown to increase the plastic rotation capacity of the 

beams (Donahue et al. 2017; FEMA 2000a); (v) fracture of the beam-to-column connection; and (vi) 

concrete spalling at the beam-column interface. Spalling of concrete leads to a loss of the bearing 

mechanism, which in turn decreases the shear demands on beam-slab connections at lateral drift de-

mands higher than 3% rads. Furthermore, since the employed slip-based fragility functions were de-

rived from a database of cyclic push-out tests, they tend to overestimate the expected damage in the 

beam-slab connections (Cordova and Deierlein 2005; El Jisr et al. 2020). Hence, the probabilities of 

damage presented in this paper are upper-bound probabilities. The proposed modeling approach is 

valid for 2D nonlinear response history analysis. Further enhancements, that account for three-dimen-

sional effects and the influence of transverse beams on the global frame and local component seismic 

behavior, should be carefully considered. 

 

6.12 Conclusions 

This chapter proposes a nonlinear, computationally efficient, macro-model for simulating the deteri-

orating behavior of fully restrained beam-to-column connections with composite steel beams. The 

model incorporates the effects of the floor slab on the flexural strength through mechanics-based 
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constitutive laws that account for damage in the slab. Furthermore, the model can capture the asym-

metric hysteretic response and flexural strength deterioration that occurs in composite steel beams. 

The model can explicitly predict the slip demands in beam-slab connections. Test data from available 

subassembly tests were used to carefully validate the proposed model. 

System-level nonlinear static analysis as well as incremental dynamic analysis (IDA) through col-

lapse are conducted to benchmark the seismic risk of a set of prototype buildings that feature compo-

site steel MRFs as their primary lateral load resisting system. These are designed in accordance with 

EN 1998-1 (CEN 2004a) for three different European sites. Additionally, the code requirements for 

the number of shear stud connectors are waived for the MRFs with partially composite beams. The 

collapse risk of the prototype MRFs is computed and its dependence on the degree of composite 

action and design sites is explicitly quantified. The results from nonlinear building simulations are 

also employed to develop novel peak slip hazard curves for beam-slab connections that enable the 

assessment of their integrity at characteristic return periods of interest to the engineering profession. 

While benchmarking the collapse risk relates to life safety in rare seismic events, the proper quanti-

fication of peak slip demands in beam-slab connections relates to structural repair actions in the af-

termath of more frequently occurring earthquakes. The main findings are summarized as follows: 

▪ Results from nonlinear static analysis suggest that the static overstrength factor, Ω, is close to 4 

and the period-based ductility, 𝜇𝑇, ranges between 4.2 and 4.5. The high value of Ω is due to the 

lateral drift requirements in the current EN 1998-1 (CEN 2004a). 

▪ The collapse assessment of the examined buildings indicates that their median collapse intensity 

is somewhat sensitive to the degree of composite action. While the design sites have the same 

design spectrum according to the current EN 1998-1 seismic provisions (CEN 2004a), the median 

collapse capacity between the examined cases is site dependent due to differences associated with 

the seismic hazard curves of each design location.  

▪ The collapse risk of the three prototype buildings at all design sites in terms of annualized prob-

abilities of collapse over a 50-year building life expectancy is considerably lower than the 1% 

limit specified in ASCE/SEI 7-16 (ASCE 2016). The highest values are noted in Aikate-

rini/Greece, 𝜂 = 50% and are equal to 0.03%. The relatively low annualized probabilities of col-

lapse are mostly attributed to the strict lateral drift limits according to EN 1998-1(CEN 2004a). 

▪ The peak slip demands in beam-slab connections are strongly influenced by seismic events with 

a high probability of occurrence. The developed beam-slab connection peak slip hazard curves 
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suggest that for 𝜂 = 80%, the slip demands at a return period associated with a DBE event (𝑇𝑅 = 

475 years) are up to 2 mm. On the other hand, for 𝜂 = 50%, the slip demands can reach up to 3 

mm. 

▪ In prototype buildings with partially composite steel beams (𝜂 = 80% and 𝜂 = 50%), the beam-

slab connections experience minimal or no damage for frequently occurring seismic events (i.e., 

𝑇𝑅 = 72 years). For DBE events, the probability of damage in beam-slab connections is mainly 

characterized by light cracking in the slab (>70%) for 𝜂 = 80%. For the same degree of compo-

site action, no extensive damage or loss of shear-load carrying capacity of the beam-slab connec-

tions is expected. On the other hand, for 𝜂 = 50%, the likelihood of shear stud yielding and/or 

crushing may reach up to 20% for seismic events with a return period of 475 years. Moreover, 

the probability of extensive damage in the slab and low-cycle fatigue microcracking is less than 

10% regardless of the design site. 

The findings suggest that for composite steel MRF designs with shallow composite steel beams (𝑑𝑏 

< 500 mm), the 25% reduction in the capacity of shear connectors, which is recommended by current 

seismic provisions (AISC 2016a; CEN 2004a) is not substantiated. However, additional experimental 

and system-level studies with various slab configurations should be conducted to further support this 

finding. 

This chapter provides methodological developments for modeling composite steel MRFs that can be 

utilized to refine current and future seismic design standards (e.g., EN 1998-1 (CEN 2004a)). Further 

system-level nonlinear simulations can be used to benchmark the seismic performance of composite 

steel concrete buildings from the onset of earthquake damage to structural collapse, thereby leading 

to more effective seismic designs.  
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Chapter 7 Conclusions and future work 

7.1 Summary 

This doctoral thesis advanced the state-of-knowledge regarding the role of slab continuity and fram-

ing action on the seismic stability of composite steel moment resisting frames (MRFs) with emphasis 

on earthquake-induced collapse. This was achieved through a comprehensive full-scale collapse ex-

periment of a 2-bay composite steel MRF subsystem and corroborating continuum finite element 

(CFE) analyses. The test data from the experimental program were made publicly available. A com-

putationally efficient macro-model that captures the asymmetric cyclic deterioration in composite 

steel beams, the nonlinear geometric instabilities and the hysteretic behavior of the beam-slab con-

nections was also developed as part of this thesis. The macro-model, which was validated with phys-

ical testing, was employed in nonlinear system-level simulations to benchmark the collapse risk of 

composite steel MRFs designed according to Eurocode seismic provisions (CEN 2004a). Novel risk-

based metrics were used in conjunction with a set of newly proposed fragility functions to assess the 

repairability of beam-slab connections within the framework of performance-based earthquake engi-

neering. Other practice-oriented contributions of the thesis involve the refinement of seismic design 

requirements for composite steel MRFs (CEN 2004a) and the development of nonlinear models for 

seismic assessment within the framework of Eurocode 8 (CEN 2005a). 

 

7.2 Conclusions 

7.2.1 Role of slab continuity and framing action on the collapse behavior of composite steel MRFs 

The full-scale experimental program of a 2-bay composite steel MRF subsystem showed that the slab 

continuity and framing action have a profound effect on the seismic stability of composite steel 

MRFs. Findings from the experimental program corroborated with high-fidelity continuum finite el-

ement analyses that featured a comparison between the hysteretic behavior of composite steel beams 

in 2-bay subsystems and typical cruciform subassemblies with overly simplified boundary conditions 

that are commonly used in experimental earthquake engineering. 

The experimental results revealed that the base shear resistance of the test frame experienced cyclic 

deterioration due to local buckling in the bottom flanges of the composite steel beams and concrete 

crushing due to bearing of the slab to the column faces. While softening (i.e., negative stiffness) in 

the base shear occurred following concrete crushing and the formation of cracks in the steel beams, 
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the hysteretic response stabilized after these incidents. This behavior was attributed to two phenom-

ena that are characteristic of subsystems in which axial restraint is present: straightening of local 

buckles of bottom beam flanges upon load reversals, and stabilization of the developed cracks within 

the dissipative zones of the respective composite steel beams. Αt a lateral drift ratio of 15% rads, the 

composite steel beams under hogging bending sustained 50% of their maximum flexural resistance. 

The test frame itself sustained about 30% of its maximum base shear at the same lateral drift ratio, 

which is an important finding for collapse safety evaluation of structures under earthquake loading. 

In that respect, the experimental data are considered unique in the sense that composite steel beams 

of the test frame attained a complete loss of their lateral load carrying capacity. Therefore, the data 

constitute an important source for the further development and validation of deterioration models for 

simulating ultimate limit states in composite steel concrete structures. 

Complementary CFE analyses demonstrated a lower degree (25% less) of flexural strength degrada-

tion in partially composite steel beams in subsystems, than those in typical cruciform subassemblies 

with simplified boundary conditions. Moreover, the axial restraint provided by the slab and framing 

action was shown to augment the maximum probable moment in composite steel beams by up to 

25%, even in cases where deep beams (i.e., depths larger than 700 mm) were featured. In this case 

the effect of composite action on the flexural resistance of the composite steel beam is usually not as 

pronounced. 

The presence of the axial restraint in composite steel MRFs impedes beam axial shortening, that is 

generally observed in subassemblies, due to the accumulation of local buckling in the dissipative 

zones of composite steel beams. Both the experimental program and corroborating CFE analyses 

revealed that axial shortening in subsystems is minimal (i.e., less than 10 mm) at lateral drift demands 

higher than 4% rads. Conversely, in subassemblies, beam axial shortening is significantly more pro-

nounced and could reach up to five times that in subassemblies especially for deep beams (i.e., depth 

greater than 700 mm) with a low degree of composite action (η < 50%). These findings concur with 

field observations (Clifton et al. 2011; Okazaki et al. 2013) from past earthquakes. 

Moment redistribution in the composite steel beams was observed in the subsystems. This is more 

evident when nonlinear geometric and material instabilities occur, thereby shifting the inflection 

points within the composite steel beams. The shift in moment gradient due to moment redistribution 

was found to particularly influence the behavior of the beam-slab connection. An increase in the shear 

span under sagging bending leads to the engagement of a higher number of shear stud connectors 

under cyclic loading. Furthermore, a comparison between the hysteretic behavior of shear studs in 



Conclusions and future work 

 

224 

subsystems and subassemblies suggested that the latter experience higher slip demands. This is at-

tributed to axial shortening in the composite steel beams of subassemblies. In view of the above, the 

shear stud connectors in composite steel beams that are part of subsystems experienced lower shear 

strength degradation than those in the corresponding subassemblies. 

The CFE analysis showed that the exterior joint panel zones in subsystems exhibited a distinct asym-

metric response under sagging and hogging bending. The column web panel zones were designed to 

experience a shear distortion four times as high as their yield shear distortion. Nevertheless, they 

experienced higher distortions due to their asymmetric response. The difference in shear demands 

was attributed to three underlying mechanisms, namely, composite action, the slab restraint against 

top flange local buckling, and the axial restraint provided by the slab and framing action. 

 

7.2.2 Implications on the seismic design and assessment provisions for composite steel MRFs 

The seismic design requirements of composite steel MRFs were refined. These refinements were 

based on the full-scale experimental program, an assembled database of 97 composite steel beams 

and both the CFE and system-level simulation studies. New recommendations for performance as-

sessment of new and existing composite-steel MRFs through nonlinear static analysis are also pro-

posed. The main design and assessment implications and/or recommendations are summarized in this 

section.  

The sensitivity of the sagging plastic flexural resistance of composite steel beams to the slab effective 

width was evaluated based on the assembled composite steel beams database. It was revealed that the 

sensitivity is not significant and the detailed approach, for estimating the effective width under sag-

ging bending, in the current version of EN 1998-1 (CEN 2004a) is not justified. A simpler formulation 

based on AISC (2016b) or AIJ (2010b) is recommended. 

The effective width of the slab under hogging bending, which was explicitly derived from uniaxial 

strain measurements on the rebars, is estimated fairly well using EN 1998-1 (CEN 2004a) up to a 

lateral drift demand of 2% rads. Nevertheless, at higher lateral drift demands (≥ 3% rads), stress 

redistribution in the reinforcement along the slab width mobilizes a larger effective width, which can 

change the capacity design hierarchy in composite steel beams. This finding is important for collapse 

safety evaluation of composite steel MRFs under seismic loading.  
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The transverse beams framing the columns and primary girders in composite steel MRFs have a con-

siderable influence on the flexural resistance and equivalent moment of inertia of composite steel 

beam-to-column connections. This influence is particularly evident at interior beam-to-column joints 

where the equivalent moment of inertia in composite steel beams was underestimated by 25% for 

sagging bending and 35% for hogging bending in the current EN 1998-1 provisions (CEN 2004a). A 

higher level of slab confinement was also present in this case. The source of overstrength due to the 

transverse beams is important and should be factored in the capacity design of composite steel MRFs 

in prospective seismic design provisions. 

The ductility requirements for composite steel beams under sagging bending that limit the position 

of the plastic neutral axis, are quite stringent in the current Eurocode seismic provisions (CEN 2004a). 

Digital image correlation (DIC) measurements revealed that the longitudinal compressive strains (i.e. 

along the main girder) in the vicinity of the columns reached up to 0.005 and 0.006 prior to crushing 

of the concrete, which is much higher than 0.0025 upon which the CEN (2004a) limits were set. It is 

recommended that the ductility limits are refined by assuming a higher crushing strain that accounts 

for the slab confinement effects due to the slab reinforcement and the presence of the transverse 

beams. This issue deserves further investigation. 

The integrity of beam-slab connections in shallow partially composite steel beams (i.e., beam depth 

less than 500 mm) is maintained even for a low degree of composite action ( = 50%). The 25% 

reduction in the shear resistance of headed stud connectors that is required by current seismic provi-

sions (AISC 2016a; CEN 2004a) is not substantiated for composite steel MRFs with shallow beam 

designs. These findings were put in place based on the experimental program, CFE analysis of sub-

systems with shallow partially composite steel beams, and performance-based assessment of beam-

slab connections through nonlinear system-level simulations. Accordingly, it is recommended to 

waive 25% reduction in the shear resistance of headed stud connectors, if ductile stud connectors are 

employed as part of the seismic design process. 

Allowing some degree of slip in ductile shear stud connectors could be beneficial to control the 

sources of overstrength in the concrete slab. These include the overstrength in the compressive 

strength of concrete due to the associated material variability, as well as the overstrength due to the 

slab confinement and the presence of the transverse beams in the floor system. However, it is neces-

sary to ensure that the integrity of the beam-slab connection is maintained. Mobilizing the ductility 

of the shear stud connectors to control the compressive force in the slab warrants further investigation. 
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The column web panel zones in composite steel MRFs may be designed with a relative panel zone-

to-beam shear resistance ratio of 0.8. This allows for a controlled panel zone inelastic deformation of 

up to 10 times the panel zone shear yield distortion angle. The proposed value is based on composite 

steel beam test data for which a lateral drift demand of at least 5% rads was attained without the 

occurrence of premature fracture in the composite steel beam-to-column connections. 

Empirical expressions were developed to predict the plastic rotation capacity of composite steel 

beams in terms of their geometric and material properties that could be readily adopted in future 

versions of seismic assessment standards, such as EN 1998-3 (CEN 2005a), ASCE/SEI 41-17 (ASCE 

2017), AISC-342-22 (AISC 2022) and SIA 269/3 (SIA 2011).  

 

7.2.3 Performance-based evaluation of composite steel MRFs through a computationally efficient 

macro-model for system-level simulation 

A computationally efficient nonlinear macro-model was proposed to simulate the asymmetric hyster-

etic response of fully restrained beam-to-column connections with composite steel beams. The model 

explicitly accounts for the two slab-column load transfer mechanisms that were detected by the digital 

image correlation (DIC) measurements from the experimental program (i.e., slab bearing on the face 

of the column and strut-and-tie mechanisms). Moreover, the macro-model can capture the cyclic de-

terioration in flexural strength of composite steel beams due to nonlinear geometric instabilities, as 

well as the anticipated slip demands on the beam-slab connections. The macro-model, which was 

thoroughly validated with available experimental data on characteristic configurations of composite 

steel beams, does not simulate the crack initiation and propagation within a dissipative zone of a 

composite steel beam under cyclic loading.  

The macro-model was employed in system-level nonlinear response history simulations of composite 

steel MRFs designed at three European sites with varying degree of composite action. These simula-

tions were used to benchmark the collapse risk of composite steel MRFs designed according to Eu-

ropean provisions. Novel risk-based metrics were also used in conjunction with a set of proposed 

fragility functions for informing earthquake-induced repair actions in the beam-slab connections of 

composite steel MRFs at characteristic earthquake return periods of interest to the engineering pro-

fession. 

Nonlinear static analysis of the composite steel MRFs showed that their static system overstrength is 

around 4.0. Because the seismic designs were all drift-controlled, the large system level overstrength 
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values are attributed to the lateral drift requirements in the current Eurocode seismic provisions CEN 

(2004a). For the same reason, the annualized probability of collapse over a 50-year building life ex-

pectancy was found to be considerably small (i.e., less than 0.01%). While in Europe there are no 

established limits for benchmarking the earthquake-induced collapse risk of frame structures in a 

probabilistic manner, the annualized probability of collapse over the lifecycle of the analyzed struc-

ture is considerably smaller than the 1% limit specified ASCE/SEI 7-16 (ASCE 2016) regardless of 

the design site and the employed degree of composite action of the composite steel beams. In that 

respect, the design requirements regarding P-Delta effects and the lateral drift lmits in the current EN 

1998-1 (CEN 2004a) provisions appear to be conservative. 

From a repairability standpoint, it was demonstrated that for frequently occurring seismic events (i.e., 

50% probability of exceedance over 50 years) minimal or no damage is expected in the beam-slab 

connection with the current seismic design requirements and composite slab reinforcement details. 

The median slip demands in the beam-slab connections at a return period associated with a design 

basis event (i.e., 10% probability of exceedance over 50 years) were less than 2 and 3 mm for an 

employed degree of composite action of 80% and 50% respectively. The probability that the integrity 

of the beam-slab connection is maintained exceeds 90% for design basis seismic events; only light 

cracking is expected in the slab even though the 25% reduction in the shear resistance of the stud 

connectors was waived. The above findings suggest that this seismic design requirement may be 

waived in cases where shallow steel beams (i.e., beam depths less than 600 mm) are employed in 

composite construction. 

 

7.3 Recommendations for future research 

A set of potential research topics is proposed for further investigation based on the contributions of 

this doctoral thesis: 

▪ The further development of new frame analysis nonlinear models for simulating (a) the axial 

tensile force induced in composite steel beams due to slab axial restraint and framing action, 

and (b) the effects of force redistribution within the beam-slab connection by means of a 

distributed approach for modeling shear stud connectors.  

▪ The development of new models for simulating crack initiation and propagation due to ultra-

low-cycle fatigue within dissipative zones of composite steel beams at ultimate limit states in 

composite steel concrete structures under earthquake shaking. 
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▪ The collapse risk evaluation of mid- to high-rise buildings with composite steel MRFs by 

means of nonlinear response history simulations that can capture three dimensional effects 

due to three dimensional shaking.  

▪ The doctoral thesis focused on composite steel beams with their profiled steel deck ribs 

oriented parallel to the main girder. Experimental and simulation studies should be conducted 

to investigate the influence of various slab configurations (i.e., solid slab and slab with 

profiled steel deck oriented perpendicular to the main girders) on the mechanisms of load 

transfer between the slab and the columns, as well as the shear strength degradation behavior 

of the stud connectors in the beam-slab connection. Moreover, the role of transverse beams 

should be further comprehended by additional experimental studies. 

▪ The experimental program showed that allowing controlled slip in the beam slab connections 

is beneficial to control the overstrength in the flexural resistance of composite steel beams and 

control the additional overstrength within a system that could potentially alter the seismic 

design hierarchy. Further investigation of this design concept should be conducted through 

experimental and CFE studies in order to propose a rational design process for partially 

composite steel MRFs.  
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Appendix A Design summary of the composite 

steel moment-resisting frame (MRF) 

 

Description 

This appendix provides a summary of the design of the composite steel MRF from which the 2-bay 

test frame subsystem was extracted. 

  



Appendix A Design summary of the composite steel moment-resisting frame (MRF) 

 

230 

A.1  Design standards 

The following design standards are used in the design of the prototype building: 

▪ EN 1990: Eurocode 0 (CEN 2002a) for the combination of actions at serviceability and 

ultimate limit state 

▪ EN 1991: Eurocode 1 for the value of the dead permanent and variable actions on the building. 

These include EN 1991-1-1: Eurocode 1 – Part 1-1 (CEN 2002b) for general actions, EN 

1991-1-3: Eurocode 1 – Part 1-3 (CEN 2003) for snow loads and EN 1991-1-4: Eurocode 1 – 

Part 1-4 (CEN 2010) for wind loads 

▪ EN 1992-1-1: Eurocode 2 – Part 1-1 (CEN 2004c) for the design of the reinforced concrete 

slab 

▪ EN 1993: Eurocode 3 for the design of the structural steel components. These include EN 

1993-1-1: Eurocode 3 – Part 1-1 (CEN 2005b) for the design of the design of the beam, 

columns and braces and EN 1993-1-8: Eurocode 3 – Part 1-8 (CEN 2005c) for the design of 

the beam-column web panel zone 

▪ EN 1994-1-1: Eurocode 4 – Part 1-1 (CEN 2004b) for the design of the composite steel beams 

▪ EN 1998-1: Eurocode 8 – Part 1 (CEN 2004a) for the capacity design and detailing of the 

building components under the seismic load combination 

 

A.2  Structural type and layout 

The prototype building is a 6-story office building with a total height of 24 m. The building is located 

in Sion, Switzerland. The building is designed for a medium ductility class (DCM) according to EN 

1998-1 (CEN 2004a). The height of each story 4.0 m. The building is composed of two bays in the 

E-W direction and three bays in the N-S direction. The width of each bay is 5 m. Two lateral-load 

resisting systems are employed in the design: Four steel moment-resisting frames (MRFs) in the E-

W direction and two perimeter concentrically braced frames (CBFs) in the N-S direction with an X 

configuration. The columns are oriented with their strong axis in the direction of the MRFs (E-W 

direction). Additionally, the base of the first story column is fixed in the E-W direction and pinned in 

the N-S direction. The primary beams in the E-W direction are connected to the columns with stiff-

ened extended end-plate connections, while those in the N-S direction are pinned at their ends. Sec-

ondary beams, located at one-thirds of the bay width, span in both directions. The secondary beams 

are pinned at their ends. A 140 mm reinforced concrete slab is connected to the beams through ductile 

headed shear stud connectors to achieve full composite action. 
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Figure A.1 shows the building plan and elevation view of both the interior and exterior composite 

steel MRFs as well as the CBFs. Detailed drawings of the first story beams, columns, and connection 

detailing, corresponding to the test frame, are shown in Appendix B.1. The same drawings were used 

for fabrication of the test frame discussed in Chapter 5. Tables A.1 and A.2 summarize the final 

members of the lateral load resisting systems. 

 

Table A.1 Summary of the members for the MRFs (E-W direction) 

Story Beams 
Columns Interior MRF Columns Exterior MRF 

Interior Exterior Interior Exterior 

6 
IPE270 HEM260 HEB260 HEM260 HEB260 

5 

4 
IPE360 HEM320 HEB320 HEM320 HEB260 

3 

2 
IPE360 HEM320 HEM320 HEM320 HEB260 

1 

Column splices in the 3rd and 5th stories 

 

Table A.2 Summary of the members for the CBFs (N-S direction) 

Story Brace Columns Beams 

6 RRW 60·60·3 
HEB260 IPE270 

5 RRK 80·80·4 

4 RRK 80·80·6 
HEM320 IPE270 

3 
RRK 80·80·8 

2 
HEM320 IPE270 

1 RRK 90·90·8 

Column splices in the 3rd and 5th stories 
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(a) (b) (c) 

 

 

                        (d)  

Figure A.1 Prototype building: (a) plan view; (b) elevation view of the interior composite steel 

MRF; (c) elevation view of the exterior composite steel MRF; (d) elevation view of the CBF 

 

The slab consists of a 56 mm deep profiled steel deck, Cofrastra 56 steel deck with its ribs oriented 

parallel to the main girders. A total of 36 16 mm headed shear stud connectors spaced at 120 mm are 

used to achieve full composite action in each composite steel beam. The 25% reduction in the shear 

resistance of the headed studs according to Clause 7.6.2 in EN 1998-1 (CEN 2004a) is internationally 

waived. The headed shear studs are ductile with ℎ𝑠𝑐/𝑑𝑠𝑐 > 4.0 as per EN 1994-1 (CEN 2004b). De-

tails of the slab, reinforcing rebars and beam-slab connection, corresponding to the test frame, are 

shown in Appendix B.2. 

CBF

5.0 m 5.0 m

5
.0

 m
5

.0
 m

5
.0

 m

Interior MRF

Exterior MRF W E

N

S

IPE270

H
E

M
3

2
0

5.0 m 5.0 m

4
.0

 m
 (T

Y
P

)
H

E
B

3
2

0
H

E
B

2
6

0

H
E

M
3

2
0

H
E

M
3

2
0

H
E

M
2

6
0 IPE270

IPE270

IPE360

IPE360

IPE360

IPE360

4
.0

 m
 (T

Y
P

)

H
E

B
2

6
0

5.0 m

H
E

B
2

6
0

H
E

B
2

6
0

H
E

M
3

2
0

H
E

M
3

2
0

H
E

M
2

6
0 IPE270

IPE270

IPE360

IPE360

IPE360

IPE360

5.0 m

4
.0

 m
 (T

Y
P

)

5.0 m

IPE270

RRW 60.60.3

5.0 m 5.0 m

IPE270

IPE270

IPE270

IPE270

IPE270

RRK 80.80.4

RRK 80.80.6

RRK 80.80.8

RRK 80.80.8

RRK 90.90.8



Appendix A Design summary of the composite steel moment-resisting frame (MRF) 

 

233 

A.3  Design material properties 

The nominal material properties of the primary structural components are summarized in Table A.3. 

In compliance with Clause 5.4.1.1 in EN 1998-1 (CEN 2004a), only ribbed reinforcing steel can be 

used in the critical regions of the primary seismic elements (i.e., the dissipative zones of the composite 

steel beams). Additionally, the reinforcing steel shall be either grade B or C. For this design, B500B 

rebars were employed. 

 

Table A.3 Design material properties of the building components 

Structural Steel Slab Reinforcement Concrete 

Beam Grade S355J2+M   Grade  B500B   Type NWC* - 

𝑓𝑦,𝑏 355 MPa 𝑓𝑠𝑘 500 MPa Grade C25/30 - 

𝑓𝑢,𝑏 510 MPa 𝐸𝑠𝑘 210,000 MPa 𝑓𝑐𝑘 25 MPa 

Column Grade S355J2+M   Steel Deck 𝑓𝑐𝑚 33 MPa 

𝑓𝑦,𝑐 355 MPa Grade  S350GD - 𝑓𝑐𝑡𝑚 2.6 MPa 

𝑓𝑢,𝑐 510 MPa 𝑓𝑦,𝑝𝑘 350 MPa 𝜌𝑐 2,450 kg/m3 

Doubler Plate Grade S355J2+N   𝜌𝐴,𝑝𝑠 8.53 kg/m2 𝐸𝑐𝑚 31,475 MPa 

𝑓𝑦,𝑑 355 MPa Shear Studs    
𝑓𝑢,𝑑 510 MPa 𝑓𝑢,𝑠𝑐 450 MPa    

Brace Grade S355J2H   End Plate Connection Bolts    
𝑓𝑦,𝑏𝑟 355 MPa Grade  12.9  -    
𝑓𝑢,𝑏𝑟 510 MPa 𝑓𝑦,𝑏𝑜 1100 MPa    

𝐸𝑠 210,000 MPa 𝑓𝑢,𝑏𝑜 1220 MPa    
𝐺𝑠 80,769 MPa 𝑓𝑢𝑣,𝑏𝑜 730 MPa    

* Normal weight concrete               

 

𝑓𝑐𝑚, 𝑓𝑐𝑡𝑚 and 𝐸𝑐𝑚 are calculated as per Table 3.1 of EN 1992-1-1 (CEN 2004c).  

𝑓𝑐𝑚 = 𝑓𝑐𝑘 + 8  (𝑓𝑐𝑚 and 𝑓𝑐𝑘 in MPa) (A.1) 

𝑓𝑐𝑡𝑚 = 0.3 ∙ (𝑓𝑐𝑘)
2

3 (𝑓𝑐𝑡𝑚 and 𝑓𝑐𝑘 in MPa) (A.2) 

𝐸𝑐𝑚 = 22 ∙ (
𝑓𝑐𝑚

10
)

0.3

(𝐸𝑐𝑚 in GPa and 𝑓𝑐𝑘 in MPa) (A.3) 

The structural steel in the dissipative zones (i.e., MRF primary composite steel beams and CBF 

braces), shall have an upper value of the yield strength 𝑓𝑦,𝑚𝑎𝑥 ≤ 1.1𝛾𝑂𝑉𝑓𝑦 as per Clause 6.3 in EN 

1998-1 (CEN 2004a). The recommended material overstrength factor 𝛾𝑂𝑉 = 1.25. Hence, for the 

MRF beams and braces, 𝑓𝑦,𝑚𝑎𝑥 ≤ 488 MPa. 
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A.4  Actions 

A.4.1  Dead and imposed loads 

The variable actions include the imposed (live) loads, the snow load, in addition to the wind load. 

The imposed loads are calculated according to Table 6.2 in Eurocode 1-1-1 (CEN 2002b) for Cate-

gory B buildings. The snow load on the roof is determined for the persistent/transient design situations 

only and not for accidental design situations where exceptional snow load is the accidental action. 

The snow load is calculated according to Clause 5.2 in Eurocode 1-1-3 (CEN 2003). A summary of 

the permanent and variable loads is presented in Table A.4. 

 

Table A.4 Summary of permanent and variable loads 

Load Description Load 

Dead 

Columns (avg.) 1.60 kN/m 

Primary Beams (avg.) 0.42 kN/m 

Secondary Beams (avg.) 0.26 kN/m 

Slab 3.15 kN/m2 

Super-Imposed 

Dead Load (SDL) 

Finishing 1.00 kN/m2 

Partitions 1.20 kN/m2 

Windows 0.50 kN/m2 

Heating + Ventilation 0.50 kN/m2 

Imposed 
Floors 3.00 kN/m2 

Roof 1.00 kN/m2 

Snow 
 1.63 kN/m2 

Wind   0.95 kN/m2 

 

A.4.2  Notional horizontal loads 

The notional horizontal loads are applied at each story in order to account for the global sway imper-

fections of the MRFs and CBFs according to Clause 5.3.2 in EN 1993-1-1 (CEN 2005b). Table A.5 

shows the values of the notional horizontal load at each story in the E-W direction (MRF), 𝐻𝐸𝑑,𝐸𝑊 

and N-S direction (CBF), 𝐻𝐸𝑑,𝑁𝑆.  𝑉𝐸𝑑 is the design value of the vertical load at each story for the 

persistent/transient design situations. 
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Table A.5 Notional horizontal loads at each story in the E-W (MRF) and N-S (CBF) directions 

Story 𝑃𝐸𝑑  [kN] 𝐻𝐸𝑑,𝐸𝑊 [kN] 𝐻𝐸𝑑,𝑁𝑆 [kN] 

6 1,724 5 5 

5 4,010 11 12 

4 6,343 17 18 

3 8,683 24 25 

2 11,042 30 32 

1 13,438 37 39 

 

A.4.3  Seismic action 

The reference horizontal peak ground acceleration, 𝑎𝑔𝑅 = 0.22g for return period, 𝑇𝑅 = 475 years 

(Giardini et al. 2013). The design ground acceleration 𝑎𝑔 = 𝛾𝐼 ∙ 𝑎𝑔𝑅, where 𝛾𝐼 is the importance factor 

= 1.0 for a building of importance class II, as per Table 4.3 in EN 1998-1 (CEN 2004a); hence, 𝑎𝑔 = 

0.22g. 

The behavior factors for DCM are chosen in accordance with the limits provided in Table 6.2 in EN 

1998-1 (CEN 2004a). Both the MRFs and CBFs are designed for 𝑞 = 3. The horizontal design spec-

trum, 𝑆𝑑(𝑇), is the same for the E-W and N-S directions. 𝑆𝑑(𝑇) is defined using Clause 3.2.2.5 in EN 

1998-1 (CEN 2004a). The lower bound factor for the horizontal design spectra, 𝛽 = 0.2, based on 

the recommended value in Clause 3.2.2.5 in EN 1998-1 (CEN 2004a). Figure A.2 shows the horizon-

tal design spectrum in the E-W and N-S directions.  

 

 

Figure A.2 Horizontal design response spectrum in E-W and N-S directions 
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A.5  Seismic mass 

The inertia effects of the design seismic action are considered by considering the presence of a seismic 

mass at each floor. The seismic mass is calculated using the gravity loads combination in Clause 3.2.4 

in EN 1998-1 (CEN 2004a) for category B buildings. The seismic mass at each floor is shown in 

Table A.6. 

 

Table A.6 Seismic mass at each floor 

Floor Seismic Mass [kg] 

Roof 91,921 

6 128,878 

5 132,478 

4 132,952 

3 134,388 

2 137,208 

 

A.6  Load combinations 

A.6.1  Combination of actions for ultimate limit state (ULS) design 

The combinations of actions at ULS are obtained from Table A1.2B in EN 1990 (CEN 2002a): 

𝛾𝐺𝑗,𝑠𝑢𝑝𝐺𝑘𝑗,𝑠𝑢𝑝 + 𝛾𝐺𝑗,𝑖𝑛𝑓𝐺𝑘𝑗,𝑖𝑛𝑓 + 𝛾𝑄,1𝑄𝑘,1 + 𝛾𝑄,𝑖𝜓0,𝑖𝑄𝑘,𝑖 

The combination for the seismic design situation is obtained from Table A1.3 in EN 1990 (CEN 

2002a): 

𝐺𝑘𝑗,𝑠𝑢𝑝 + 𝐺𝑘𝑗,𝑖𝑛𝑓 + 𝜓2,𝑖𝑄𝑘,𝑖 + 𝐴𝐸𝑑 

in which, 𝐺𝑘𝑗,𝑠𝑢𝑝 is the unfavorable permanent action, 𝛾𝐺𝑗,𝑠𝑢𝑝 = 1.35; 𝐺𝑘𝑗,𝑖𝑛𝑓 is the favorable perma-

nent action, 𝛾𝐺𝑗,𝑖𝑛𝑓 = 1.0; 𝑄𝑘,1 is the leading variable action, 𝑄𝑘,𝑖 is the accompanying variable action, 

𝛾𝑄𝑖 = 1.5 if the variable action is favorable and 0 if the variable action is unfavorable and 𝐴𝐸𝑑 is the 

leading accidental or seismic action. The 𝜓 factors are obtained from Table A1.1 in EN 1990 (CEN 

2002a): 

For an office building of category B, 𝜓0 = 0.7, 𝜓1 = 0.5 and 𝜓2 = 0.3.  

For snow loads on buildings, 𝜓0,𝑠 = 0.5, 𝜓1,𝑠 = 0.2 and 𝜓2,𝑠 = 0.  

For wind loads, 𝜓0,𝑤 = 0.6, 𝜓1,𝑤 = 0.2 and 𝜓2,𝑤 = 0. 
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The seismic action in both directions should be combined as 𝐸𝐸𝑊 + 0.3𝐸𝑁𝑆 and 𝐸𝑁𝑆 + 0.3𝐸𝐸𝑊 as per 

Clause 4.3.3.5.1 in EN 1998-1 (CEN 2004a). Accordingly, the ULS combinations are: 

▪ 1.35𝐺 + 1.5𝑄 + 1.5𝜓0,𝑠𝑆 + 1.5𝜓0,𝑤𝑊 = 1.35𝐺 + 1.5𝑄 + 0.75𝑆 + 0.9𝑊 

▪ 1.35𝐺 + 1.5𝑆 + 1.5𝜓0𝑄 + 1.5𝜓0,𝑤𝑊 = 1.35𝐺 + 1.5𝑆 + 1.05𝑄 + 0.9𝑊 

▪ 1.35𝐺 + 1.5𝑊 + 1.5𝜓0𝑄 + 1.5𝜓0,𝑠𝑆 = 1.35𝐺 + 1.5𝑊 + 1.05𝑄 + 0.75𝑆 

▪ 𝐺 + 𝜓2𝑄 + 𝜓2,𝑤𝑊 + 𝜓2,𝑠𝑆 + 𝐸𝐸𝑊 + 0.3𝐸𝑁𝑆 = 𝐺 + 0.3𝑄 + 𝐸𝐸𝑊 + 0.3𝐸𝑁𝑆  

▪ 𝐺 + 𝜓2𝑄 + 𝜓2,𝑤𝑊 + 𝜓2,𝑠𝑆 + 𝐸𝑁𝑆 + 0.3𝐸𝐸𝑊 = 𝐺 + 0.3𝑄 + 𝐸𝑁𝑆 + 0.3𝐸𝐸𝑊  

 

A.6.2  Combination of actions for serviceability limit state (SLS) design 

The characteristic combinations at SLS are obtained from Table A1.4 in EN 1990 (CEN 2002a): 

𝐺𝑘𝑗,𝑠𝑢𝑝 + 𝐺𝑘𝑗,𝑖𝑛𝑓 + 𝑄𝑘,1 + 𝜓0,𝑖𝑄𝑘,𝑖 

The SLS combinations are: 

▪ 𝐺 + 𝑄 + 𝜓0,𝑠𝑆 + 𝜓0,𝑤𝑊 = 𝐺 + 𝑄 + 0.5𝑆 + 0.6𝑊 

▪ 𝐺 + 𝑆 + 𝜓0𝑄 + 𝜓0,𝑤𝑊 = 𝐺 + 𝑆 + 0.7𝑄 + 0.6𝑊 

▪ 𝐺 + 𝑊 + 𝜓0𝑄 + 𝜓0,𝑠𝑆 = 𝐺 + 𝑆 + 0.7𝑄 + 0.5𝑆 

 

A.7   Structural model 

A.7.1  Description of the model 

The structural analysis package, SAP 2000 v20.1.0 (CSI 2019), is used to model and analyze the 

building. As per Clause 6.7.2 in EN 1998-1 (CEN 2004a), for the CBFs with X-bracing, the structural 

model under seismic combinations shall include the tension only braces unless non-linear analysis is 

carried out. The energy dissipation capacity of the compression brace is neglected. Therefore, two 

models must be developed one with braces titled in one direction and the other with braces tilted in 

the other direction. Under the persistent/transient design combinations, both the compression and 

tension braces are considered. 
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In order to account for the increase in the stiffness of the beams due to composite action, an equivalent 

moment of inertia of the beams, 𝐼𝑒𝑞, is considered according to Clause 7.7.2 in EN 1998-1 (CEN 

2004a). The floor loads are applied as “uniform area to frame” loads on each floor to ensure a proper 

distribution of the loads on the floor beams. Diaphragm constraints are applied at each floor to simu-

late the diaphragm action of the slab. 

Modal spectrum analysis is used to obtain the member forces due to the seismic action in the E-W 

and N-S directions (𝐸𝐸𝑊 and 𝐸𝑁𝑆). Moreover, accidental torsional effects are accounted for by as-

suming an eccentricity at each floor of ±5% of the floor dimension perpendicular to the seismic 

action, according to Clause 4.3.2 in EN 1998-1 (CEN 2004a). Hence, 

𝑒𝐸𝑊 = 0.75 m for seismic loading in the E-W direction (𝐸𝐸𝑊) 

𝑒𝑁𝑆 = 0.5 m for seismic loading in the N-S direction (𝐸𝑁𝑆). 

 

A.7.2  Modal response spectrum analysis 

The periods of vibration of the building in the direction of the applied seismic loading are obtained 

from modal analysis using SAP 2000. Table A.7 shows the period of the first five modes and the 

corresponding effective modal mass participation ratios for each loading direction.  

 

Table A.7 Periods of vibration and modal participating mass ratio in each direction 

Mode i Ti [s] SMi,EW / MT SMi,NS / MT 

1 1.25 0.81 0.00 

2 1.04 0.81 0.79 

3 0.82 0.81 0.79 

4 0.44 0.92 0.79 

5 0.39 0.92 0.93 

 

According to Clause 4.3.3.1 in EN 1998-1 (CEN 2004a), the sum of the effective modal masses must 

be ≥ 90% of the total seismic mass (𝑀𝑇). This criterion is satisfied in both directions as shown in 

Table A.7. Additionally, all modes with an effective mass ≥ 5% should be considered. For higher 

modes, the effective mass was found to be less than 5%. For the combination of modes, square-root-

of-sum-of-squares (SRSS) is allowed only if the period of vibrations are independent. According to 

Clause 4.3.3.2 in EN 1998-1 (CEN 2004a), this condition is satisfied if 𝑇𝑖 ≤ 0.9𝑇𝑗, (𝑇𝑖 and 𝑇𝑗 are two 
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periods vibrations corresponding to different modes). This condition applies in this case for the first 

five considered modes. Hence, SRSS combination method is used. 

 

A.8  Interior composite steel MRFs verifictions for seismic action 

In this section, the verifications for the design of the interior composite steel MRF are summarized. 

Summary tables for the design of the composite steel beams, the columns and the column web panel 

zones are also included. 

 

A.8.1  Damage limitation verification 

The story drift, 𝛿, is obtained from the SAP2000 model at each story, in the E-W under the seismic 

combinations. These drifts are due to elastic loads. Accordingly, the design story drift 𝛿𝑟 = 𝑞𝛿 ac-

cording to Clause 4.3.4 in EN 1998-1 (CEN 2004a). 

For damage limitation verification, Clause 4.4.3.2 in EN 1998-1 (CEN 2004a) states the story drift 

𝛿𝑟 should be multiplied by a 𝜈 factor = 0.5 for buildings of Class II importance. It is assumed that the 

building has ductile non-structural elements. Therefore, the limit on the story drift ratio is 0.75% as 

per Clause 4.4.3.2 in EN 1998-1 (CEN 2004a). Table A.8 shows a summary of the damage limitation 

verification at each story. Figure A.3 shows the maximum normalized floor displacement along the 

height of the composite steel MRF and the maximum story drift ratios.  

 

Table A.8 Damage limitation verification for the interior composite steel MRF 

Story h [m] r [m] r [m] 0.75% h [m] 

6 4.00 0.027 0.014 0.030 OK 

5 4.00 0.036 0.018 0.030 OK 

4 4.00 0.045 0.023 0.030 OK 

3 4.00 0.045 0.023 0.030 OK 

2 4.00 0.047 0.024 0.030 OK 

1 4.00 0.036 0.018 0.034 OK 
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(a)  

Figure A.3 (a) Normalized displacement profile of the interior composite steel MRF; (b) peak story 

drift ratio and damage limitation verification 

 

A.8.2  Second-order effects 

In order to account for the second order effects on the frame stability, the design actions due to lateral 

loading are amplified by the Merchant-Rankine multiplier for the seismic combinations.  

Shown below are the second-order effects calculated for the seismic combinations at ULS as per 

Clause 4.4.2.2 in EN 1998-1 (CEN 2004a). Table A.9 show the stability coefficient (𝜃) at each story 

per loading direction in addition to the Merchant-Rankine multiplier 𝛼𝐸𝑊. 

 

Table A.9 Second-order effects in the E-W direction (MRF) under the seismic combinations 

Story ℎ [m] 𝛿𝑟 [m] 𝑉𝑡𝑜𝑡,𝐸𝑊 [kN] 𝑃𝑡𝑜𝑡 [kN] 𝜃𝑖 𝛼𝐸𝑊 

6 4.000 0.027 151 714 0.032 
 

5 4.000 0.036 307 1,792 0.053 
 

4 4.000 0.045 426 4,222 0.111 1.13 

3 4.000 0.045 524 6,621 0.142 1.17 

2 4.000 0.047 595 5,073 0.101 1.12 

1 4.000 0.036 633 6,196 0.089 
 

 

A.8.3  Design of the composite steel beams 

The slab is designed with minimum longitudinal reinforcement. The minimum reinforcement ratio 

𝜌𝑠,𝑚𝑖𝑛 = 1.2%, is obtained according to Clause 5.5.1 in EN 1994-1-1 (CEN 2004b). Two layers of 

𝜙10 longitudinal rebars at a spacing of 150 mm are employed.  

Story drift 

limit
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The minimum slab transverse reinforcement ratio, 𝜌𝑤,𝑚𝑖𝑛 = 0.1% is obtained according to Clause 

9.2.2 in Eurocode 2-1-1 (CEN 2004c). The slab transverse reinforcement is required to ensure that 

longitudinal shear is transferred in the concrete without failure of the concrete flange in accordance 

with Clause 6.6.6.4 in EN 1994-1-1 (CEN 2004c) and Clause 6.2.4 in EN 1992-1-1 (CEN 2004c). 

Two 𝜙8 transverse rebars at a spacing of 150 mm are employed. Furthermore, transverse seismic 

rebars are employed in the vicinity of the columns to ensure the development of the compressed 

concrete struts according to Clauses C3.2 and C3.3 in EN 1998-1 (CEN 2004a). A total of five 𝜙10 

seismic rebars are placed within a distance ℎ𝑐 from the columns. 

Cross section classification of the composite steel beams is conducted according to Table 5.2 of EN 

1993-1-1 (CEN 2005b). All beam cross sections are Class 2. The ductility of the composite steel 

beams is checked according to Table 7.4 in EN 1998-1 (CEN 2004a). The values for 𝑥𝑝𝑙
+ /ℎ𝑏 exceed 

the upper limit in EN 1998-1 (CEN 2004a). Nevertheless, if the assumed crushing strain of concrete 

휀𝑐𝑢 = 0.0048, 𝑥𝑝𝑙
+ /ℎ𝑏 is within the limit and the check is satisfied. The rationale behind this assump-

tion is elaborated in Chapter 5 of this thesis. 

The plastic moment resistance of the composite steel beams under sagging (𝑀𝑅𝑑
+ ) and hogging (𝑀𝑅𝑑

− ) 

bending was calculated according to Clause 6.2.1 in EN 1994-1-1 (CEN 2004b). The effective widths 

to calculate the plastic moment resistance of the composite steel beams under seismic loading were 

obtained from Table 7.5 II in EN 1998-1 (CEN 2004a). The resistance of the composite steel beams 

is checked according to Clauses 6.2 and 6.3 in EN 1993-1-1 (CEN 2005b). Table A.10 shows a sum-

mary of the design of the composite steel beam along with the overstrength ratio at each story.  

 

Table A.10 Summary of the composite steel beam design and overstrength 

Story Beam Class 𝑀𝐸𝑑
+ /𝑀𝑅𝑑

+  𝑀𝐸𝑑
− /𝑀𝑅𝑑

−  𝑉𝐸𝑑/𝑉𝑝𝑙,𝑅𝑑 Ω𝑖  

6 IPE270 2 0.14 0.17 0.30 5.77 

5 IPE270 2 0.23 0.29 0.32 3.37 

4 IPE360 2 0.25 0.31 0.36 3.19 

3 IPE360 2 0.34 0.39 0.36 2.52 

2 IPE360 2 0.36 0.45 0.36 2.23 

1 IPE360 2 0.29 0.38 0.37 2.61 

 

A.8.4  Design of the columns 

The column demands are calculated based on Clauses 6.6.3 and 6.7.4 in EN 1998-1 (CEN 2004a). 

Moreover, the remaining columns are sized to satisfy the strong-column/weak-beam (SCWB) 
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criterion in Clause 4.4.2.3 in EN 1998-1 (CEN 2004a). The resistance of the columns is checked 

according to Clauses 6.2 and 6.3 in EN 1993-1-1 (CEN 2005b). Tables A.11 and A.12 shows a sum-

mary of the design of the exterior and interior columns of the composite steel MRFs. 

 

Table A.11 Summary of interior columns design and SCWB ratios 

Story Section Class 
𝑀𝐸𝑑

𝑀𝑅𝑑

 
𝑁𝐸𝑑

/𝑁𝑅𝑑 

𝑉𝐸𝑑

/𝑉𝑅𝑑 

𝑁𝐸𝑑

𝑁𝑏,𝑦,𝑅𝑑

+ 𝑘𝑦𝑦

𝑀𝑦,𝐸𝑑

𝑀𝑏,𝑅𝑑

 

𝑁𝐸𝑑

𝑁𝑏,𝑧,𝑅𝑑

+ 𝑘𝑧𝑦

𝑀𝑦,𝐸𝑑

𝑀𝑏,𝑅𝑑

 

SCWB 

6 
HEM260 1 

0.20 0.03 0.05 0.11 0.22  

5 0.36 0.07 0.10 0.22 0.41 3.12 

4 
HEM320 1 

0.27 0.07 0.10 0.18 0.33 2.91 

3 0.37 0.09 0.14 0.25 0.44 2.93 

2 
HEM320 1 

0.39 0.12 0.15 0.29 0.48 2.95 

1 0.55 0.14 0.13 0.36 0.65 2.85 

 

Table A.12 Summary of exterior columns design and SCWB ratios 

Story Section Class 
𝑀𝐸𝑑

𝑀𝑅𝑑

 
𝑁𝐸𝑑

/𝑁𝑅𝑑 

𝑉𝐸𝑑

/𝑉𝑅𝑑 

𝑁𝐸𝑑

𝑁𝑏,𝑦,𝑅𝑑

+ 𝑘𝑦𝑦

𝑀𝑦,𝐸𝑑

𝑀𝑏,𝑅𝑑

 

𝑁𝐸𝑑

𝑁𝑏,𝑧,𝑅𝑑

+ 𝑘𝑧𝑦

𝑀𝑦,𝐸𝑑

𝑀𝑏,𝑅𝑑

 

SCWB 

6 
HEB260 1 

0.23 0.09 0.05 0.19 0.30  

5 0.40 0.26 0.10 0.45 0.57 3.12 

4 
HEB320 1 

0.33 0.29 0.10 0.42 0.54 2.56 

3 0.50 0.51 0.14 0.71 0.75 2.38 

2 
HEM320 1 

0.26 0.40 0.08 0.52 0.51 4.67 

1 0.58 0.43 0.10 0.62 0.81 4.18 

 

A.8.5  Design of the beam-to-column web panel zone 

The beam-to-column web panel zones are designed to remain elastic. The shear demands on the panel 

zones are calculated as described in Chapter 5. The shear resistance is calculated according to Clause 

6.2.6.1 in EN 1993-1-8 (CEN 2005c). However, the provisions consider the contribution of only one 

doubler plate to the shear resistance of the column web panel zone even if two doubler plates are 

used. Herein, the full contribution of two doubler plates is considered in the design, which corrobo-

rates with recent findings on the seismic design of panel zones (Skiadopoulos et al. 2021).  

Tables A.13 and A.14 summarize the design of the column web panel zone for the interior and exterior 

columns respectively. 
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Table A.13 Panel zone design for the interior columns 

Story Column Beam 
Doubler Plates Continuity Plates  𝑉𝑤𝑝,𝐸𝑑/𝑉𝑤𝑝,𝑅𝑑 

No 𝑏𝑑 [mm] 𝑡𝑑 [mm] 𝑏𝑐𝑡 [mm] 𝑡𝑐 [mm]  

6 
HEM260 IPE270 

2 175 12 177 20 0.94 

5 2 175 12 177 20 0.91 

4 
HEM320 IPE360 

2 225 15   0.95 

3 2 225 15   0.96 

2 
HEM320 IPE360 

2 225 15   0.95 

1 2 225 15   0.98 

 

Table A.14 Panel zone design for the exterior columns 

Story Column Beam 
Doubler Plates Continuity Plates  𝑉𝑤𝑝,𝐸𝑑/𝑉𝑤𝑝,𝑅𝑑 

No 𝑏𝑑 [mm] 𝑡𝑑 [mm] 𝑏𝑐𝑡 [mm] 𝑡𝑐 [mm]  

6 
HEB260 IPE270 

1 175 15 177 25 0.84 

5 1 175 15 177 25 0.81 

4 
HEB320 IPE360 

1 225 15 225 25 0.94 

3 1 225 15 225 25 0.91 

2 
HEM320 IPE360 

     0.90 

1 
     0.93 

 

A.9  Notation 

𝑎𝑔 = design horizontal peak ground acceleration 

𝑎𝑔𝑅 = reference horizontal peak ground acceleration 

𝑏𝑐𝑡 = column web panel zone continuity plate length 

𝑏𝑑 = column web panel zone doubler plate width 

𝑑𝑠𝑐 = diameter of the shear stud connectors 

𝑒𝐸𝑊 = seismic load eccentricity in the E-W direction of the floor plan  

𝑒𝑁𝑆 = seismic load eccentricity in the N-S direction of the floor plan  

𝑓𝑐𝑘 = characteristic compressive strength of the slab concrete 

𝑓𝑐𝑚 = mean compressive strength of the slab concrete 

𝑓𝑐𝑡𝑚 = mean tensile strength of the slab concrete 

𝑓𝑠𝑘 = nominal yield strength of the slab rebars 

𝑓𝑢,𝑏 = ultimate tensile strength of the beam structural steel 

𝑓𝑢,𝑏𝑜 = ultimate tensile strength of the bolts 
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𝑓𝑢,𝑏𝑟 = ultimate tensile strength of the brace structural steel 

𝑓𝑢,𝑐 = ultimate tensile strength of the column structural steel 

𝑓𝑢,𝑑 = ultimate tensile strength of the doubler plates structural steel 

𝑓𝑢𝑣,𝑏𝑜 = ultimate shear strength of the bolts 

𝑓𝑦,𝑏 = nominal yield strength of the beam structural steel 

𝑓𝑦,𝑏𝑜 = nominal yield strength of the bolts 

𝑓𝑦,𝑏𝑟 = nominal yield strength of the brace structural steel 

𝑓𝑦,𝑐 = nominal yield strength of the column structural steel 

𝑓𝑦𝑑 = nominal yield strength of the doubler plates structural steel 

𝑓𝑦,𝑚𝑎𝑥 = upper value for the yield strength of the structural steel 

𝑓𝑦,𝑝𝑘 = nominal yield strength of the profiled steel deck 

ℎ = story height 

ℎ𝑏 = total depth of the composite steel beam including the slab 

ℎ𝑐 = column depth 

ℎ𝑠𝑐 = height of the shear stud connectors  

𝑘𝑦𝑦 = interaction factor (see Table B.1 in EN 1993-1-1) 

𝑘𝑧𝑦 = interaction factor (see Table B.1 in EN 1993-1-1) 

𝑞 = behavior factor 

𝑡𝑐 = column web panel zone continuity plate thickness 

𝑡𝑑 = column web panel zone doubler plate thickness 

𝑥𝑝𝑙
+  = position of the plastic neutral axis (from the top of the slab) in the composite steel 

beam under sagging bending 

𝐸𝑐𝑚 = modulus of elasticity of the slab concrete 

𝐸𝑠 = modulus of elasticity of the structural steel 

𝐸𝑠𝑘 = modulus of elasticity of the slab rebars 

𝐸𝐸𝑊 = seismic action in the E-W direction  

𝐸𝑁𝑆 = seismic action in the N-S direction 

𝐺 = dead, super-imposed dead and notional loads 



Appendix A Design summary of the composite steel moment-resisting frame (MRF) 

 

245 

𝐺𝑠 = shear modulus of elasticity of the structural steel 

𝐻 = total building height 

𝐻𝐸𝐷,𝐸𝑊 = notional horizontal loads in the E-W direction 

𝐻𝐸𝐷,𝑁𝑆 = notional horizontal loads in the N-S direction 

𝐼𝑒𝑞 = equivalent moment of inertia of the composite steel beam 

𝑀𝑏,𝑅𝑑 = design lateral torsional buckling resistance of the column 

𝑀𝑖,𝐸𝑊 = effective modal mass in the E-W direction for mode i 

𝑀𝑖,𝑁𝑆 = effective modal mass in the N-S direction for mode i  

𝑀𝐸𝑑 = moment demand on the column 

𝑀𝐸𝑑
−  = maximum hogging bending moment demand in the composite steel beam 

𝑀𝐸𝑑
+  = maximum sagging bending moment demand in the composite steel beam 

𝑀𝑅𝑑 = plastic moment resistance of the column 

𝑀𝑅𝑑
−  = plastic moment resistance of the composite steel beam under hogging bending 

𝑀𝑅𝑑
+  = plastic moment resistance of the composite steel beam under sagging bending 

𝑀𝑇 = total seismic mass of the building 

𝑁𝑏,𝑦,𝑅𝑑 = design strong-axis flexural buckling resistance of the column 

𝑁𝑏,𝑧,𝑅𝑑 = design weak-axis flexural buckling resistance of the column 

𝑁𝐸𝑑 = axial force demand on the column 

𝑁𝑅𝑑 = axial resistance of the column cross section 

𝑃𝑡𝑜𝑡 = total gravity load in each story under the seismic load combinations 

𝑃𝐸𝑑 = design value of the vertical load at each story for the persistent/transient design 

situations 

𝑄 = imposed load on all floors 

𝑆𝑑 = horizontal design spectrum 

𝑇𝑖 = period for the ith mode of vibration of the building 

𝑉𝑝𝑙,𝑅𝑑 = plastic shear resistance of the columns/composite steel beams 

𝑉𝑡𝑜𝑡,𝐸𝑊 = total story shear in the E-W direction under the seismic load combinations 

𝑉𝑤𝑝,𝐸𝑑 = column web panel zone shear demand 

𝑉𝑤𝑝,𝑅𝑑 = column web panel zone shear resistance 
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𝑉𝐸𝑑 = shear demand on the columns/composite steel beams 

𝑊 = wind load on the building 

𝛼𝐸𝑊 = Merchant-Rankine multiplier for the composite steel MRF 

𝛽 = lower bound for the horizontal design spectrum 

𝛾𝐼 = building importance factor 

𝛾𝑂𝑉 = material overstrength factor for structural steel 

𝛿 = story drift amplitude obtained from the SAP2000 model 

𝛿𝑟 = design story drift amplitude 

휀𝑐𝑢 = concrete crushing strain 

𝜃𝑖 = stability coefficient at story, 𝑖 

𝜈 = factor used for damage limitation verification 

𝜌𝑐 = density of the slab concrete 

𝜌𝑠,𝑚𝑖𝑛 = minimum slab longitudinal reinforcement ratio 

𝜌𝑤,𝑚𝑖𝑛 = minimum slab transverse reinforcement ratio 

𝜌𝐴,𝑝𝑠 = area density of the profiled steel deck 

Ω𝑖 = beam overstrength ratio at each story 
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Appendix B Design drawings of the 2-bay com-

posite steel moment-resisting frame 

 

Description 

This appendix includes all the drawings of the 2-bay composite steel moment-resisting frame sub-

sys-tem that was physically tested as part of this thesis (see Chapter 5). The seismic design of the 

test frame was briefly discussed in Appendix A.
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B.1  Detailed drawings of the test frame 
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B.2  Detailed drawings of the slab and beam-slab connection 
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Appendix C Material and welding procedure spec-

ifications 

 

Description 

This appendix includes all the mill certificates of the structural steel material for the primary IPE360 

girders, the transverse IPE270 beams, the HEM320 columns and the doubler plates that were used in 

the construction of the test frame. The welding procedure specifications are also included in this 

appendix along with the welding procedure qualification records  
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C.1  IPE360 mill certificate 
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C.2  IPE270 mill certificate 
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C.3  HEM320 mill certificate 
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C.4  Doubler plates mill certificate 
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C.5  Welding procedure specifications 
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C.6  Welding procedure qualification records 
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Appendix D Detailed instrumentation plan 

Description 

This appendix includes a detailed instrumentation plan of all the sensors that were employed in the 

experiment. The exact location of the sensors is shown for the test frame/setup and the slab. The 

appendix also includes a summary of the working sensors as well as those that were damaged during 

the tests. The procedure for deriving the forces/deformations in Chapters 5 and Appendix E is de-

scribed.  
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D.1  Test frame/setup instrumentation plan 
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D.2  Slab instrumentation plan 
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D.3  Summary of working sensors 

In this section, the working sensors in three data acquisition systems (DAQs) are summarized for 

each test: (i) DAQ1 includes strain gauges, pressure gauges, LVDTs, inclinometers, string potenti-

ometers and load cells; (ii) DAQ2 corresponds to that of the LED Coordinate System; and (iii) DAQ3 

corresponds to that of the fiber optic measurement system. Tables D.1, D.2 and D.3 summarize the 

number of working sensors in each test for DAQ1, DAQ2 and DAQ3, respectively. The sensors that 

were damaged or non-functional during a test are not included in the number of working sensors. 

Tables D.4, D.5 and D.6 show the DAQ1 sensors that were damaged in each test. Sensors that were 

damaged during the tests are highlighted in grey. 

Table D.7 shows the DAQ2 LED bulbs that were not functional during each test. 

Table D.8 shows the DAQ3 fiber optic cables that were damaged in each test. The fiber optic cables 

that were damaged during the tests are highlighted in grey 

 

Table D.1 Summary of working sensors in DAQ1 

Loading Protocol File Name  Test Date 
# of Working 

Sensors 

# of 

Lines 

Elastic1 Elastic_Bare1 28.10.2020 119 6530 

AISC 

Elastic 06.05.2021 239 24,808 

AISC_0.375-0.5 03.06.2021 206 50,609 

AISC_0.75-1.5 09.06.2021 187 69,579 

AISC_2-4 20.07.2021 160 114,247 

SAC Near-Fault SAC_Near_Fault 22.07.2021 164 60,982 

Collapse Consistent Collapse_Consistent 22.07.2021 162 85,215 

1 Bare frame (i.e., without slab) subjected to a cyclic elastic protocol up to 0.4% rads 

 

Table D.2 Summary of working sensors in DAQ2 

Loading Protocol File Name  Test Date 
# of Working 

Sensors 
# of Lines 

AISC 

Elastic_LED 06.05.2021 46 124,735 

AISC_0.375-0.5_LED 03.06.2021 46 51,362 

AISC_0.75-1.5_LED 09.06.2021 46 62,804 

AISC_2-4_LED 20.07.2021 15 232,639 

SAC Near-Fault SAC_Near_Fault_LED 22.07.2021 42 123,068 

Collapse Consistent Collapse_Consistent_LED 22.07.2021 42 171,437 
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Table D.3 Summary of working sensors in DAQ3 

Loading Protocol Folder Name  Test Date 
# of Working 

Sensors 

AISC 

Elastic_FOM 06.05.2021 8 

AISC_0.375-0.5_FOM 03.06.2021 7 

AISC_0.75-1.5_FOM 09.06.2021 8 

AISC_2-4_FOM 20.07.2021 7 

Near-Fault SAC_Near_Fault_FOM 22.07.2021 7 

Collapse Consistent Collapse_Consistent_FOM 22.07.2021 7 

 

Table D.4 Damaged strain gauges in all tests 

Elastic 
AISC  

0.375-0.5% 

AISC  

0.75-1.5% 

AISC 

 2-4% 

SAC 

 Near-Fault 

Collapse- 

Consistent 

SG-5E-S-BNc SG-5E-S-BNa SG-5E-S-BNa SG-2E-F-NE1,2 SG-2I-F-SE1 SG-2I-F-SE 

SG-5E-S-BSd SG-5E-S-BNc SG-5E-S-BNc SG-2E-F-SE1,2 SG-2W-F-NE1 SG-2I-F-NE1 

SG-5E-S-TSa SG-5E-S-BNe SG-5E-S-BSa SG-2W-F-NW1,2 SG-5E-S-BNa SG-2W-F-NE 

SG-5E-S-TSe SG-5E-S-BSa SG-5E-S-BSb1 SG-5E-S-BNa SG-5E-S-BNb SG-2W-F-SW1 

SG-5W-S-BNa SG-5E-S-BSc SG-5E-S-BSc SG-5E-S-BNb SG-5E-S-BNc SG-5E-S-BNa 

SG-5W-S-BNb SG-5E-S-BSd SG-5E-S-BSd SG-5E-S-BNc SG-5E-S-BNd SG-5E-S-BNb 

SG-5W-S-BNc SG-5E-S-BSe SG-5E-S-BSe1 SG-5E-S-BNd SG-5E-S-BNe SG-5E-S-BNc 

SG-5W-S-BNd SG-5E-S-TNa SG-5E-S-TNa SG-5E-S-BNe SG-5E-S-BSa SG-5E-S-BNd 

SG-5W-S-BNe SG-5E-S-TNb SG-5E-S-TNb SG-5E-S-BSa SG-5E-S-BSb SG-5E-S-BNe 

SG-5W-S-BSb SG-5E-S-TNc SG-5E-S-TNc SG-5E-S-BSb SG-5E-S-BSc SG-5E-S-BSa 

SG-5W-S-BSc SG-5E-S-TNe SG-5E-S-TNe SG-5E-S-BSc SG-5E-S-BSd SG-5E-S-BSb 

SG-5W-S-BSd1 SG-5E-S-TSa SG-5E-S-TSa SG-5E-S-BSd SG-5E-S-BSe SG-5E-S-BSc 

SG-5W-S-BSe SG-5E-S-TSb SG-5E-S-TSb SG-5E-S-BSe SG-5E-S-TNa SG-5E-S-BSd 

SG-5W-S-TNa SG-5E-S-TSc SG-5E-S-TSc SG-5E-S-TNa SG-5E-S-TNb SG-5E-S-BSe 

SG-5W-S-TNb SG-5E-S-TSe SG-5E-S-TSd1 SG-5E-S-TNb SG-5E-S-TNc SG-5E-S-TNa 

SG-5W-S-TNc SG-5W-S-BNe SG-5E-S-TSe SG-5E-S-TNc SG-5E-S-TNd SG-5E-S-TNb 

SG-5W-S-TNd SG-5W-S-BSa SG-5W-S-BNe SG-5E-S-TNd SG-5E-S-TNe SG-5E-S-TNc 

SG-5W-S-TNe SG-5W-S-BSb SG-5W-S-BSa SG-5E-S-TNe SG-5E-S-TSa SG-5E-S-TNd 

SG-5W-S-TSa1 SG-5W-S-BSc SG-5W-S-BSb SG-5E-S-TSa SG-5E-S-TSb SG-5E-S-TNe 

SG-5W-S-TSb1 SG-5W-S-BSd SG-5W-S-BSc SG-5E-S-TSb SG-5E-S-TSc SG-5E-S-TSa 

SG-5W-S-TSc SG-5W-S-BSe SG-5W-S-BSd SG-5E-S-TSc SG-5E-S-TSd SG-5E-S-TSb 

SG-5W-S-TSd SG-5W-S-TNe SG-5W-S-BSe SG-5E-S-TSd SG-5E-S-TSe SG-5E-S-TSc 

SG-5W-S-TSe1 SG-5W-S-TSa SG-5W-S-TNe SG-5E-S-TSe SG-5W-S-BNe SG-5E-S-TSd 

SG-6E-S-BNa1 SG-5W-S-TSb SG-5W-S-TSa SG-5W-S-BNe SG-5W-S-BSa SG-5E-S-TSe 

SG-6E-S-BNb SG-5W-S-TSc SG-5W-S-TSb SG-5W-S-BSa SG-5W-S-BSb SG-5W-S-BNe 

SG-6E-S-BNc1 SG-5W-S-TSd SG-5W-S-TSc SG-5W-S-BSb SG-5W-S-BSc SG-5W-S-BSa 

SG-6E-S-BSb1 SG-5W-S-TSe SG-5W-S-TSd SG-5W-S-BSc SG-5W-S-BSd SG-5W-S-BSb 

SG-6E-S-BSc SG-6E-S-BNa SG-5W-S-TSe SG-5W-S-BSd SG-5W-S-BSe SG-5W-S-BSc 

SG-6E-S-BSd SG-6E-S-BNb SG-6E-S-BNa SG-5W-S-BSe SG-5W-S-TNe SG-5W-S-BSd 

SG-6E-S-BSe1 SG-6E-S-BNc SG-6E-S-BNb SG-5W-S-TNe SG-5W-S-TSa SG-5W-S-BSe 

SG-6E-S-TNa1 SG-6E-S-BNe SG-6E-S-BNc SG-5W-S-TSa SG-5W-S-TSb SG-5W-S-TNe 

SG-6E-S-TNb SG-6E-S-BSa SG-6E-S-BNd1 SG-5W-S-TSb SG-5W-S-TSc SG-5W-S-TSa 

SG-6E-S-TNc1 SG-6E-S-BSb SG-6E-S-BNe SG-5W-S-TSc SG-5W-S-TSd SG-5W-S-TSb 

SG-6E-S-TNd1 SG-6E-S-BSc SG-6E-S-BSa SG-5W-S-TSd SG-5W-S-TSe SG-5W-S-TSc 
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SG-6E-S-TNe1 SG-6E-S-BSd SG-6E-S-BSb SG-5W-S-TSe SG-6E-S-BNa SG-5W-S-TSd 

SG-6W-S-BNa SG-6E-S-BSe SG-6E-S-BSc SG-6E-S-BNa SG-6E-S-BNb SG-5W-S-TSe 

SG-6W-S-BNc SG-6E-S-TNa SG-6E-S-BSd SG-6E-S-BNb SG-6E-S-BNc SG-6E-S-BNa 

SG-6W-S-BNd1 SG-6E-S-TNb SG-6E-S-BSe SG-6E-S-BNc SG-6E-S-BNd SG-6E-S-BNb 

SG-6W-S-BNe SG-6E-S-TNc SG-6E-S-TNa SG-6E-S-BNd SG-6E-S-BNe SG-6E-S-BNc 

SG-6W-S-BSa SG-6E-S-TNd SG-6E-S-TNb SG-6E-S-BNe SG-6E-S-BSa SG-6E-S-BNd 

SG-6W-S-BSc SG-6E-S-TNe SG-6E-S-TNc SG-6E-S-BSa SG-6E-S-BSb SG-6E-S-BNe 

SG-6W-S-TNa1 SG-6E-S-TSa SG-6E-S-TNd SG-6E-S-BSb SG-6E-S-BSc SG-6E-S-BSa 

SG-6W-S-TNc SG-6E-S-TSc1 SG-6E-S-TNe SG-6E-S-BSc SG-6E-S-BSd SG-6E-S-BSb 

SG-6W-S-TNd SG-6E-S-TSe SG-6E-S-TSc SG-6E-S-BSd SG-6E-S-BSe SG-6E-S-BSc 

SG-6W-S-TNe SG-6W-S-BNa SG-6E-St-ME SG-6E-S-BSe SG-6E-S-TNa SG-6E-S-BSd 

SG-6W-S-TSb SG-6W-S-BNb SG-6E-St-TE SG-6E-S-TNa SG-6E-S-TNb SG-6E-S-BSe 

SG-6W-S-TSd SG-6W-S-BNc SG-6W-S-BNa SG-6E-S-TNb SG-6E-S-TNc SG-6E-S-TNa 

SG-6W-S-TSe SG-6W-S-BNd SG-6W-S-BNb SG-6E-S-TNc SG-6E-S-TNd SG-6E-S-TNb 

SG-S-BEi1 SG-6W-S-BNe SG-6W-S-BNc SG-6E-S-TNd SG-6E-S-TNe SG-6E-S-TNc 

SG-S-BEj1 SG-6W-S-BSa SG-6W-S-BNd SG-6E-S-TNe SG-6E-S-TSb SG-6E-S-TNd 

SG-S-TEi1 SG-6W-S-BSc SG-6W-S-BNe SG-6E-S-TSb1 SG-6E-S-TSc SG-6E-S-TNe 

SG-S-TEj1 SG-6W-S-BSe SG-6W-S-BSc SG-6E-S-TSc SG-6E-St-BE SG-6E-S-TSb 

SG-S-TWh SG-6W-S-TNa SG-6W-S-BSe SG-6W-S-BNa SG-6E-St-BW SG-6E-S-TSc 

SG-1E-St-ME SG-6W-S-TNb SG-6W-S-TNa SG-6W-S-BNb SG-6E-St-ME SG-6W-S-BNa 

SG-1E-St-MW SG-6W-S-TNc SG-6W-S-TNb SG-6W-S-BNc SG-6E-St-MW SG-6W-S-BNb 

SG-1E-St-TE SG-6W-S-TNd SG-6W-S-TNc SG-6W-S-BNd SG-6E-St-TE SG-6W-S-BNc 

SG-1E-St-TW SG-6W-S-TNe SG-6W-S-TNd SG-6W-S-BNe SG-6W-S-BNa SG-6W-S-BNd 

SG-2E-St-BE SG-6W-S-TSa SG-6W-S-TNe SG-6W-S-BSa SG-6W-S-BNb SG-6W-S-BNe 

SG-2E-St-BW SG-6W-S-TSb SG-6W-S-TSb SG-6W-S-BSb SG-6W-S-BNc SG-6W-S-BSa 

SG-2E-St-MW SG-6W-S-TSd SG-6W-S-TSc SG-6W-S-BSc SG-6W-S-BNd SG-6W-S-BSb 

SG-2E-St-TE SG-6W-S-TSe SG-6W-S-TSd SG-6W-S-BSd SG-6W-S-BNe SG-6W-S-BSc 

SG-2E-St-TW SG-S-BEf SG-6W-S-TSe SG-6W-S-BSe SG-6W-S-BSa SG-6W-S-BSd 

SG-3E-St-TE SG-S-BEg SG-S-BEf SG-6W-S-TNa SG-6W-S-BSb SG-6W-S-BSe 

SG-3E-St-TW SG-S-BEi SG-S-BEg SG-6W-S-TNb SG-6W-S-BSc SG-6W-S-TNa 

SG-4E-St-BE SG-S-BEj SG-S-BEi SG-6W-S-TNc SG-6W-S-BSd SG-6W-S-TNb 

SG-4E-St-ME SG-S-BWi SG-S-BEj SG-6W-S-TNd SG-6W-S-BSe SG-6W-S-TNc 

SG-4E-St-TE SG-S-TEf SG-S-BWi SG-6W-S-TNe SG-6W-S-TNa SG-6W-S-TNd 

SG-5E-St-MW SG-S-TEg SG-S-TEf SG-6W-S-TSb SG-6W-S-TNb SG-6W-S-TNe 

SG-5E-St-TW SG-S-TEi SG-S-TEi SG-6W-S-TSc SG-6W-S-TNc SG-6W-S-TSb 

SG-6E-St-ME SG-S-TEj SG-S-TEj SG-6W-S-TSd SG-6W-S-TNd SG-6W-S-TSc 

SG-6E-St-TE SG-S-TEk SG-S-TEk SG-6W-S-TSe SG-6W-S-TNe SG-6W-S-TSd 

SG-7E-St-TE SG-S-TWh SG-S-TWh SG-S-BEf SG-6W-S-TSb SG-6W-S-TSe 

SG-8E-St-TE SG-S-TWi SG-1E-St-BE1 SG-S-BEg1 SG-6W-S-TSc SG-S-BEf 

SG-9E-St-TE SG-1E-St-ME SG-1E-St-BW SG-S-BEi SG-6W-S-TSd SG-S-BEg 

SG-9E-St-TW SG-1E-St-MW SG-1E-St-ME SG-S-BEj SG-6W-S-TSe SG-S-BEi 

SG-10E-St-TW SG-1E-St-TE SG-1E-St-MW SG-S-BWf SG-S-BEf SG-S-BEj 

 SG-1E-St-TW SG-1E-St-TE SG-S-BWg1 SG-S-BEg SG-S-BWf 

 SG-2E-St-BE SG-1E-St-TW SG-S-BWi SG-S-BEi SG-S-BWg 

 SG-2E-St-BW SG-2E-St-BE SG-S-BWj1 SG-S-BEj SG-S-BWi 

 SG-2E-St-MW SG-2E-St-BW SG-S-TEf SG-S-BWf SG-S-BWj 
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 SG-2E-St-TE SG-2E-St-ME1 SG-S-TEh1 SG-S-BWg SG-S-TEf 

 SG-2E-St-TW SG-2E-St-MW SG-S-TEi SG-S-BWi SG-S-TEh 

 SG-3E-St-BE1 SG-2E-St-TE SG-S-TEj SG-S-BWj SG-S-TEi 

 SG-3E-St-TE SG-2E-St-TW SG-S-TEk SG-S-TEf SG-S-TEj 

 SG-3E-St-TW SG-3E-St-BE SG-S-TWf SG-S-TEh SG-S-TEk 

 SG-4E-St-BE SG-3E-St-BW1 SG-S-TWg1 SG-S-TEi SG-S-TWf 

 SG-4E-St-BW1 SG-3E-St-ME1 SG-S-TWh SG-S-TEj SG-S-TWg1 

 SG-4E-St-ME SG-3E-St-TE SG-1E-St-BE SG-S-TEk SG-S-TWh 

 SG-4E-St-TE SG-3E-St-TW SG-1E-St-BW SG-S-TWf SG-1E-St-BE 

 SG-5E-St-MW SG-4E-St-BE SG-1E-St-ME SG-S-TWg SG-1E-St-BW 

 SG-5E-St-TW SG-4E-St-BW SG-1E-St-MW SG-S-TWh SG-1E-St-ME 

 SG-6E-St-ME SG-4E-St-ME SG-1E-St-TE SG-1E-St-BE SG-1E-St-MW 

 SG-6E-St-TE SG-4E-St-MW1 SG-1E-St-TW SG-1E-St-BW SG-1E-St-TE 

 SG-7E-St-TE SG-4E-St-TE SG-2E-St-BE SG-1E-St-ME SG-1E-St-TW 

 SG-8E-St-TE SG-4E-St-TW SG-2E-St-BW SG-1E-St-MW SG-2E-St-BE 

 SG-9E-St-BE1 SG-5E-St-BE1 SG-2E-St-ME SG-1E-St-TE SG-2E-St-BW 

 SG-9E-St-BW SG-5E-St-BW1 SG-2E-St-MW SG-1E-St-TW SG-2E-St-ME 

 SG-9E-St-MW SG-5E-St-MW SG-2E-St-TE SG-2E-St-BE SG-2E-St-MW 

 SG-9E-St-TE SG-5E-St-TW SG-2E-St-TW SG-2E-St-BW SG-2E-St-TE 

 SG-9E-St-TW SG-6E-St-BE1 SG-3E-St-BE SG-2E-St-ME SG-2E-St-TW 

 SG-10E-St-BE1 SG-6E-St-BW1 SG-3E-St-BW SG-2E-St-MW SG-3E-St-BE 

 SG-10E-St-BW1 SG-7E-St-BE1 SG-3E-St-ME SG-2E-St-TE SG-3E-St-BW 

 SG-10E-St-ME1 SG-7E-St-BW1 SG-3E-St-MW SG-2E-St-TW SG-3E-St-ME 

 SG-10E-St-MW SG-7E-St-ME1 SG-3E-St-TE SG-3E-St-BE SG-3E-St-MW 

 SG-10E-St-TE1 SG-7E-St-MW1 SG-3E-St-TW SG-3E-St-BW SG-3E-St-TE 

 SG-10E-St-TW SG-7E-St-TE SG-4E-St-BE SG-3E-St-ME SG-3E-St-TW 

  SG-7E-St-TW1 SG-4E-St-BW SG-3E-St-MW SG-4E-St-BE 

  SG-8E-St-BE1 SG-4E-St-ME SG-3E-St-TE SG-4E-St-BW 

  SG-8E-St-BW1 SG-4E-St-MW SG-3E-St-TW SG-4E-St-ME 

  SG-8E-St-ME1 SG-4E-St-TE SG-4E-St-BE SG-4E-St-MW 

  SG-8E-St-MW1 SG-4E-St-TW SG-4E-St-BW SG-4E-St-TE 

  SG-8E-St-TE SG-5E-St-BE SG-4E-St-ME SG-4E-St-TW 

  SG-9E-St-BE SG-5E-St-BW SG-4E-St-MW SG-5E-St-BE 

  SG-9E-St-BW SG-5E-St-ME1 SG-4E-St-TE SG-5E-St-BW 

  SG-9E-St-ME1 SG-5E-St-MW SG-4E-St-TW SG-5E-St-ME 

  SG-9E-St-MW SG-5E-St-TE1 SG-5E-St-BE SG-5E-St-MW 

  SG-9E-St-TE SG-5E-St-TW SG-5E-St-BW SG-5E-St-TE 

  SG-9E-St-TW SG-6E-St-BE SG-5E-St-ME SG-5E-St-TW 

  SG-10E-St-BE SG-6E-St-BW SG-5E-St-MW SG-6E-St-BE 

  SG-10E-St-BW SG-6E-St-ME SG-5E-St-TE SG-6E-St-BW 

  SG-10E-St-ME SG-6E-St-MW1 SG-5E-St-TW SG-6E-St-ME 

  

SG-10E-St-

MW SG-6E-St-TE SG-7E-St-BE SG-6E-St-MW 

  SG-10E-St-TE SG-7E-St-BE SG-7E-St-BW SG-6E-St-TE 

  SG-10E-St-TW SG-7E-St-BW SG-7E-St-ME SG-7E-St-BE 

   SG-7E-St-ME SG-7E-St-MW SG-7E-St-BW 

   SG-7E-St-MW SG-7E-St-TE SG-7E-St-ME 
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   SG-7E-St-TE SG-7E-St-TW SG-7E-St-MW 

   SG-7E-St-TW SG-8E-St-BE SG-7E-St-TE 

   SG-8E-St-BE SG-8E-St-BW SG-7E-St-TW 

   SG-8E-St-BW SG-8E-St-ME SG-8E-St-BE 

   SG-8E-St-ME SG-8E-St-MW SG-8E-St-BW 

   SG-8E-St-MW SG-8E-St-TE SG-8E-St-ME 

   SG-8E-St-TE SG-9E-St-BE SG-8E-St-MW 

   SG-9E-St-BE SG-9E-St-BW SG-8E-St-TE 

   SG-9E-St-BW SG-9E-St-ME SG-9E-St-BE 

   SG-9E-St-ME SG-9E-St-MW SG-9E-St-BW 

   SG-9E-St-MW SG-9E-St-TE SG-9E-St-ME 

   SG-9E-St-TE SG-9E-St-TW SG-9E-St-MW 

   SG-9E-St-TW SG-10E-St-BE SG-9E-St-TE 

   SG-10E-St-BE SG-10E-St-BW SG-9E-St-TW 

   SG-10E-St-BW SG-10E-St-ME SG-10E-St-BE 

   SG-10E-St-ME SG-10E-St-MW SG-10E-St-BW 

   SG-10E-St-MW SG-10E-St-TE SG-10E-St-ME 

   SG-10E-St-TE SG-10E-St-TW SG-10E-St-MW 

   SG-10E-St-TW  SG-10E-St-TE 

     SG-10E-St-TW 

1 Sensors damaged during the test 
2 Sensors replaced after the test 
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Table D.5 Damaged pressure gauges in all tests 

Elastic 
AISC  

0.375-0.5% 

AISC  

0.75-1.5% 

AISC  

2-4% 

SAC 

 Near-Fault 

Collapse- 

Consistent 

PG-1W-N-TW PG-1W-N-BE PG-1W-N-BE PG-1W-N-BE PG-1W-N-BE PG-1W-N-BE 

PG-1W-N-TE PG-1W-N-BW PG-1W-N-BW PG-1W-N-BW PG-1W-N-BW PG-1W-N-BW 

PG-1W-N-BW PG-1W-N-TE PG-1W-N-TE PG-1W-N-TE PG-1W-N-TE PG-1W-N-TE 

PG-1W-N-BE PG-1W-N-TW PG-1W-N-TW PG-1W-N-TW PG-1W-N-TW PG-1W-N-TW 

PG-1W-S-BW PG-1W-S-BE PG-1W-S-BE PG-1W-S-BE PG-1W-S-BE PG-1W-S-BE 

PG-1W-S-BE PG-1W-S-BW PG-1W-S-BW PG-1W-S-BW PG-1W-S-BW PG-1W-S-BW 

PG-5W-N-BW PG-5W-N-BE PG-5W-N-BE PG-1W-S-TE PG-1W-S-TE PG-1W-S-TE 

PG-5W-N-BE PG-5W-N-BW PG-5W-N-BW PG-1W-S-TW1 PG-1W-S-TW PG-1W-S-TW 

PG-6W-N-TW PG-5W-N-TE PG-5W-N-TE PG-5W-N-BE PG-5W-N-BE PG-5W-N-BE 

PG-6W-N-TE PG-6W-N-BE1 PG-6W-N-BE PG-5W-N-BW PG-5W-N-BW PG-5W-N-BW 

PG-10W-N-TW PG-6W-N-TE PG-6W-N-BW1 PG-5W-N-TE PG-5W-N-TE PG-5W-N-TE 

PG-10W-N-BW PG-6W-N-TW PG-6W-N-TE PG-5W-N-TW PG-5W-N-TW PG-5W-N-TW 

PG-10W-N-BE PG-6W-S-BE PG-6W-N-TW PG-6W-N-BE PG-6W-N-BE PG-6W-N-BE 

PG-10W-S-TW PG-10W-N-TW PG-10W-N-TE1 PG-6W-N-BW PG-6W-N-BW PG-6W-N-BW 

PG-10W-S-TE PG-10W-N-BW PG-10W-N-BE PG-6W-N-TE PG-6W-N-TE PG-6W-N-TE 

 PG-10W-N-BE PG-10W-N-BW PG-6W-N-TW PG-6W-N-TW PG-6W-N-TW 

 PG-10W-S-TW PG-10W-N-TW PG-10W-N-BE PG-10W-N-BE PG-10W-N-BE 

 PG-10W-S-TE PG-10W-S-TE PG-10W-N-BW PG-10W-N-BW PG-10W-N-BW 

  PG-10W-S-TW PG-10W-N-TE PG-10W-N-TE PG-10W-N-TE 

   PG-10W-N-TW PG-10W-N-TW PG-10W-N-TW 

   PG-10W-S-BE1 PG-10W-S-BE PG-10W-S-BE 

   PG-10W-S-BW1 PG-10W-S-BW PG-10W-S-BW 

   PG-10W-S-TE PG-10W-S-TE PG-10W-S-TE 

   PG-10W-S-TW PG-10W-S-TW PG-10W-S-TW 

1 Sensors damaged during the test 

 

Table D.6 Damaged/detached LVDTs and inclinometers in all tests 

Elastic 
AISC  

0.375-0.5% 

AISC  

0.75-1.5% 

AISC  

2-4% 

SAC  

Near-Fault 

Collapse- 

Consistent 

LVDT-BP1 LVDT-BP1 LVDT-BP1 LVDT-BP-S1 LVDT-BP-S1 LVDT-BP-S1 

LVDT-EP-NIW2 LVDT-EP-NIW2 LVDT-EP-NIW2 LVDT-BP-N1 LVDT-BP-N1 LVDT-BP-N1 

LVDT-EP-SIW2 LVDT-EP-SIW2 LVDT-EP-SIW2 LVDT-P-S1 LVDT-P-S1 LVDT-P-S1 

LVDT-EP-NIE2 LVDT-EP-NIE2 LVDT-EP-NIE2 LVDT-P-N1 LVDT-P-N1 LVDT-P-N1 

LVDT-EP-SIE2 LVDT-EP-SIE2 LVDT-EP-SIE2 INCL-I-F-W3,4   

LVDT-P1 LVDT-P1 LVDT-P1 LVDT-EP-NIW3,4   

   LVDT-EP-SIW3,4   
1 Sensors LVDT-BP-S and LVDT-BP-N were replaced with one sensor, LVDT-BP during the AISC 2-4% test 

   Sensors LVDT-P-S and LVDT-P-N were replaced with one sensor, LVDT-P during the AISC 2-4% test 
2 Sensors added during the AISC 2-4% test 
3 Sensors damaged during the test 
4 Sensors replaced after the test 
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Table D.7 Non-functional (hidden) LED bulbs in all tests 

AISC 

 2-4% 

SAC  

Near-Fault 

Collapse- 

Consistent 

1 1 1 

2 10 10 

3 12 12 

4 32 32 

5   
6   
7   
8   
9   
10   
11   
13   
14   
15   
16   
19   
20   
21   
22   
23   
24   
25   
26   
27   
28   
29   
30   
31   
32   
33   
36     

 

Table D.8 Damaged fiber optic cables in all tests 

Elastic 
AISC 

0.375-0.5% 

AISC 

0.75-1.5% 

AISC 

2-4% 

SAC 

Near-Fault 

Collapse- 

Consistent 

F-BNc F-BNc F-BNc F-BNc F-BNc F-BNc 

F-TNb F-TNb F-TNb F-TNb F-TNb F-TNb 

 F-TNa2  F-TNa1 F-TNa F-TNa 
1 Sensor damaged during the test 
2 Sensor repaired after the test 

 

D.4  Derivation of the forces/deformations 

This section provides the methodological steps for deducing forces/deformations in Chapters 5 and 

Appendix E. A notation list can be found in section D.4.14. 
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D.4.1  Cross-sectional forces 

The bending moment and axial forces were obtained at cross sections instrumented with strain gauges 

(see Appendix D1, Drawings Nr. 0 to 5). Referring to Figure D.1, each cross section was instrumented 

with seven strain gauges (three on the web and two on each flange), unless otherwise specified in the 

instrumentation list. The flange and web of the profile were discretized, and the forces were deduced 

by integrating the stresses along the area of the cross section as follows, 

𝑀𝑜 =  ∑ 𝐸휀𝑖𝑧𝑖(𝛿𝐴𝑖)

𝑖

 (D.1) 

𝑁𝑜 =  ∑ 𝐸휀𝑖(𝛿𝐴𝑖)

𝑖

 (D.2) 

For instance, at cross section 2E in the East column (see Appendix D1, Drawing Nr. 1), the uniaxial 

strains gauge identifications (IDs) are as follows:  

− 휀1: SG-2E-F-NW 

− 휀2: SG-2E-F-SW 

− 휀3: SG-2E-W-W 

− 휀4: SG-2E-W-M 

− 휀5: SG-2E-W-E 

− 휀6: SG-2E-F-NE 

− 휀7: SG-2E-F-SE 
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Figure D.1 Derivation of the cross-sectional forces, (a) HEM320 column cross section; (b) IPE360 

beam cross section 

 

The cross-sectional forces were calculated using the average measured dimensions of the column and 

beam cross sections. The measured dimensions are illustrated in Tables D.9 and  D.10 at four equally 

spaced locations in the columns and five equally spaced locations in the beams. Note that the calcu-

lation of the axial force in the column cross sections through stress integration was not found to be 

reliable. The error in the strain gauge measurement near cross-sectional discontinuities resulted in an 

error in the axial force when the stresses were integrated across the thick column flanges. The column 

axial forces were observed to drift throughout loading (see discussion section D.4.5). Accordingly, 

the axial forces in the columns were not derived using the strain gauge data but through force equi-

librium as described in section D.4.5.  
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Table D.9 Measured dimensions of the column cross sections 

 Location ℎ𝑐 [mm] 𝑏𝑓𝑐 [mm] 𝑡𝑓𝑐 [mm] 

West Column 

#1 359.0 308.8 39.9 

#2 359.3 309.0 39.9 

#3 360.5 308.5 40.0 

#4 359.3 309.0 39.8 

Average 359.5 308.8 39.9 

Interior Column 

#1 359.9 308.5 40.1 

#2 359.0 308.5 40.0 

#3 359.5 308.9 40.2 

#4 359.7 308.7 40.1 

Average 359.5 308.7 40.1 

East Column 

#1 359.9 308.7 40 

#2 359.1 308.5 39.9 

#3 360.5 308.9 40 

#4 359.5 308.7 40 

Average 359.8 308.7 40.0 

Average - All Columns 359.6 308.7 40.0 

 

Table D.10 Measured dimensions of the beam cross sections 

  Location ℎ𝑏 [mm] 𝑏𝑓𝑏 [mm] 𝑡𝑓𝑏 [mm] 

West Beam 

#1 359.8 170.5 12.0 

#2 359.0 170.7 11.2 

#3 359.4 170.8 12.0 

#4 359.4 170.2 11.9 

#5 359.4 170.4 12.2 

Average 359.4 170.5 11.8 

East Beam 

#1 358.9 170.2 12.1 

#2 358.7 170.0 12.2 

#3 359.3 171.0 12.5 

#4 359.5 170.2 12.5 

#5 360.0 170.1 12.4 

Average 359.3 170.3 12.3 

Average - All Beams 359.3 170.4 12.1 

 

Damaged strain gauge readings were disregarded from the integration during a loading stage. The 

cross-sectional forces were not computed if the two strain gauges on either flange of the columns 

were damaged. In that case, the moment diagram was constructed as described in section D.4.3. The 

damaged strain gauges are shown in Table D.11 along with the corresponding loading protocol during 

which damage occurred. Between loading sequences, damaged strain gauges were replaced with new 

ones. 
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Table D.11 Damaged strain gauges 

ID Loading Protocol Location 

SG-4E-F-NE AISC 0-0.5% rads Cross section 4E  

SG-2E-F-SE AISC 2-4% rads Cross section 2E 

SG-2E-F-NE AISC 2-4% rads Cross section 2E 

SG-2I-F-SE Collapse Consistent Cross section 2I 

SG-2I-F-NE Collapse Consistent Cross section 2I 

 

D.4.2  Story drift ratio 

Referring to Figure D.2, the story drift ratio (SDR) was calculated at the column top level using the 

string potentiometer (SP-CE-T) mounted on the East column (see Appendix D1, Drawing Nr. 13) as 

follows, 

SDR =
𝛿𝑆𝑃,𝐸

ℎ𝑆𝑃
 

(D.3) 

− 𝛿𝑆𝑃,𝐸, sensor ID: SP-CE-T  

− ℎ𝑆𝑃 = 4270 mm (distance from center of bottom structural pin to the location where the string 

potentiometer was mounted, as shown in Figure D.2) 

Note that during the last unloading excursion of the collapse consistent protocol (beyond -2% rads), 

the string potentiometer was removed because the displacement exceeded the allowable range of the 

sensor. The SDR was derived from the actuator displacement in this case as follows, 

SDR =
𝛿𝐴 − 𝑠𝐵𝑟 −

𝐹𝐴

𝐾𝑅

𝐻
 

(D.4) 

− 𝐾𝑅 = 67.4 kN/mm 

− 𝐻 = 4615 mm (centerline distance between the two structural pins as shown in Figure D.2) 

The sensor IDs are, 

− 𝛿𝐴: D-ACT  

− 𝐹𝐴: F-ACT  

−𝑠𝐵𝑟: LVDT-BR-S and LVDT-BR-N 
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Figure D.2 String pot and actuator displacements for the derivation of the story drift ratio 

 

D.4.3  Column shear forces / base shear 

The shear forces in the columns were obtained from the slope of the moment diagram (see Figure 

D.3). The inflection points are located at the center of the top and bottom structural pins. Since the 

moment diagram is linear, it can be constructed from only one derived cross-sectional moment, if 

needed. This was done if the moments at both instrumented cross sections could not be derived due 

to damage in the strain gauges during loading (see Table D.1). Shown in Figure D.3 is the moment 

diagram in the East column. The shear forces in the top and bottom portion of the East column were 

calculated from the slope of the moment diagram as follows, 

𝑉𝑐𝐸,𝑡𝑜𝑝 =
𝑀𝑐,2𝐸 − 𝑀𝑐,1𝐸

ℎ2𝐸 − ℎ1𝐸
 (D.5) 

𝑉𝑐𝐸,𝑏𝑜𝑡 =
𝑀𝑐,3𝐸 − 𝑀𝑐,4𝐸

ℎ3𝐸 − ℎ4𝐸
 (D.6) 

− ℎ1𝐸 = 560 mm 

− ℎ2𝐸 = 1560 mm 

− ℎ3𝐸 = 1555 mm 

FA , A

KR

hSP

SP

H

sBr



Appendix D Detailed instrumentation plan 

 

347 

− ℎ4𝐸 = 555 mm 

 

 

Figure D.3 Moment diagram in the East column of the test frame 

 

The shear forces in the West and Interior columns were derived in a similar manner. The base shear 

was calculated as the sum of the shear forces in the bottom region of the columns. Global equilibrium 

was checked in order to verify the top and bottom column shear forces. Figure D.4 shows the free-

body diagram for the axial and shear forces in the beams and columns. Referring to Figure D.4,  

𝑉𝐵𝑎𝑠𝑒 = ∑ 𝑉𝑐𝑖,𝑏𝑜𝑡

𝑖

= − ∑ 𝑉𝑐𝑖,𝑡𝑜𝑝 = −𝐹𝐴,ℎ

𝑖

 
 (D.7) 

𝐹𝐴,ℎ = 𝐹𝐴 ∙ cos (
𝐻 ∙ [1 − cos(SDR)]

𝐿𝐴
) 

(D.8) 

− 𝐻 = 4615 mm (see Figure D.4 

− 𝐿𝐴 = 5100 mm (see Figure D.4) 

− 𝐹𝐴, sensor ID: F-ACT (see Figure D.4) 
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Figure D.4 Free body diagram of the test frame showing the moment, shear and axial forces in the 

beams and columns. For clarity, the forces are only shown on one side of the cross section (nearest 

to the main girder and exterior columns)  

 

Figure D.5 shows that the total shear force throughout the whole loading history (i.e., AISC symmet-

ric cyclic, SAC near-fault and collapse-consistent protocols) in the top and bottom regions of the 

columns matches the horizontal force applied by the actuator within an accuracy of 5%.  
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(a) (b) 

Figure D.5 Check for global equilibrium throughout the whole loading history, (a) total shear force 

in the bottom regions of the columns; (b) total shear force in the top regions of the columns 

 

D.4.4  Composite steel beam shear forces  

The strain gauge measurements did not accurately reproduce the axial forces in the column cross 

sections as mentioned in section D.4.1. Therefore, the shear force in the beams could not be obtained 

by equilibrium of the axial forces in the exterior columns. Instead, the shear forces in the beams were 

obtained by assuming the flexural stiffness of the West and East beams are equal during the AISC 

symmetric cyclic loading protocol. Accordingly, the shear forces were derived by global equilibrium 

as follows (see Figure D.4), 

𝑉𝑐𝑏,𝐸 = 𝑉𝑐𝑏,𝑊 = 𝐹𝐴,ℎ ∙
𝐻

2𝐿𝑏
 (D.9) 

− 𝐻 = 4615 mm 

− 𝐿𝑏 = 4960 mm 

Note that this assumption is not valid in the near-fault and collapse-consistent protocols in which the 

loading is asymmetric. For these two protocols, the shear force in the beam was obtained by compu-

ting the moment gradient between the instrumented beam cross sections. For the East beam (see Fig-

ure D.6a), 

𝑉𝑐𝑏,𝐸 =
𝑀𝑐𝑏,5𝐸 − 𝑀𝑐𝑏,6𝐸

𝐿56𝐸
 (D.10) 

- -
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− 𝐿56𝐸 = 2191 mm (see Figure D.6a)  

The moment at each cross section was computed by assuming that the axial force in the slab acts at 

the center of the concrete above the steel deck as shown in Figure D.6b. 

 

 

(a) 

 

(b) 

Figure D.6 Derivation of the shear force in the East composite steel beam, (a) moment gradient be-

tween the instrumented cross sections; (b) calculation of the composite steel beam moment at the 

instrumented cross section 5E 

 

In order to verify the above assumptions, moment equilibrium was checked and verified at the interior 

beam-to-column joint as shown in Figure D.7 and Figure D.8. The derivation of the moments given 

the shear forces in the composite steel beams is described in section D.4.6. 
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Figure D.7 Moment equilibrium at the interior joint 

 

  

(a) (b) 

Figure D.8 Check for moment equilibrium at the interior joint, (a) AISC symmetric cyclic loading 

protocol; (b) SAC near-fault protocol 

 

The shear force in the West composite steel beam was calculated in a similar manner. 

 

D.4.5  Axial forces in the columns 

Referring to Figure D.4, the axial force equilibrium in the top and bottom regions of the columns is 

checked as follows, 

∑ 𝑁𝑐𝑖,𝑏𝑜𝑡

𝑖

= ∑ 𝑁𝑐𝑖,𝑡𝑜𝑝 = −𝐹𝐴,𝑣

𝑖

 (D.11) 

𝐹𝐴,𝑣 = 𝐹𝐴 ∙ sin (
𝐻 ∙ [1 − cos(SDR)]

𝐿𝐴
) (D.12) 

Mcb,IJ,W
Mcb,IJ,E

Mc,IJ,top

Mc,IJ,bot

- -
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− 𝐻 = 4615 mm (see Figure D.4) 

− 𝐿𝐴 = 5100 mm (see Figure D.4) 

− 𝐹𝐴, sensor ID: F-ACT (see Figure D.4) 

Figure D.9 shows that equilibrium was not satisfied when the axial forces were obtained from the 

strain gauge measurements. 

 

  

(a) (b) 

Figure D.9 Check for global equilibrium throughout the entire loading history, (a) total axial force 

in the bottom regions of the columns; (b) total axial force in the top regions of the columns 

 

The axial force in the top regions of the East column, 𝑁𝑐𝐸,𝑡𝑜𝑝 was calculated through equilibrium in 

the loading beam (see Figure D.10),  

𝑀𝐿𝐵,𝐵𝑟 = 𝐹𝐴 ∙ ℎ𝐿𝐵−𝐵𝑟 (D.13) 

𝑀𝐿𝐵,𝐼 = 𝑉𝑐𝐼,𝑡𝑜𝑝 ∙ ℎ𝐿𝐵−𝑝𝑖𝑛 (D.14) 

𝑀𝐿𝐵,𝐸 = 𝑉𝑐𝐸,𝑡𝑜𝑝 ∙ ℎ𝐿𝐵−𝑝𝑖𝑛 (D.15) 

𝑁𝑐𝐸,𝑡𝑜𝑝 = 𝑉𝐿𝐵,𝐸 =
0.5 ∙ (𝑀𝐿𝐵,𝐵𝑟 + 𝑀𝐿𝐵,𝐼) − 𝑀𝐿𝐵,𝐸

𝐿𝑏
 (D.16) 

− ℎ𝐿𝐵−𝐵𝑟 = 651 mm (see Figure D.10) 

− ℎ𝐿𝐵−𝑃𝑖𝑛 = 425 mm (see Figure D.10) 

- -
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− 𝐿𝑏 = 4960 mm (see Figure D.10 

 

 

Figure D.10 Free body diagram at the location of the top pins 

 

The axial force in the top region of the West column, 𝑁𝑐𝑊,𝑡𝑜𝑝 was calculated in a similar manner.  

Figure D.11 shows a comparison between the calculated axial forces in the top regions of the West 

and East columns (𝑁𝑐𝑊,𝑡𝑜𝑝 and 𝑁𝑐𝐸,𝑡𝑜𝑝) and those obtained through the strain gauge measurements 

(𝑁𝑐𝑊,𝑡𝑜𝑝′ and 𝑁𝑐𝐸,𝑡𝑜𝑝′). As discussed earlier, there is a considerable error in obtaining the column 

forces using the strain gauge measurements. The axial force in the top regions of the columns drifts 

throughout loading. This agrees with the findings from Figure D.9b. 

 

  

(a) (b) 

Figure D.11. Comparison between the calculated and measured axial forces in the top regions of the 

(a) West column; and (b) East column 

 

Based on the above, the axial force in the bottom region of the East column was derived by equilib-

rium at the exterior joints as follows (see Figure D.4), 
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𝑁𝑐𝐸,𝑏𝑜𝑡 = 𝑉𝑐𝑏,𝐸 + 𝑁𝑐𝐸,𝑡𝑜𝑝 
(D.17) 

The axial force in the bottom region of the West column, 𝑁𝑐𝑊,𝑏𝑜𝑡 was calculated in a similar manner. 

 

D.4.6  Composite steel beam moments 

The composite steel beam moments were obtained by equilibrium. Shown in Figure D.12 is the mo-

ment equilibrium at the East exterior joint, 

𝑀𝑐𝑏,𝐸𝐽 = 𝑀𝑐,𝐸𝐽,𝑏𝑜𝑡 + 𝑀𝑐,𝐸𝐽,𝑡𝑜𝑝 (D.18) 

The moment in the East composite steel beam at distance x from the center of the exterior joints was 

derived as follow, 

𝑀𝑐𝑏,𝐸,𝑥 = 𝑀𝑐𝑏,𝐸𝐽 − 𝑉𝑐𝑏,𝐸 ∙ 𝑥 (D.19) 

Where 𝑥 is the distance as shown in Figure D.12. 

 

 

 

(a) (b) 

Figure D.12 (a) Moment in the East composite steel beam; (b) moment equilibrium at the East exte-

rior joint 

 

The moments in the West composite steel beam were calculated in a similar manner. Note that the 

axial force in the composite steel beam was assumed to act at the center of the joint; hence, the mo-

ment due to the eccentricity of the axial force in the composite steel beam was not considered. The 

rationale is that prior to framing action, the axial force in the composite steel beam was negligible. 

For instance, at 3% rads, the maximum axial force in the West composite steel beam was 116 kN. 

Mcb,E,x

Vcb,E

x

Mc,EJ,top

Mc,EJ,bot

Mcb,EJ

x

Mcb,E,x

Vcb,E



Appendix D Detailed instrumentation plan 

 

355 

Assuming that the concrete remains fully elastic throughout the width of the slab, the eccentricity of 

the axial force was conservatively calculated to be 107 mm. The moment due to this eccentricity was 

12.4 kNm or 1.3% of the maximum moment at the West exterior joint. Moreover, at high lateral drift 

demands where framing action becomes substantial (> 4% rads), the eccentricity of the axial force is 

expected to decrease as the column face concrete crushes. 

 

D.4.7  Axial force, shear force and moment diagrams at selected drift amplitudes 

For illustration purpose, the axial force (see Figure D.13), shear force (see Figure D.14) and moment 

diagrams (see Figure D.15) are shown at two different drift amplitudes. The one corresponds to the 

first loading excursion of the +1% rads drift amplitude of the AISC symmetric cyclic loading proto-

col. The second drift level corresponds to the first +6% excursion of the SAC near-fault protocol. 

  



Appendix D Detailed instrumentation plan 

 

356 

 

(a) 

 

(b) 

Figure D.13 Axial force diagram in the test frame (in kN), (a) +1% rads (AISC symmetric cyclic 

protocol); (b) +6% rads (SAC near-fault protocol – negative sign denotes compressive load) 
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(a) 

 

(b) 

Figure D.14 Shear force diagram in the test frame (in kN), (a) +1% rads (AISC symmetric cyclic 

protocol); (b) +6% rads (SAC near-fault protocol) 
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(a) 

 

(b) 

Figure D.15 Moment diagram in the test frame (in kNm), (a) +1% rads (AISC symmetric cyclic 

protocol); (b) +6% rads (SAC near-fault protocol) 
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D.4.8  Computation of chord rotations 

The composite steel beam and column chord rotations were obtained from the inclinometer readings 

(see Appendix D1, Drawing Nr. 7) as per the equations proposed by Rahiminia and Namba (2013). 

These were modified to account for the test frame configuration and the angle due to the gap opening 

between the end plate and the column flange, 𝜃𝐸𝑃. Figure D.16 shows the derivation of the East 

composite steel beam and column chord rotations at the interior joint, 

𝜃𝑏 =
𝜃𝐼𝑁𝐶𝐿,𝑙 + 𝜃𝐼𝑁𝐶𝐿,𝑟

2
+ 𝜃𝐼𝑁𝐶𝐿,𝑏 ∙

ℎ𝑐

𝐿𝑏 − ℎ𝑐
− 𝜃𝐸𝑃 (D.20) 

𝜃𝐸𝑃 =
𝛿𝐸𝑃

0.5ℎ𝑏
 (D.21) 

𝜃𝑐 = SDR ∙
𝐻

𝐻 − ℎ𝑏
−

𝜃𝐼𝑁𝐶𝐿,𝑙 + 𝜃𝐼𝑁𝐶𝐿,𝑟

2
∙

ℎ𝑏

𝐻 − ℎ𝑏
− 𝜃𝐼𝑁𝐶𝐿,𝑏 (D.22) 

e.g., At the interior joint, the sensor IDs are, 

− 𝜃𝐼𝑁𝐶𝐿,𝑙: INCL-I-F-W (see Figure D.16) 

− 𝜃𝐼𝑁𝐶𝐿,𝑟: INCL-I-F-E (see Figure D.16) 

− 𝜃𝐼𝑁𝐶𝐿,𝑏: INCL-I-W-B (see Figure D.16) 

−𝛿𝐸𝑃: LVDT-EP-NIE and LVDT-EP-SIE 
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Figure D.16 Derivation of the composite steel beam and column chord rotations at the interior joint 

 

Note that during the AISC protocol (2% to 4% rads) the inclinometer on the west flange of the interior 

column (sensor ID: INCL-I-F-W) experienced drifting. Accordingly, the measurement was not in-

cluded in the calculation of the chord rotation. Only the inclinometer on the east flange was consid-

ered in this case. 

 

D.4.9  Column web panel zone shear demands and distortions 

For each column, the web panel zone demand was calculated according to Kim and Engelhardt 

(2002). Under sagging bending, the effective depth was assumed to act at the center of the concrete 

above the steel deck. Under hogging bending, the effective depth is assumed to act between the beam 

flanges (see Figure D.17a). 

For the interior joint (see Figure D.17a), 

𝑉𝑃𝑍,𝐼 =
𝑀𝐼𝑊,𝑐𝑓

+

𝑑𝑒𝑓𝑓
+ +

𝑀𝐼𝐸,𝑐𝑓
−

𝑑𝑒𝑓𝑓
− −

𝑉𝑐,𝐼,𝑡𝑜𝑝 + 𝑉𝑐,𝐼,𝑏𝑜𝑡

2
 (D.23) 

 

For the East exterior joint under sagging bending, 
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𝑉𝑃𝑍,𝐸 =
𝑀𝐸,𝑐𝑓

+

𝑑𝑒𝑓𝑓
+ −

𝑉𝑐,𝐸,𝑡𝑜𝑝 + 𝑉𝑐,𝐸,𝑏𝑜𝑡

2
 (D.24) 

 

For the East exterior joint under hogging bending, 

𝑉𝑃𝑍,𝐸 =
𝑀𝐸,𝑐𝑓

−

𝑑𝑒𝑓𝑓
− −

𝑉𝑐,𝐸,𝑡𝑜𝑝 + 𝑉𝑐,𝐸,𝑏𝑜𝑡

2
 (D.25) 

The panel zone demand in the West exterior joint was calculated in a similar manner to that in the 

East exterior joint. 

The distortion of the column web panel zone was obtained from the LVDTs (see Appendix D1, Draw-

ing Nr. 6) on the column web (see Figure D.17b) The sensor IDs shown herein correspond to the 

sensors on the interior joint column web panel zone. 

𝛾 = (𝛥1 − 𝛥2).
√𝑎𝑃𝑍,𝐼

2 + 𝑏𝑃𝑍,𝐼
2

2𝑎𝑃𝑍,𝐼 ∙ 𝑏𝑃𝑍,𝐼
 

(D.26) 

e.g., At the interior joint, the sensor IDs are, 

− 𝛥1: L DT-I-W 

− 𝛥2: L DT-I-E 

The exterior West and East column web panel zone distortions were calculated in a similar manner.  
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(a) (b) 

Figure D.17 (a) Forces acting on the column web panel zone at the interior joint; (b) column web 

panel zone LVDTs dimensions/deformations distortion calculation 

 

D.4.10  Composite steel beam and slab axial forces 

The composite steel beam axial force was obtained by equilibrium at the exterior joints. Shown in 

Figure D.18 is the force equilibrium at the East exterior joint at cross section 5E, 

𝑁𝑐𝑏,𝐸 = −(𝑉𝑐,𝐸,𝑏𝑜𝑡 + 𝑉𝑐,𝐸,𝑡𝑜𝑝) (D.27) 

The axial force in the West composite steel beam was calculated in a similar manner. 

The slab axial force was derived at the instrumented cross sections in the beams (see Appendix D1, 

Drawings Nr. 4 and 5) through force equilibrium at the exterior joint. At cross section 5E, 

𝑁𝑠,5𝐸 = 𝑁𝑐𝑏,𝐸 − 𝑁𝑏,5𝐸 (D.28) 

 

 

Figure D.18 Force equilibrium at the East exterior joint 
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The axial forces in the slab at all instrumented cross sections were calculated in a similar manner. 

 

D.4.11  Beam axial shortening 

Axial shortening in the beam was derived from the string pot measurements (see Appendix D1, Draw-

ing Nr. 8) at the beam centerline by assuming that it mostly occurs in the dissipative zones of the 

beams. For the West beam (Figure D.19), beam axial shortening was calculated as follows, 

𝛿𝑏,𝑊 = 0.5 ∙ (𝛿𝑊,𝑡𝑜𝑝 + 𝛿𝑊,𝑏𝑜𝑡 + 𝛿𝐼,𝑏𝑜𝑡 + 𝛿𝐼,𝑡𝑜𝑝) (D.29) 

e.g., In the West composite steel beam the sensor IDs are, 

−𝛿𝑊,𝑡𝑜𝑝: SP-W-TE (see Figure D.19) 

−𝛿𝐼,𝑡𝑜𝑝: SP-I-TW (see Figure D.19 

−𝛿𝑊,𝑏𝑜𝑡: SP-W-BE (see Figure D.19) 

−𝛿𝐼,𝑏𝑜𝑡: SP-I-BW (see Figure D.19 

The axial shortening in the East beam was calculated in a similar manner. 

 

 

Figure D.19 Derivation of the West beam axial shortening from the string pots at the beam ends 

 

D.4.12  Rebar strain measurements 

The ODiSI 6108 fiber optic measurement (FOM) system by LUNA Innovations (LUNA 2013) was 

used to obtain the continuous strain data on the longitudinal rebars at the West exterior joint. This 

system performs measurements by means of an Optical Frequency Domain Reflectometry (OFDR) 

to obtain the strain profile in the rebars at a refined spatial resolution. In the test program, a 0.65 mm 
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spatial resolution was employed. Strain measurements were sampled at a frequency of 0.39 Hz. The 

noise level was up to 10 microstrains. 

The procedure for processing the strain measurements is documented below: 

1- The strain data in each fiber was stored in an 𝑚 ×  𝑛 matrix as shown in Figure D.20b. The 

first column corresponds to the time which was synchronized with the data from the other 

sensors on the test frame. The first row corresponds to the location along the fiber at which 

the strain was measured (see Figure D.20a). 

2- The matrix was trimmed such that the start point 𝑥𝑠 corresponded to the point at which the 

fiber enters the slab edge (see Figure D.20a). These start location values had been obtained 

prior to the test and are included in the shared folder along with the fiber optic strain 

measurements. 

3-  After each test, the residual strain values were added to the first step of the next test.  

Two functions were coded to obtain the strain data at any instance: The first function, ‘FiberStrain-

Profile.m’, produces the continuous strain values between any two locations on the rebars. The second 

function, ‘SlabStrainProfile.m’, produces the strain values in the rebars at any location along the 

width of the slab. The two functions are available with FOM data. 
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(a) 

 

(b) 

Figure D.20 (a) FOM system strain measurement locations and gauge pitch (i.e., resolution); (b) 

𝑚 × 𝑛 matrix of strain measurements for a typical fiber  

 

D.4.13  Digital Image Correlation (DIC) measurements 

Digital Image Correlation (DIC) photos were acquired with a frequency of 0.2 Hz. The size of the 

random speckle pattern on the slab was 2 to 3 mm as discussed in Chapter 5. Displacement analysis 

was then performed with Vic-3D software (Vic-3D 2010) using a subset size that ranged between 25 

× 25 and 35 × 35 pixels. The subset size was selected such that the displacement error was below 

1/50 times the pixel size. DIC measurements from subsequent tests were stitched together by pro-

cessing the images with reference images taken in the initial test. Figures D.21 and D.22 show that 

the noise level for strain measurement at the surface of the slab was within 300 microstrains in the 

longitudinal and transverse directions.  
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(a) (b) 

  

(c) (d) 

Figure D.21 Transverse strain noise levels at the surface of the slab at (a) West interior joint; (b) 

West exterior joint; (c) East exterior joint; (d) East interior joint 
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(a) (b) 

  

(c) (d) 

Figure D.22 Longitudinal strain noise levels at the surface of the slab at (a) West interior joint; (b) 

West exterior joint; (c) East exterior joint; (d) East interior joint 

 

D.4.14  Notation 

𝑎𝑃𝑍,𝐼 = vertical distance between the fixed points of the LVDTs on the interior col-

umn web panel zone taken as the average of 𝑎𝑃𝑍1 and 𝑎𝑃𝑍2 (see Figure 

D.17b) 

𝑏𝑓𝑏 = IPE360 beam flange width 

𝑏𝑓𝑐 = HEM320 beam flange width 

𝑏𝑃𝑍,𝐼 = horizontal distance between the fixed points of the LVDTs on the interior 

column web panel zone taken as the average of 𝑏𝑃𝑍1 and 𝑏𝑃𝑍2 (see Figure 

D.17b) 

𝑑𝑒𝑓𝑓
+  = column web panel zone effective depth under sagging bending (see Figure 

D.17a) 

𝑑𝑒𝑓𝑓
−  = column web panel zone effective depth under hogging bending (see Figure 

D.17a) 

ℎ1𝐸 = distance between cross section 1E and the top inflection point (i.e., center of 

the top pin), (see Figure D.3) 
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ℎ2𝐸  = distance between cross section 2E and the top inflection point (i.e., center of 

the top pin), (see Figure D.3) 

ℎ3𝐸  = distance between cross section 3E and the bottom inflection point (i.e., center 

of the top pin), (see Figure D.3) 

ℎ4𝐸  = distance between cross section 4E and the bottom inflection point (i.e., center 

of the top pin), (see Figure D.3) 

ℎ𝑏 = HEM320 beam depth (see Figure D.16) 

ℎ𝑐  = HEM320 column depth (see Figure D.16) 

ℎ𝐿𝐵−𝑝𝑖𝑛 = distance between the top pin clevises and the centerline of the loading beam 

(see Figure D.10) 

ℎ𝐿𝐵−𝐵𝑟 = distance between the applied actuator force and the centerline of the loading 

beam (see Figure D.10) 

ℎ𝑆𝑃 = distance from the top string pot on the East column to the bottom inflection 

point (i.e. center of the bottom clevis) (see Figure D.2) 

𝑠𝐵𝑟 = average slip of the bracket (see Figure D.2) 

𝑡𝑓𝑏 = IPE360 beam flange thickness 

𝑡𝑓𝑐 = HEM320 beam flange thickness 

𝑥 = distance from the center of the East exterior joint (column centerline) to the 

location at which the moment is calculated (see Figure D.12) 

𝑥𝑠 = location on the optic fiber at which it enters the edge of the slab (see Figure 

D.20a) 

𝑧𝑖 = distance from the centroid of the discretized area to the centroid of the cross 

section instrumented with strain gauges (see Figure D.1) 

𝐸 = modulus of elasticity of steel 

𝐹𝐴 = force applied by the actuator (see Figure D.4) 

𝐹𝐴,ℎ = horizontal component of the force applied by the actuator 

𝐹𝐴,𝑣 = vertical component of the force applied by the actuator 

𝐻 = distance between the top and bottom inflection points (i.e. distance between 

the center of the clevises), (see Figure D.2 andFigure D.16) 

𝐾𝑅  = lateral stiffness of the reaction frame 

𝐿56𝐸 = distance between the instrumented cross sections in the East beam (see Figure 

D.6) 

𝐿𝑏 = beam length measured from the column centerlines (see Figure D.4 andFig-

ure D.16) 
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𝐿𝐴 = distance between the clevises of the actuator (see Figure D.4) 

𝑀𝑜 = calculated moment at the cross section instrumented with strain gauges 

𝑀𝑐𝑏,𝐼𝐽,𝑖 = composite steel beam moment at the center of the interior joint: West and 

East beams (see Figure D.8) 

𝑀𝑐,1𝐸 = moment in the East column at cross section 1E (see Figure D.3) 

𝑀𝑐,2𝐸 = moment in the East column at cross section 2E (see Figure D.3) 

𝑀𝑐,3𝐸 = moment in the East column at cross section 3E (see Figure D.3) 

𝑀𝑐,4𝐸 = moment in the East column at cross section 4E (see Figure D.3) 

𝑀𝑐,𝐸𝐽,𝑏𝑜𝑡 = column bottom moment at the center of the East exterior joint (see Figure 

D.12) 

𝑀𝑐,𝐸𝐽,𝑡𝑜𝑝 = column top moment at the center of the East exterior joint (see Figure D.12) 

𝑀𝑐,𝐼𝐽,𝑏𝑜𝑡 = column bottom moment at the center of the interior joint (see Figure D.7) 

𝑀𝑐,𝐼𝐽,𝑡𝑜𝑝 = column top moment at the center of the interior joint (see Figure D.7) 

𝑀𝑐𝑏,5𝐸 = moment in the East composite steel beam at cross section 5E (see Figure D.6) 

𝑀𝑐𝑏,6𝐸 = moment in the East composite steel beam at cross section 6E (see Figure D.6) 

𝑀𝑐𝑏,𝐸𝐽 = composite steel beam moment at the center of the East exterior joint (see 

Figure D.12) 

𝑀𝑐𝑏,𝐸,𝑥 = moment in the East composite steel beam moment at a distance 𝑥 from the 

East exterior joint (see Figure D.12) 

𝑀𝑐𝑏,𝐼𝐽,𝐸 = moment in the East composite steel beam at the center of the interior joint 

(see Figure D.7) 

𝑀𝑐𝑏,𝐼𝐽,𝑊 = moment in the West composite steel beam at the center of the interior joint 

(see Figure D.7) 

𝑀𝑐,𝐼𝐽,𝑖 = column moment at the center of the interior joint: top and bottom (see Figure 

D.8) 

𝑀𝐸,𝑐𝑓
+  = sagging bending moment at the face of the East column  

𝑀𝐸,𝑐𝑓
−  = hogging bending moment at the face of the East column 

𝑀𝐼𝐸,𝑐𝑓
+  = hogging bending moment at the East face of the interior column (see Figure 

D.17a) 

𝑀𝐼𝑊,𝑐𝑓
+  = sagging bending moment at the West face of the interior column (see Figure 

D.17a) 

𝑀𝐿𝐵,𝐵𝑟 = moment in the bracket at the centerline of the loading beam (see Figure D.10) 
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𝑀𝐿𝐵,𝐸 = moment in the top East pin at the centerline of the loading beam (see Figure 

D.10) 

𝑀𝐿𝐵,𝐼 = moment in the top interior pin at the centerline of the loading beam (see Fig-

ure D.10) 

𝑀𝐿𝐵,𝑊 = moment in the top West pin at the centerline of the loading beam (see Figure 

D.10) 

𝑁𝑜 = calculated axial force at the cross section instrumented with strain gauges 

𝑁𝑐𝑏,𝐸 = axial force in the East composite steel beam (see Figure D.18) 

𝑁𝑐𝑖,𝑏𝑜𝑡 = axial force in the bottom region of each column: West, Interior and East (see 

Figure D.4) 

𝑁𝑐𝑖,𝑡𝑜𝑝 = axial force in the top region of each column: West, Interior and East (see 

Figure D.4) 

𝑁𝑐𝐸,𝑏𝑜𝑡 = axial force in the bottom region of the East exterior column (see Figure D.4) 

𝑁𝑐𝐸,𝑡𝑜𝑝 = axial force in the top region of the East exterior column (see Figure D.4) 

𝑁𝑐𝐸,𝑏𝑜𝑡′ = axial force in the bottom region of the East exterior column obtained from 

strain gauge measurements (see Figure D.11) 

𝑁𝑐𝐸,𝑡𝑜𝑝′ = axial force in the top region of the East exterior column obtained from strain 

gauge measurements (see Figure D.11) 

𝑁𝑐𝐼,𝑏𝑜𝑡 = axial force in the bottom region of the interior column (see Figure D.4) 

𝑁𝑐𝐼,𝑡𝑜𝑝 = axial force in the top region of the interior column (see Figure D.4) 

𝑁𝑐𝑊,𝑏𝑜𝑡 = axial force in the bottom region of the West exterior column (see Figure D.4) 

𝑁𝑐𝑊,𝑡𝑜𝑝 = axial force in the top region of the West exterior column (see Figure D.4) 

𝑁𝑠,5𝐸 = axial force in the slab at cross section 5E (see Figure D.18) 

𝑁𝑏,5𝐸 = axial force in the steel beam at cross section 5E (see Figure D.18) 

SDR = story drift ratio (see section D.4.2) 

𝑉𝑐𝑏,𝐸 = shear force in the East composite steel beam (see Figure D.4) 

𝑉𝑐𝑏,𝑊 = shear force in the East composite steel beam (see Figure D.4) 

𝑉𝑐𝑖,𝑏𝑜𝑡 = shear force in the bottom region of each column: West, Interior and East (see 

Figure D.4) 

𝑉𝑐𝑖,𝑡𝑜𝑝 = shear force in the top region of each column: West, Interior and East (see 

Figure D.4) 

𝑉𝑐𝐸,𝑏𝑜𝑡 = shear force in the bottom region of the East exterior column (see Figure D.18) 
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𝑉𝑐𝐸,𝑡𝑜𝑝 = shear force in the top region of the East exterior column (see Figure D.18) 

𝑉𝑐𝐼,𝑏𝑜𝑡 = shear force in the bottom region of the interior column (see Figure D.17a) 

𝑉𝑐𝐼,𝑡𝑜𝑝 = shear force in the top region of the interior column (see Figure D.17a) 

𝑉𝐵𝑎𝑠𝑒 = total base shear of the test frame 

𝑉𝐿𝐵,𝐸 = shear force in the East span of the loading beam (see Figure D.10) 

𝑉𝑃𝑍,𝐸 = East column web panel zone demand 

𝑉𝑃𝑍,𝐼 = interior column web panel zone demand 

𝛾 = column web panel zone distortion (see Figure D.17b) 

𝛿𝑏,𝑊 = average axial shortening along the centerline of the West beam (see Figure 

D.19) 

𝛿𝐴 = applied actuator displacement (see Figure D.2) 

𝛿𝐸𝑃 = gap opening between the end plate and the column flange (see Figure D.16) 

𝛿𝐼,𝑏𝑜𝑡 = measurement of the bottom string pot located in the West beam at the interior 

joint (see Figure D.19) 

𝛿𝐼,𝑡𝑜𝑝 = measurement of the top string pot located in the West beam at the interior 

joint (see Figure D.19) 

𝛿𝑆𝑃,𝐸 = measurement of the top string pot on the East column (see Figure D.2) 

𝛿𝑊,𝑏𝑜𝑡 = measurement of the bottom string pot located in the West beam at the exterior 

joint (see Figure D.19) 

𝛿𝑊,𝑡𝑜𝑝 = measurement of the top string pot located in the West beam at the exterior 

joint (see Figure D.19) 

𝛿𝐴𝑖 = area of each discretized region in the cross section instrumented with strain 

gauges (see Figure D.1) 

휀𝑖 = measured uniaxial strains at the cross section instrumented with strain gauges 

(see Figure D.1) 

𝜃𝑏 = composite steel beam chord rotation (see Figure D.16) 

𝜃𝑐  = column chord rotation (see Figure D.16) 

𝜃𝐸𝑃  = angle due to the gap opening between the end plate and the column flange 

(see Figure D.16) 

𝜃𝐼𝑁𝐶𝐿,𝑙 = measurement of the inclinometer on the left side of the joint (see Figure D.16) 

𝜃𝐼𝑁𝐶𝐿,𝑟 = measurement of the inclinometer on the right side of the joint (see Figure 

D.16) 
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𝜃𝐼𝑁𝐶𝐿,𝑏 = measurement of the inclinometer at the bottom of the joint (see Figure D.16) 

𝛥1 = measurement of the LVDT on the left side of the column web (see Figure 

D.17b) 

𝛥2 = measurement of the LVDT on the right side of the column web (see Figure 

D.17b) 
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Appendix E Supplementary results from the exper-

imental program 

 

Description 

This appendix provides supplementary results, from the 2-bay composite steel moment-resisting 

frame experimental program, that were not included in Chapter 5. 
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E.1  Main sequence of events at each joint throughout the loading history 

Table E.1 Performance summary of the composite steel beam at the West exterior joint 

 Sagging Bending Hogging Bending 

 𝑀𝑏 [kNm] 
SDR 

[% rad] 

𝜃𝑏 

[% rad] 
𝑀𝑏 

[kNm] 

SDR 

[% rad] 

𝜃𝑏 

[% rad] 

Effective Yield1 772 1.4 1 -523 -1.3 -1.1 

Peak 855 3.5 2.8 -552 -1.9 -1.8 

80% Peak 684 8.1 7.6 -441 -3.9 -4.1 

50% Peak 427 10.4 10.1 NA NA NA 

End of the Test 105 15 15.4 NA NA NA 

(1) Derived according to El Jisr et al. (2019) 

NA: Not available 

 

 

Figure E.1 West exterior joint main events throughout the loading history 
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yielding (-1.0% rads)
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(a) (b) 

  

(c)  (d) 

  

(e)  (f) 

  

(g) (h) 

Figure E.2 West exterior joint at selected lateral drift demands: (a) bottom flange and web yielding 

(-2% rads, AISC symmetric loading protocol); (b) local buckling (-4% rads, AISC symmetric load-

ing protocol); (c) straightening of the bottom flange local buckles at load reversal (+4% rads, AISC 

symmetric loading protocol); (d) top flange local buckling and straightening of the bottom flange 

local buckles (+6% rads, SAC near-fault protocol); (e) crack initiation and propagation (+10% rads, 

collapse-consistent protocol; (f) crack closure at load reversal (+6% rads, collapse-consistent proto-

col); (g) crack propagation (+15% rads, collapse-consistent protocol); (h) crack closure at load re-

versal (-3% rads, collapse-consistent protocol)  
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

Figure E.3 Damage progression in the West exterior joint: (a) bottom flange and web yielding (-2% 

rads, AISC symmetric loading protocol); (b) bottom flange local buckling (-4% rads, AISC sym-

metric loading protocol); (c) bottom flange local buckling (-2% rads, SAC near-fault protocol); (d) 

straightening of the bottom flange local buckles (+6% rads, SAC near-fault protocol); (e) crack ini-

tiation due to ultra-low cycle fatigue (+10% rads, collapse-consistent protocol); (f) crack propaga-

tion (+12% rads, collapse-consistent protocol) 
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(a)  (b)  

  

(c)  (d)  

  

(e)  (f)  

Figure E.4 Slab state at the West exterior joint at selected lateral drift demands (a) concrete crush-

ing at the column face (+4% rads, AISC symmetric loading protocol); (b) concrete spalling at the 

column face (+6% rads, SAC near-fault protocol); (c to f) uplift of the concrete around the column 

(+8% rads, +10%, +12% and +15% rads respectively, collapse-consistent protocol) 
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Table E.2 Performance summary of the composite steel beam at the West interior joint 

  Sagging Bending Hogging Bending 

 𝑀𝑏 

[kNm] 

SDR 

[% rad] 

𝜃𝑏 

[% rad] 
𝑀𝑏 

[kNm] 

SDR 

[% rad] 

𝜃𝑏 

[% rad] 

Effective Yield1 703 -1.3 0.8 -508 1.3 -0.7 

Peak 824 -3 2.5 -516 2.5 -1.6 

80% Peak NA NA NA -413 5.1 -3.3 

End of the Test NA NA NA -278 15 -15.9 

(1) Derived according to El Jisr et al. (2019) 

NA: Not available 

 

 

Figure E.5 West interior joint: main events throughout the loading history 
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

  

(g) (h) 

Figure E.6 West interior joint at selected lateral drift demands: (a) bottom flange and web yielding 

(+2% rads, AISC symmetric loading protocol); (b) bottom flange local buckling (+4% rads, AISC 

symmetric loading protocol); (c) straightening of the bottom flange local buckles at load reversal (-

4% rads, AISC symmetric loading protocol); (d) bottom flange local buckling (+6% rads, SAC 

near-fault protocol); (e) partial straightening of the bottom flange local buckles at load reversal (-

2% rads, SAC near-fault protocol); (f) bottom flange local buckling (+12% rads, collapse-consistent 

protocol; (g) partial straightening of bottom flange local buckles at load reversal (+6% rads, col-

lapse-consistent protocol); (h) bottom flange local buckling (+15% rads, collapse-consistent proto-

col) 
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(a)  (b) 

  

(c) (d) 

  

(e) (f) 

Figure E.7 Damage progression in the West interior joint: (a) bottom flange and web yielding (+2% 

rads, AISC symmetric loading protocol); (b) straightening of the bottom flange local buckles (-4% 

rads, AISC symmetric loading protocol); (c) bottom flange local buckling (+6% rads, SAC near-

fault protocol); (d) partial straightening of the bottom flange local buckles (-2% rads, SAC near-

fault protocol); (e) bottom flange local buckling (+15% rads, collapse-consistent protocol); (f) out-

of-plane movement of the bottom flange due to local buckling (+15% rads, collapse-consistent pro-

tocol)  
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Table E.3 Performance summary of the composite steel beam at the East interior joint 

  Sagging Bending Hogging Bending 

 𝑀𝑏 

[kNm] 

SDR 

[% rad] 

𝜃𝑏 

[% rad] 

𝑀𝑏 

[kNm] 

SDR 

[% rad] 

𝜃𝑏 

[% rad] 

Effective Yield1 758 1.4 0.8 -548 -1.3 -0.8 

Peak 883 2.9 2 -559 -2 -1.4 

80% Peak 707 6 5.5 447 -3.8 -3.4 

50% Peak 442 8.4 8.5 NA NA NA 

End of the Test 105 15 15.9 NA NA NA 

(1) Derived according to El Jisr et al. (2019) 

NA: Not available 

 

 

Figure E.8 East interior joint main events throughout the loading history 
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

  

(g) (h) 

Figure E.9 East interior joint at selected lateral drift demands: (a) bottom flange and web yielding (-

2% rads, AISC symmetric loading protocol); (b) bottom flange local buckling (-4% rads, AISC 

symmetric loading protocol); (c) straightening of the bottom flange local buckles (+6% rads, SAC 

near-fault protocol); (d) crack initiation at the tip of the bottom rib stiffener (+8% rads, collapse-

consistent protocol; (e) crack propagation (+10% rads, collapse-consistent protocol); (f) crack clo-

sure at load reversal (+4% rads, collapse-consistent protocol); (g) crack propagation (+15% rads, 

collapse-consistent protocol); (h) crack closure at load reversal (-3% rads, collapse-consistent proto-

col) 
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

Figure E.10 Damage progression in the East interior joint: (a) bottom flange yielding (-2% rads, 

AISC symmetric loading protocol); (b) bottom flange local buckling (-4% rads, AISC symmetric 

loading protocol); (c) bottom flange local buckling (-2% rads, SAC near-fault protocol); (d) 

straightening of the bottom flange local buckles (+6% rads, SAC near-fault protocol); (e) crack ini-

tiation at the tip of the bottom stiffener (+8% rads, collapse-consistent protocol); (f) crack propaga-

tion (+15% rads, collapse-consistent protocol)  
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

Figure E.11 Slab state at the interior joint at selected lateral drift demands: (a) concrete crushing at 

the column face (+4% rads, AISC symmetric loading protocol); (b) concrete spalling at the column 

face (+6% rads, SAC near-fault protocol); (c to f) uplift of the concrete around the column (+8% 

rads, +10%, +12% and +15% rads respectively, collapse-consistent protocol) 
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Table E.4 Performance summary of the composite steel beam at the East exterior joint 

  Sagging Bending Hogging Bending 

 𝑀𝑏 

[kNm] 

SDR 

[% rad] 

𝜃𝑏 

[% rad] 
𝑀𝑏 

[kNm] 

SDR 

[% rad] 

𝜃𝑏 

[% rad] 

Effective Yield 694 -1.3 0.9 -461 1.2 -0.9 

Peak 823 -3a 2.5 -513 2b -1.8 

80% Peak NA NA NA -410 4.3 -4.4 

End of the Test NA NA NA -270 15 -16.2 

(1) Derived according to El Jisr et al. (2019) 

NA: Not available 

 

 

Figure E.12 East exterior joint main events throughout the loading history 
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(a)  (b)  

  

(c)  (d)  

  

(e)  (f)  

  

(g)  (h)  

Figure E.13 East exterior joint at selected lateral drift demands: (a) bottom flange and web yielding 

(+2% rads, AISC symmetric loading protocol); (b) bottom flange local buckling (+4% rads, AISC 

symmetric loading protocol); (c) straightening of the bottom flange local buckles at load reversal (-

4% rads, AISC symmetric loading protocol); (d) bottom flange local buckling (+6% rads, SAC 

near-fault protocol); (e) straightening of bottom flange local buckles at load reversal (-2% rads, 

SAC near-fault protocol); (f) bottom flange local buckling (+12% rads, collapse-consistent proto-

col; (g) bottom flange local buckling (+15% rads, collapse-consistent protocol); (h) straightening of 

the bottom flange local buckles at load reversal (-3% rads, collapse-consistent protocol) 
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

Figure E.14 Damage progression in the East exterior joint: (a) bottom flange yielding (+2% rads, 

AISC symmetric loading protocol); (b) bottom flange local buckling (+6% rads, SAC near-fault 

protocol); (c) partial straightening of the bottom flange local buckles (-2% rads, SAC near-fault pro-

tocol); (d) bottom flange local buckling (+12% rads, collapse-consistent protocol); (e) out-of-plane 

movement of the bottom flange due to local buckling (+15% rads, collapse-consistent protocol); (f) 

straightening of the bottom flange local buckles (-3% rads, collapse-consistent protocol)  
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(a) (b) 

  

(c) (d) 

  

(e) (f) 

Figure E.15 Slab state at the East exterior joint at selected lateral drift demands: (a) concrete crush-

ing at the column face (-4% rads, AISC symmetric loading protocol); (b) concrete spalling at the 

column face (+6% rads, SAC near-fault protocol); (c to f) uplift of the concrete around the column 

(+8% rads, +10%, +12% and +15% rads respectively, collapse-consistent protocol) 
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E.2  Hysteretic behavior of the columns and column web panel zones 

   

(a)  (b)  (c)  

Figure E.16 Hysteretic behavior of the columns throughout the loading history: (a) West column; 

(b) Interior column; (c) East column  

 

   

(a)  (b)  (c)  

Figure E.17 Hysteretic behavior of the column web panel zones throughout the loading history: (a) 

West column; (b) Interior column; (c) East column  
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E.3  Hysteretic behavior of the beam-slab connections at the instrumented cross sections 

 

(a) 

   

(b) (c) (d) 

Figure E.18 Beam-slab connection response: (a) derivation of shear demand on beam-slab connec-

tion at the instrumented cross sections; hysteretic behavior of the beam-slab connection at the in-

strumented (b) West interior cross section; (c) East interior cross section; and (d) East exterior cross 

section under the AISC protocol 
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E.4  Longitudinal strain profiles at the instrumented cross sections in the beams and position 

of neutral axes throughout the loading history 

    

(a) 

    

(b) (c) 

Figure E.19 Longitudinal strain profile at 1205 mm from the column face of the West beam at the 

exterior joint, (a) AISC symmetric loading protocol; (b) SAC near-fault protocol; (c) collapse-con-

sistent protocol 
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(a) 

    

(b) (c) 

Figure E.20 Longitudinal strain profile at 1205 mm from the column face of the West beam at the 

interior joint, (a) AISC symmetric loading protocol; (b) SAC near-fault protocol; (c) collapse-con-

sistent protocol 

 

    
(a) 

    
(b) (c) 

Figure E.21 Longitudinal strain profile at 1205 mm from the column face of the East beam at the 

interior joint, (a) AISC symmetric loading protocol; (b) SAC near-fault protocol; (c) collapse-con-

sistent protocol 
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(a) 

    
(b) (c) 

Figure E.22 Longitudinal strain profile at 1205 mm from the column face of the East beam at the 

exterior joint, (a) AISC symmetric loading protocol; (b) SAC near-fault protocol; (c) collapse-con-

sistent protocol 

 

 

   

(a)  (b)  (c) 

Figure E.23 Neutral axis positions of the East beam at exterior and interior joints; (a) AISC loading 

protocol; (b) East beam at exterior joint; (c) East beam at interior joint 
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E.5  Axial force in the East composite steel beam throughout the loading history 

 
 

(a) (b) 

  
(c) (d) 

Figure E.24 Axial force in the East composite steel beam (𝑁𝑐𝑏) and slab (𝑁𝑠), 1205 mm from the 

face of the exterior and interior columns (i.e., at the instrumented cross sections) at peak lateral drift 

demands: (a) derivation; (b) maximum axial force in the composite steel beam; (c) maximum axial 

force in the slab at the exterior cross section; (d) maximum axial force in the slab at the interior 

cross section 
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E.6  Transverse and longitudinal strains at the surface of the slab at the East exterior and 

West interior joints 

   

 

(a) (b) (c)  

   

(d) (e) (f)  

Figure E.25 Transverse strains at the surface of the slab at peak lateral drift demands up to 3% rads 

under sagging bending; Top: East interior joint at (a) -1% rads; (b) -2% rads; (c) -3% rads; Bottom: 

West exterior joint at (d) -1% rads; (e) -2% rads; (f) -3% rads 

 

 

   

 

(a) (b) (c) 

   

(d) (e) (f) 

Figure E.26 Longitudinal strains at the surface of the slab at peak lateral drift ratios up to 3% rads 

under sagging bending; Top: East interior joint at (a) -1% rads; (b) -2% rads; (c) -3% rads; Bottom: 

West exterior joint at (d) -1% rads; (e) -2% rads; (f) -3% rads 
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E.7  Crack pattern in the slab and longitudinal rebars uniaxial strain distribution 

  

Figure E.27 Top: uniaxial longitudinal strains in selected slab rebars at the West exterior joint at a lateral drift demand of -0.5% rads; Bottom: crack 

pattern/crack width (mm) in the slab around each column at a lateral drift demand of -0.5% rads 
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Figure E.28 Top: uniaxial longitudinal strains in selected slab rebars at the West exterior joint at a lateral drift demand of -1% rads; Bottom: crack 

pattern/crack width (mm) in the slab around each column at a lateral drift demand of -1% rads 
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Figure E.29 Top: uniaxial longitudinal strains in selected slab rebars at the West exterior joint at a lateral drift demand of -1.5% rads; Bottom: crack 

pattern/crack width (mm) in the slab around each column at a lateral drift demand of -1.5% rads 
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Figure E.30 Top: uniaxial longitudinal strains in selected slab rebars at the West exterior joint at a lateral drift demand of -2% rads; Bottom: crack 

pattern/crack width (mm) in the slab around each column at a lateral drift demand of -2% rads 
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Figure E.31 Top: uniaxial longitudinal strains in selected slab rebars at the West exterior joint at a lateral drift demand of -3% rads; Bottom: crack 

pattern/crack width (mm) in the slab around each column at a lateral drift demand of -3% rads 
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Figure E.32 Top: uniaxial longitudinal strains in selected slab rebars at the West exterior joint at a lateral drift demand of -4% rads; Bottom: crack 

pattern/crack width (mm) in the slab around each column at a lateral drift demand of -4% rads 
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(a) 

 
(b) 

Figure E.33 Crack pattern/crack width (mm) in the slab around each column at (a) +0.5% rads and (b) +1% rads lateral drift demands 
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(a) 

 
(b) 

Figure E.34 Crack pattern/crack width (mm) in the slab around each column at (a) +1.5% rads and (b) +2% lateral drift demand 
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(a) +3% 

 
(b) +4% 

Figure E.35 Crack pattern/crack width (mm) in the slab around each column at (a) +3% rads and (b) +4% rads lateral drift demand
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