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Abstract 

In capacity-designed steel moment resisting frames (MRFs), column base connections feature a strong-base/weak-

column design philosophy. Prior studies on fixed-end wide flange steel columns featuring seismically compact cross 

sections subjected to coupled axial load and lateral drift demands suggest that columns may experience considerable 

residual axial shortening due to nonlinear geometric instabilities (e.g., local buckling). Column axial shortening is 

challenging to be repaired in the aftermath of earthquakes; thus, it may result in building demolition. Fixed end 

columns are conventionally realized with either exposed or embedded column bases (ECBs). In the latter, that forms 

the primary focus of this PhD thesis, ECBs are conceived as ideally fixed and non-dissipative. However, they do 

have an inherent flexibility and often exhibit unintentional inelastic deformations as revealed from field observa-

tions after earthquakes. While both phenomena are neglected in seismic design procedures of steel MRFs, they seem 

to have a beneficial effect on the earthquake response of first story steel MRF columns. This suggests that innovative 

yet simple concepts should be developed and validated so as to prevent local buckling in steel MRF columns. Within 

such a context, the primary objectives of this thesis are: 1) to develop a novel ECB connection, termed dissipative 

ECB that promotes a stable hysteretic behavior during earthquake shaking, thereby minimizing local-buckling in-

duced residual axial shortening in steel columns; and 2) to comprehend by means of simulation-based engineering 

the steel column-ECB interaction in steel MRFs, which provides the basis of the dissipative ECB connection devel-

opment.  

This thesis first explores the nonlinear interaction between embedded bases and wide flange steel columns by means 

of extensive continuum finite element simulations. The simulation results facilitate the development of refined de-

sign procedures for conventional non-dissipative ECBs. Moreover, the benefits of balancing the inelastic defor-

mation demands between the steel column and the embedded base are highlighted. Based on these findings, a novel 

dissipative ECB connection is developed that defies the current paradigm in capacity-designed steel MRFs (i.e., 

weak-base/strong-column). In the proposed concept, a dissipative zone is introduced as part of the embedded portion 

of the steel column. This zone is decoupled from the concrete foundation with a debonding material layer. The 

dissipative zone is engineered such that the steel column does not experience nonlinear geometric instabilities at the 

column base and the reinforced concrete foundation itself remains practically undamaged during earthquake loading. 

The proposed concept is validated with large-scale quasi-static experiments and supplemental finite element anal-

yses. It is demonstrated that, contrary to its conventional counterpart, the dissipative ECB connection is resilient to 

local buckling-induced axial shortening. A simple non-degrading mechanics-based model is sufficient to describe 

the hysteretic response of the dissipative ECB for performance-based design and assessment of steel MRFs under 

earthquake loading. 

Keywords 

Dissipative embedded column base connections, Steel moment resisting frames, Residual deformations, Column 

axial shortening, Wide flange steel columns, Large-scale experiments, Column instability, Building demolition. 
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Résumé 

Dans les cadres rigides en acier conçus selon la méthode du calcul par capacité, les connexions de base de colonne 

présentent une philosophie de conception à base forte/colonne faible. Des études antérieures sur des colonnes en 

acier à ailes larges à extrémité fixe présentant des sections transversales sismiquement compactes soumises à des 

charges axiales et latérales suggèrent que les colonnes peuvent subir un raccourcissement axial résiduel considérable 

en raison d'instabilités géométriques non linéaires. Le raccourcissement axial de la colonne est difficile à réparer à 

la suite des tremblements de terre; ainsi, cela peut entraîner la démolition de bâtiments. Les colonnes d’extrémité 

fixe sont classiquement réalisées avec des connexions de base de colonne exposée ou encastrée (BCE). Dans ce 

dernier, qui constitue l'objet principal de cette thèse de doctorat, les BCE sont conçues comme idéalement fixes et 

non dissipatives. Cependant, ils ont une flexibilité inhérente et présentent souvent des déformations inélastiques 

involontaires comme le révèlent les observations sur le terrain après des tremblements de terre. Bien que ces deux 

phénomènes soient négligés dans les procédures de conception sismique des cadres rigides en acier, ils semblent 

avoir un effet bénéfique sur la réponse sismique des colonnes du premier étage. Cela suggère que des concepts 

innovants mais simples devraient être développés et validés afin d'éviter le flambage local dans les colonnes en 

acier. Dans un tel contexte, les principaux objectifs de cette thèse sont 1) de développer une nouvelle connexion de 

BCE, dite connexion de BCE dissipative, qui favorise un comportement hystérétique stable lors des tremblements 

de terre, minimisant ainsi le raccourcissement axial résiduel de la colonne induit par le flambage local; et 2) de 

comprendre l'interaction colonne-BCE dans les cadres rigides en acier, qui constitue la base du développement de 

la connexion de BCE dissipative. 

Cette thèse explore d'abord l'interaction entre les BCE et les colonnes à ailes larges au moyen de simulations 

extensives d’éléments finis en continu. Les résultats de la simulation facilitent le raffinement des procédures de 

conception des BCE classiques non dissipatives. De plus, les avantages de l'équilibrage des demandes de 

déformation inélastique entre la colonne et la BCE sont mis en évidence. Sur la base de ces résultats, une nouvelle 

connexion de BCE dissipative qui défie la philosophie de la conception à base forte/colonne faible est développée. 

Dans le concept proposé, une zone dissipative est introduite dans le cadre de la partie encastrée de la colonne en 

acier. Cette zone est découplée de la fondation en béton avec une couche de matériau de décollement. La zone 

dissipative est conçue de manière à ce que la colonne en acier ne subisse pas d'instabilités géométriques et que la 

fondation elle-même reste pratiquement intacte pendant le chargement du séisme. Le concept proposé est validé par 

des expériences quasi-statiques à grande échelle et des analyses par éléments finis supplémentaires. Il est démontré 

que, contrairement à son homologue conventionnel, la connexion de BCE dissipative est résiliente au 

raccourcissement axial induit par flambage local. Un modèle simple non dégradant et basé sur la mécanique suffit 

pour décrire la réponse hystérétique de la connexion de BCE dissipative, pour la conception sismique et l'évaluation 

des cadres rigides en acier. 

Mots-clés 

Connexions de base de colonne encastrée dissipative, Cadres rigides en acier, Déformations résiduelles, 

Raccourcissement axial de colonne, Colonnes en acier à ailes larges, Expériences à grande échelle, Instabilité de 

colonne, Démolition de bâtiments. 

  



 

vi 

 



 

vii 

Contents 

 

Acknowledgments .............................................................................................................................................. i 

Abstract  ..................................................................................................................................................... iii 

Keywords  ..................................................................................................................................................... iii 

Résumé  ....................................................................................................................................................... v 

Mots-clés  ....................................................................................................................................................... v 

List of Figures .................................................................................................................................................. xi 

List of Tables ................................................................................................................................................... xv 

 Introduction ................................................................................................................................ 17 

1.1 Research background ................................................................................................................... 17 

1.2 Problem statement and research objectives.................................................................................. 22 

1.3 Thesis outline ............................................................................................................................... 23 

 Seismic stability of wide flange steel columns interacting with embedded column base 

connections ............................................................................................................................................ 25 

2.1 Introduction .................................................................................................................................. 26 

2.2 Full-scale tests on embedded column bases and wide flange steel columns ............................... 28 

2.3 Continuum finite element model for steel columns interacting with embedded column bases ... 30 

2.3.1 Finite element model for wide flange steel columns ......................................................... 30 

2.3.2 Base flexibility in column end boundary conditions ......................................................... 33 

2.4 Parametric finite element matrix .................................................................................................. 35 

2.5 Finite element simulation results and discussion ......................................................................... 36 

2.5.1 General observation of physical response ......................................................................... 36 

2.5.2 Influence of column base flexibility on base moment versus column drift response ........ 38 

2.5.3 Influence of column base flexibility on column residual axial shortening ........................ 42 

2.5.4 Potential implication for seismic design of MRFs ............................................................. 45 

2.6 Summary and conclusions ........................................................................................................... 47 



Contents 

viii 

 Seismic stability of steel columns interacting with embedded column bases while exhibiting 

inelastic deformations .......................................................................................................................... 51 

3.1 Introduction .................................................................................................................................. 51 

3.2 Inelastic hysteretic response of embedded column base connections .......................................... 52 

3.3 Development and validation of finite element model .................................................................. 53 

3.3.1 Steel column modeling ...................................................................................................... 53 

3.3.2 Modeling of inelastic embedded column base ................................................................... 55 

3.4 Parametric finite element matrix .................................................................................................. 58 

3.5 Finite-element simulation results and discussion ......................................................................... 60 

3.5.1 General observations of physical response ........................................................................ 60 

3.5.2 Effect of balanced ECB design on base moment – column drift ratio response ................ 64 

3.5.3 Effect of balanced ECB design on column residual axial shortening ................................ 67 

3.6 Summary and conclusions ........................................................................................................... 69 

 Seismic design of non-dissipative embedded column base connections ................................ 71 

4.1 Introduction .................................................................................................................................. 72 

4.2 Review of prevalent strength models in the United States and Japan .......................................... 74 

4.3 Available experimental data and assessment of current design models ....................................... 76 

4.4 Assessment of embedded column base design procedures through virtual testing ...................... 79 

4.4.1 Development of finite element model ............................................................................... 79 

4.4.2 Simulation of a characteristic design case study ............................................................... 83 

4.4.3 Parametric study ................................................................................................................ 87 

4.4.4 Results and discussion ....................................................................................................... 88 

4.4.5 Implications for prospective design ................................................................................... 91 

4.5 Conclusions .................................................................................................................................. 93 

 Development and experimental validation of dissipative embedded column base connections 

for enhanced seismic performance of steel moment resisting frames ............................................. 97 

5.1 Introduction .................................................................................................................................. 98 

5.2 Proposed concept for dissipative embedded column base connections ....................................... 99 

5.3 Overview of experimental program ........................................................................................... 102 

5.3.1 Test specimens ................................................................................................................. 102 

5.3.2 Construction sequence ..................................................................................................... 105 

5.3.3 Test setup and employed loading protocol ...................................................................... 107 

5.3.4 Instrumentation ................................................................................................................ 108 

5.4 Qualitative summary of damage progression of conventional and dissipative ECBs ................ 109 



Contents 

ix 

5.4.1 Hysteretic behavior .......................................................................................................... 109 

5.4.2 Assessment of the behavior of the embedded steel column portion ................................ 114 

5.5 Quantitative evaluation of the hysteretic behavior of test specimens ........................................ 117 

5.5.1 Response parameters deduced from moment – drift relations ......................................... 118 

5.5.2 Strain distributions ........................................................................................................... 120 

5.5.3 Elastic stiffness and flexural yield strength models for dissipative ECBs ....................... 122 

5.5.4 Column axial shortening .................................................................................................. 125 

5.5.5 Stability bracing force demands ...................................................................................... 126 

5.6 Limitations and suggestions for future work ............................................................................. 128 

5.7 Summary and conclusions ......................................................................................................... 128 

 Finite element analysis of dissipative embedded column base connections under cyclic 

loading ................................................................................................................................................. 131 

6.1 Introduction ................................................................................................................................ 131 

6.2 Review of dissipative embedded column base connections and their response......................... 133 

6.3 Proposed continuum finite element approach ............................................................................ 135 

6.3.1 Element type and mesh size ............................................................................................. 135 

6.3.2 Material testing, cyclic metal plasticity and material parameter identification ............... 137 

6.3.3 Local imperfection measurements and imperfection extraction ...................................... 139 

6.3.4 Finite element model validation ...................................................................................... 141 

6.4 Refinement of dissipative embedded column base detailing through finite element analysis ... 143 

6.5 Parametric finite element study.................................................................................................. 145 

6.5.1 Dependence on cross-sectional characteristics ................................................................ 147 

6.5.2 Bidirectional effects ......................................................................................................... 149 

6.5.3 Dependence on lateral loading histories .......................................................................... 151 

6.5.4 Dependence on transient axial load ................................................................................. 152 

6.6 Summary and conclusions ......................................................................................................... 154 

 Conclusions and future work .................................................................................................. 157 

7.1 Summary .................................................................................................................................... 157 

7.2 Conclusions ................................................................................................................................ 157 

7.2.1 Interaction between wide flange steel columns and embedded column bases ................ 157 

7.2.2 Recommended seismic design procedures of conventional embedded column bases ..... 158 

7.2.3 Development and validation of dissipative embedded column bases .............................. 158 

7.3 Recommendations for future research ....................................................................................... 160 

Appendix: Design guideline for dissipative embedded column base connections .................................. 161 



Contents 

x 

A.1 Step-by-step design procedure for dissipative embedded column base connections ................. 161 

A.1.1 Design guide of dissipative embedded column base connections ................................... 161 

A.1.2 Fabrication sequence ....................................................................................................... 164 

A.2 Simplified assessment models for nonlinear analysis ................................................................ 170 

A.2.1 Elastic stiffness ................................................................................................................ 170 

A.2.2 Flexural resistance at yield .............................................................................................. 172 

A.2.3 Effective flexural resistance at yield ................................................................................ 172 

A.2.4 Post-yield stiffness ........................................................................................................... 172 

A.2.5 Deformation at ultimate ................................................................................................... 172 

References  ................................................................................................................................................... 173 

Curriculum Vitae .......................................................................................................................................... 185 

 



 

xi 

List of Figures 

 

Figure 1.1 Local and member nonlinear geometric instability modes in wide flange steel beam-

columns under cyclic loading............................................................................................................ 18 

Figure 1.2 Evolution of axial shortening/local buckling along the time observed in the 2017 Puebla-

Morelos earthquake in Mexico.......................................................................................................... 19 

Figure 1.3 Expected normalized loss versus seismic intensity. ........................................................ 20 

Figure 1.4 Typical embedded column base connection configurations. ........................................... 21 

Figure 1.5 Damage observed in conventional embedded column bases in past earthquakes. .......... 22 

Figure 2.1 Illustration of collapse mechanisms of MRFs. ................................................................ 27 

Figure 2.2 Details of typical embedded column base connections in United States. ........................ 29 

Figure 2.3 Effect of flexible base on the cyclic response of steel columns. ..................................... 31 

Figure 2.4 FE model validation with full-scale test specimens in base moment – column drift relation.

 ........................................................................................................................................................... 32 

Figure 2.5 FE model validation with full-scale test specimens in axial shortening – absolute column 

drift relation....................................................................................................................................... 33 

Figure 2.6 Boundary conditions and applied forces in developed finite element model. ................. 34 

Figure 2.7 Torque force demand on the column due to local buckling within the steel beam RBS 

region. ............................................................................................................................................... 35 

Figure 2.8 Selected steel column cross sections for the parametric study. ....................................... 36 

Figure 2.9 Effect of the column base flexibility on base moment – column drift relation, inflection 

point – absolute column drift relation, vertical displacement – absolute column drift relation and 

deformed shape at 2nd cycle of the 2 % column drift amplitude under cyclic loading. ..................... 37 

Figure 2.10 Disaggregation of the column drift. ............................................................................... 38 

Figure 2.11 Schematic representation of primary column performance indicators. ......................... 41 

Figure 2.12 Monotonic curves obtained from three different cross-sections with different column 

base flexibilities. ............................................................................................................................... 41 

Figure 2.13 First cycle envelope curves obtained from three different cross-sections with different 

column base flexibilities. .................................................................................................................. 41 

Figure 2.14 Capping rotation, θ*
max or normalized capping rotation, θ*

max/θ
*

max,Fixed versus column 

length normalized by the limiting laterally unbraced length, L/Lp relation under cyclic loading. .... 42 

Figure 2.15 Definition of column axial shortening. .......................................................................... 44 

Figure 2.16 Column axial shortening versus web local slenderness, h/tw expressed as function of 

column base flexibility and column length normalized by the limiting laterally unbraced length, L/Lp.

 ........................................................................................................................................................... 44 

Figure 2.17 Vertical displacement - Cumulative plastic rotation relation obtained from four different 

cross-sections. ................................................................................................................................... 45 



List of Figures 

xii 

Figure 2.18 Cumulative plastic rotation – column drift relation obtained from cases with different 

column base flexibilities. .................................................................................................................. 45 

Figure 3.1 Hysteretic response of embedded column base connections. .......................................... 53 

Figure 3.2 Schematic illustration of embedded column base connection model. ............................. 54 

Figure 3.3 Comparisons of simulated and measured results for ideally fixed end steel columns. .... 55 

Figure 3.4 Proposed hysteretic model for embedded column bases. ................................................ 56 

Figure 3.5 Comparison of simulated and measured hysteretic response of embedded column base 

connections........................................................................................................................................ 58 

Figure 3.6 Selected steel column cross sections for the parametric finite element study. ................ 59 

Figure 3.7 Effect of the inelastic behavior of the embedded column base on base moment-column 

drift relation and ECB moment-ECB rotation relation; and deformed shape at second cycle of 3 % 

rad column drift amplitude in representative case under cyclic loading. .......................................... 61 

Figure 3.8 Effect of the inelastic behavior of the embedded column base on axial shortening - column 

drift relation; contributions of individual deformation components to column drift in a representative 

case under cyclic loading. ................................................................................................................. 62 

Figure 3.9 Base moment - column plastic rotation relations under cyclic loading. .......................... 63 

Figure 3.10 Results evaluation by the cumulative plastic bottom hinge rotation under cyclic loading.

 ........................................................................................................................................................... 64 

Figure 3.11 Schematic representation of primary column performance indicators. ......................... 64 

Figure 3.12 Effect of balanced ECB designs on monotonic curves. ................................................. 66 

Figure 3.13 Effect of 𝜃𝑝
𝐸𝐶𝐵 on first cycle envelope curves. .............................................................. 67 

Figure 3.14 𝜃80%𝑀𝑚𝑎𝑥
∗ /𝜃80%𝑀𝑚𝑎𝑥,𝑒𝑙𝑎𝑠𝑡𝑖𝑐

∗  versus ℎ/𝑡𝑤 relations. ..................................................... 67 

Figure 3.15 Effect of balanced ECB connection design on column axial shortening. ...................... 68 

Figure 4.1 Typical embedded column base connection detail and resisting mechanisms. ............... 72 

Figure 4.2 Available design models for non-dissipative embedded column base connections. ....... 75 

Figure 4.3 Typical hysteretic behavior of embedded column bases along with the response 

parameters of interest. ....................................................................................................................... 78 

Figure 4.4 Comparison of flexural strength of ECBs with gathered experimental data. .................. 79 

Figure 4.5 CFE model development and its validation. .................................................................... 81 

Figure 4.6 CFE simulation model and validation with experimental data. ....................................... 82 

Figure 4.7 Embedded column base design example as adopted from the Seismic Design Manual. . 84 

Figure 4.8 Base moment – column drift ratio along with the decomposition of the total and 

accumulated rotations versus the loading excursion. ........................................................................ 86 

Figure 4.9 Lateral and axial loading histories on a W24x146 column with gravity offset, Pg/Py = 0.15 

(A992 Gr. 50). ................................................................................................................................... 88 

Figure 4.10 Influence of investigated parameters on the hysteretic response of steel columns. ....... 90 



List of Figures 

xiii 

Figure 4.11 Representative trends of normalized maximum attained column moment. ................... 91 

Figure 4.12 Measured versus predicted peak flexural strength ratios. .............................................. 93 

Figure 5.1 Design concept of dissipative embedded column base connection. .............................. 100 

Figure 5.2 Overview of a dissipative ECB test specimen. .............................................................. 103 

Figure 5.3 Specimen details: embedded column portion. ............................................................... 103 

Figure 5.4 Column flange cut of the reduced cross section of dissipative ECBs. ........................... 104 

Figure 5.5 Steel columns after installation of the debonding material. ........................................... 105 

Figure 5.6 Steel reinforcement bar details. ..................................................................................... 106 

Figure 5.7 Test specimen assembly prior to casting. ...................................................................... 107 

Figure 5.8 Test setup and typical test specimen after installation. .................................................. 108 

Figure 5.9 Comparison of cyclic behavior between conventional and representative dissipative ECB.

 ......................................................................................................................................................... 110 

Figure 5.10 Damage patterns of a conventional ECB and a dissipative ECB. ................................ 112 

Figure 5.11 Base moment – column drift ratio relation of dissipative ECB test specimens. .......... 115 

Figure 5.12 RC foundation surface cuts of test specimen D-M1-3. ................................................ 115 

Figure 5.13 Cross-sectional cuts along flange edges. ..................................................................... 116 

Figure 5.14 Permanent deformations and fracture observed at the top end of the dissipative portion.

 ......................................................................................................................................................... 117 

Figure 5.15 Parameter definitions for stiffness and strength models of conventional and dissipative 

ECBs. .............................................................................................................................................. 119 

Figure 5.16 Evolution of maximum principal strain fields of east flange outer surfaces. .............. 121 

Figure 5.17 Average normalized longitudinal strains at flanges of dissipative ECBs. ................... 122 

Figure 5.18 Illustration of elastic stiffness model. .......................................................................... 124 

Figure 5.19 Axial shortening – column drift ratio relations. ........................................................... 126 

Figure 5.20 Deduced column stability bracing forces versus column drift ratio. ........................... 127 

Figure 6.1 Typical configuration of a conventional embedded column base and its resisting 

mechanisms. .................................................................................................................................... 132 

Figure 6.2 Schematic illustration of dissipative embedded column base connections.................... 133 

Figure 6.3 Test results of a dissipative and conventional embedded column base connections. .... 134 

Figure 6.4 Illustration of the developed CFE model for dissipative column bases. ........................ 136 

Figure 6.5 Cyclic material test results with updated Voce-Chaboche model response................... 138 

Figure 6.6 Illustration of column imperfection measurement. ........................................................ 140 

Figure 6.7 Comparison between simulated and test results. ........................................................... 142 

Figure 6.8 Dissipative embedded column base connection with stiffeners. ................................... 143 



List of Figures 

xiv 

Figure 6.9 Deformed shapes of CFE model variants for dissipative embedded column bases 

with/without stiffeners at a lateral drift demand of 4 % rad. ........................................................... 144 

Figure 6.10 Stiffener effect on cyclic responses of DECBs. ........................................................... 144 

Figure 6.11 Adopted bidirectional symmetric lateral loading history............................................. 146 

Figure 6.12 Collapse-consistent protocols for W30x173 columns. ................................................ 147 

Figure 6.13 Comparison between DECBs and CECBs under symmetric cyclic loading with 

compressive axial load in base moment - column drift ratio relations. ........................................... 148 

Figure 6.14 Comparison between DECBs and CECBs under symmetric cyclic loading with 

compressive axial load in column axial shortening - column drift ratio relations. ......................... 150 

Figure 6.15 Dependence of dissipative embedded column base moment versus column drift ratio on 

bidirectional and unidirectional lateral drift demands. .................................................................... 150 

Figure 6.16 Comparison of hysteretic responses between W30x173 interior columns with DECB and 

CECB under hazard-consistent collapse loading protocols. ........................................................... 151 

Figure 6.17 Comparison of hysteretic responses between end columns with a DECB and CECB under 

hazard-consistent collapse loading protocols representing near-fault ground motions and long 

duration ground motions. ................................................................................................................ 153 

Figure A.1 Exploded view of a dissipative embedded column base connection. ........................... 161 

Figure A.2 Geometry of the embedded column portion. ................................................................ 163 

Figure A.3 Welded stiffeners to the column between flanges. ....................................................... 164 

Figure A.4 Column flange cutting. ................................................................................................. 164 

Figure A.5 CJP welding between column bottom and the steel base plate. .................................... 165 

Figure A.6 Welding stiffeners to the column between flanges. ...................................................... 165 

Figure A.7 Wrapping the column with debonding material. ........................................................... 166 

Figure A.8 Formwork for concrete casting. .................................................................................... 166 

Figure A.9 Components to be embedded inside the first concrete layer. ........................................ 167 

Figure A.10 Anchor rods embedded into the first concrete layer. .................................................. 167 

Figure A.11 Column installed and leveled with leveling nuts attached to anchor rods. ................. 168 

Figure A.12 Assembled reinforcing bar cage outside the formwork. ............................................. 168 

Figure A.13 Installation of the rebar cage inside the formwork. .................................................... 169 

Figure A.14 Casted second concrete layer. ..................................................................................... 169 

Figure A.15 Simplified bilinear model of a dissipative embedded column base connection. ........ 170 

Figure A.16 Illustration of elastic stiffness model .......................................................................... 171 

 

 



 

xv 

List of Tables 

Table 2.1 Summary of full-scale embedded column base connection test. ...................................................... 29 

Table 2.2 Test specimens used for CFE model validation. .............................................................................. 32 

Table 2.3 Simulation matrix (total 2160 cases). ............................................................................................... 36 

Table 3.1 Embedded column base experiments and calibrated parameters of the empirical hysteretic model.

 ........................................................................................................................................................... 57 

Table 3.2 Simulation matrix (total 1080 cases). ............................................................................................... 60 

Table 4.1 Experiments on ECB connections. ................................................................................................... 77 

Table 4.2 Virtual test matrix. ............................................................................................................................ 87 

Table 5.1 Testing matrix. ................................................................................................................................ 102 

Table 5.2 Measured dimensions of test specimens. ........................................................................................ 103 

Table 5.3 Material properties of employed steel/concrete materials. ............................................................. 106 

Table 5.4 Test results and estimations of strength/stiffness of test specimens. .............................................. 118 

Table 5.5 Comparison of primary responses of test specimens. ..................................................................... 118 

Table 5.6 Lateral deflections of the running beams and estimated stability bracing forces. .......................... 128 

Table 6.1 Input parameters of the UVC material model. ............................................................................... 139 

Table 6.2 Geometric imperfections of the conventional and dissipative embedded column base specimens.

 ......................................................................................................................................................... 141 

Table 6.3 Simulation matrix. .......................................................................................................................... 146 

 

 

  



 

xvi 

 

 



 

17 

 Introduction 

1.1 Research background 

Steel moment resisting frames (MRFs) are commonly used as lateral load resisting systems in buildings in 

seismically prone regions around the world. In capacity-designed steel MRFs a sidesway collapse mechanism 

is promoted in which the primary girders along the steel MRF height participate in energy dissipation during 

earthquakes (AISC 2016a; BCJ 2016; CEN 2004a). Although columns should generally remain elastic, the 

formation of plastic hinges near the fixed end of first story columns is permitted due to the steel MRF frame 

kinematics during earthquake shaking. The intent of the above design philosophy is to minimize the risk in 

developing soft-story collapse mechanisms where inelastic deformations tend to concentrate within a steel 

MRF story. 

Fixed end columns in capacity-designed steel MRFs are designed such that inelastic deformations concentrate 

above the respective column base, thereby employing a strong-base/weak-column design philosophy (AIJ 

2012; AISC 2012; CEN 2005a). During the past decade, the seismic response of ideally fixed wide flange steel 

columns was thoroughly investigated by means of full-scale experiments (Cravero et al. 2020; Elkady and 

Lignos 2018a; MacRae et al. 1990; Newell and Uang 2008; Ozkula et al. 2017; Suzuki and Lignos 2021). This 

work was further corroborated by continuum finite element analyses (Elkady and Lignos 2015a, 2018b; 

Fogarty et al. 2017; Fogarty and El-Tawil 2016). The general consensus from these studies was that fixed end 

columns featuring seismically compact cross sections near the current compactness limits of current seismic 

design standards (AISC 2016a; CEN 2005b) exhibit flexural strength and stiffness deterioration due to local 

and/or member nonlinear geometric instabilities. Particularly, inelastic local buckling in steel columns occurs 

even at modest lateral drift demands (i.e., 2 % rad). Depending on the member slenderness ratio, local buckling 

often acts synergistically with lateral torsional buckling, thereby compromising the column’s seismic perfor-

mance under strong earthquake shaking. The aforementioned deteriorating phenomena may be accelerated due 

to twist demands induced in steel columns from inelastic deformations within the anticipated dissipative zone 

of adjoining steel girders in beam-to-column connections (Chi and Uang 2002; Zhang and Ricles 2006a; b). 

Figure 1.1 illustrates two characteristic examples of the above inelastic geometric instability modes from past 

experiments on wide-flange steel beam-columns. 
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(a) Local buckling 

  

(b) Inelastic lateral torsional buckling [image adopted from Ozkula et al. (2017)] 

Figure 1.1 Local and member nonlinear geometric instability modes in wide flange steel beam-columns un-

der cyclic loading. 

 

As a consequence, steel columns experience residual axial shortening (Elkady and Lignos 2018a; b; MacRae 

et al. 1990) that could be appreciable particularly in cases where ground motion duration is an important char-

acteristic of the seismic hazard (Suzuki and Lignos 2021). This has been evidently demonstrated in the 2017 

Puebla-Morelos earthquake in Mexico (Tapia-Hernández and García-Carrera 2020) among others. Figure 1.2 

shows the progression of axial shortening in a first story steel column of a 3-story steel MRF building from 

the same earthquake. While steel column cross sections were seismically compact, the formation of local buck-

ling at the fixed end column boundary was evident, thereby causing mild axial shortening (see Fig. 1.2a). This 

considerably evolved in a mainshock-aftershock earthquake series due to the gravitational axial load demand 

and the inelastic damage accumulation from the loading cycles. As such, several steel columns lost their axial 

load carrying capacity as shown in Fig. 1.2b. While the building did not collapse, vertical residual shortening 

became a critical consideration in structural repair actions of the same building. 

  



Chapter 1: Introduction 

19 

  

(a) 4 days after the earthquake (b) 51 days after the earthquake 

Figure 1.2 Evolution of axial shortening/local buckling along the time observed in the 2017 Puebla-Morelos 

earthquake in Mexico [images adopted from Tapia-Hernández and García-Carrera (2020)]. 

 

Comprehensive building-specific loss-estimation studies (Elkady et al. 2020) suggest that column residual 

axial shortening may be a controlling decision regarding building demolition. Till recently, building demolition 

was primarily perceived as a limit state due to residual story drift ratios (Ramirez and Miranda 2012). Figure 

1.3 depicts normalized vulnerability curves from comprehensive building-specific loss estimation studies on 

steel frame buildings with steel MRFs (Elkady et al. 2020). Losses are disaggregated into losses due to collapse, 

demolition and collapse given the seismic intensity, which is expressed as the average spectral acceleration 

over a period range (Bojórquez and Iervolino 2011; Eads et al. 2015; Tsantaki et al. 2017). While Figure 1.3a 

considers losses due to demolition attributable to residual story drifts only, Figure 1.3b suggests that when 

residual axial shortening is explicitly considered in the loss estimation, then it becomes a critical indicator for 

building demolition. This holds true even at ground motion intensities that the expected losses due to structural 

collapse are nearly zero (i.e., 𝑆𝑎𝑎𝑣𝑔 of 0.25 to 0.5 g). An obvious solution to somewhat control losses due to 

demolition in this case may be the use of stocky cross sections (e.g., web slenderness ratios, ℎ/𝑡𝑤 ≤ 15), 

which was a general practice in the 1990s in North America (Hamburger et al. 2016; NIST 2011). However, 

this would generally increase the column weight in terms of overall steel tonnage, thereby augmenting the 

initial construction cost of the steel frame building. Other challenges in welding of subassemblies featuring 

thick steel plates (i.e., thicker than 50 mm) and jumbo cross sections may also arise (Bjorhovde et al. 1972; 

Blodgett and Miller 1993; Ibrahim et al. 2019; Miller 2010). Arguably, these challenges cause existent com-

plexities during fabrication, thereby raising even more the initial construction cost of steel frame buildings 

with MRFs. 
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(a) (b) 

Figure 1.3 Expected normalized loss versus seismic intensity: (a) losses without vertical residual shortening; 

(b) losses with vertical residual shortening [image adopted from Elkady et al. (2020)]. 

 

Elkady and Lignos (2018a) demonstrated experimentally that the boundary conditions of steel beam-columns 

strongly influence their seismic stability. While the influence of the stiffness and strength of beam-to-column 

connections at the top end column boundary has been assessed (Elkady and Lignos 2015a, 2018b; Fogarty et 

al. 2017; Fogarty and El-Tawil 2016; Wu et al. 2018), the interaction of fixed-end steel MRF columns with 

the column base connection has not been thoroughly understood.  

While column bases in low-rise steel MRFs are conceived as exposed type, the current paradigm in mid- to 

high-rise steel MRFs (4-20 stories) generally involves embedded column base (ECB) configurations (AISC 

2012; Falborski et al. 2020b; a; Zareian and Kanvinde 2013). Figure 1.4 shows the configuration of a typical 

ECB along with comprehensive examples from a number of construction sites. The steel column is welded to 

a base plate, and the column base plate assembly is embedded into a reinforced concrete (RC) footing or a RC 

grade beam depending on the foundation type (Grauvilardell et al. 2005). The column is reinforced with face 

bearing plates, which are usually placed at the top surface of the RC foundation. During the construction phase, 

the column is first leveled. The flexural and shear resistance of ECB connections are mostly provided through 

horizontal bearing of the column flanges to the RC footing as suggested by extensive experimental work on 

ECBs (Akiyama et al. 1984; Grilli et al. 2017; Minami et al. 1982; Nakashima and Igarashi 1986, 1987; Takeda 

and Takahashi 1980, 1982; Washio et al. 1978a; b; Witry and Schleich 1995) as well as RC shear walls coupled 

with steel beams (AISC 2012; Gong and Shahrooz 2001b; c; Harries et al. 1993; Mattock and Gaafar 1982). 
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Figure 1.4 Typical embedded column base connection configurations [images adopted from National Seis-

mic Retrofit (2020); and Quake Bracing LLC (2020)]. 

 

Experimental work on ECBs suggests that they have an inherent flexibility due to deformations of the embed-

ded column portion and the surrounding concrete (Grilli et al. 2017; Nakashima and Igarashi 1987; Torres-

Rodas et al. 2017). Grilli and Kanvinde (2017) pointed out that ECBs may exhibit non-negligible nonlinearity 

prior to reaching their peak flexural strength. This is also acknowledged in practice-oriented seismic design 

guidelines (Hamburger and Malley 2009). Both aspects are generally neglected in the seismic design of ECBs 

within a steel MRF. Field reconnaissance reports from past earthquakes (AIJ 1995; BRI 2012, 2016; Clifton 

et al. 2011; MacRae et al. 2015) highlighted that RC foundations were found to be lightly damaged despite the 

fact that they were designed to be non-dissipative. Figure 1.5 illustrates examples from past earthquakes on 

embedded bases (BRI 2012, 2016). From this figure we observe that while steel columns are still prone to local 

buckling, the inherent flexibility of the column base along with unintentional cracking of the RC footing may 

ease the deformation demand of the steel column, indicating that the base flexibility and strength balancing 



Chapter 1: Introduction 

22 

may enhance the column ductility thereby improving the seismic behavior of steel MRFs. Potential benefits of 

the base flexibility to the steel column behavior have never been investigated. On the other hand, system level 

numerical studies (Aviram et al. 2010; Zareian and Kanvinde 2013) underscore that when the base flexibility 

is disregarded during the steel MRF design phase, first story collapse mechanisms may form regardless if the 

strong-column/weak-beam criterion is satisfied. 

  

(a) 2011 Tohoku earthquake, Japan (b) 2016 Kumamoto earthquake, Japan 

Figure 1.5 Damage observed in conventional embedded column bases in past earthquakes [images are 

adopted from BRI (2012, 2016)]. 

 

1.2 Problem statement and research objectives 

The previous section suggests that inelastic cyclic local buckling and column axial shortening have a profound 

impact on the overall steel MRF seismic stability as well as economic losses due to structural repairs and 

potential building demolition in the aftermath of earthquakes. Although axial shortening is deemed to be 

strongly affected by the steel column/RC footing interaction, this interaction has not been researched in prior 

studies. Moreover, current seismic standards impose the dissipative zone to be concentrated in the steel column 

rather than the column base (i.e., elastic foundation concept). However, field observations suggest that a dis-

sipative column base is likely to reduce the potential for residual deformations in the aftermath of earthquakes. 

This concept necessitates that the interaction of steel columns and RC footings is thoroughly investigated. The 

proposed research focuses on the development of a new design paradigm where ECBs are engineered in such 

a way to shift the primary dissipative zone within the embedded steel portion and protect the steel column from 

excessive inelastic cyclic straining. The main research objectives of this doctoral thesis are summarized as 

follows, 

 Comprehend the steel column - embedded base nonlinear interaction by means of nonlinear numerical 

simulations aiming to re-assess and refine the current seismic design procedures for conventional elastic 

embedded column base connections in steel MRFs. 
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 Develop a new embedded column base configuration, i.e., dissipative embedded column base, that defies 

the current design paradigm where conventional embedded bases are designed to exhibit inelastic defor-

mations within the wide flange steel column. Instead, the steel column is anticipated to be resilient to local 

buckling, while the embedded column base connection should exhibit a stable hysteretic response at large 

lateral drift demands. 

 Validate the dissipative embedded column base concept by means of large scale physical experimentation 

and corroborating continuum finite element studies. The acquired data should aid the development of 

engineering models for performance-based design of steel frame buildings featuring the newly developed 

dissipative column base concept. 

 

1.3 Thesis outline 

This PhD thesis consists of seven chapters including the introductory chapter. Three of them are composed of 

peer-reviewed journal articles (two already published and one under review). Two more are planned to be 

submitted to high-quality scientific journals. Each chapter reproduced from a journal article includes detailed 

information of the article (the list of authors, the contribution of this doctoral candidate, and the full biblio-

graphic information of the published article) in the beginning of the corresponding chapter. 

Chapter 2 summarizes a comprehensive parametric study that investigates the effects of elastic flexibility of 

column bases on the seismic stability and ductility of wide flange steel columns when embedded into RC 

foundation. The parametric study is performed through detailed continuum finite element (CFE) analysis. The 

finite element modeling approach is validated to full-scale experiments of steel columns and embedded column 

base connections exhibiting a wide range of failure modes. The primary focus is on the influence of column 

base flexibility on the column residual axial shortening under monotonic and cyclic loading. This chapter is 

reproduced from the journal article by Inamasu et al. (2019). 

Chapter 3 advances knowledge on the seismic stability of fixed-end steel columns interacting with embedded 

column bases while these exhibit inelastic behavior. Their behavior is contrasted with conventional non-dissi-

pative ECBs by means of parametrized finite element modeling. In particular, the CFE model developed in 

Chapter 2 is further extended to simulate the nonlinear cyclic behavior of ECBs acting synergistically with 

wide flange steel columns. A number of parameters that control the ECB’s hysteretic response are interrogated. 

The results from the finite element studies facilitate the refinement of current seismic design methodologies 

for elastic ECBs as well as the development of a new dissipative ECB concept. 

Chapter 4 re-assesses the current seismic design requirements of conventional (i.e., non-dissipative) ECBs 

worldwide that could exhibit unintentional nonlinear behavior within the RC footing. The adequacy of avail-

able design equations for predicting the flexural strength of conventional ECBs is evaluated based on direct 
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comparisons with pertinent experimental data available in the literature. Subsequently, the expected ECB seis-

mic demands are quantified by means of nonlinear CFE analyses. The CFE model is consistent with that de-

veloped in Chapters 2 and 3. The findings are synthesized into coherent recommendations for the seismic 

design of non-dissipative ECB connections in steel MRFs. This chapter is reproduced from the journal article 

by Inamasu et al. (2021b). 

In Chapter 5, a novel ECB design concept is presented (called dissipative ECB) that defies the current paradigm 

in capacity-designed steel MRFs where column bases have been traditionally conceived as non-dissipative. In 

the dissipative ECB connection, the embedded column portion inside the RC foundation features a dissipative 

zone, which is engineered such that nonlinear geometric instabilities are prevented and the RC foundation 

itself remains undamaged. Five large-scale quasi-static experiments are conducted to validate the proposed 

concept. The behavior of dissipative ECBs is contrasted to that of their conventional counterparts. The exper-

imental data provide the basis to fully comprehend the hysteretic response of dissipative ECBs and develop 

models of various fidelities for performance-based assessment of prospective steel MRFs featuring the pro-

posed ECB concept. This chapter is reproduced from the submitted journal draft by Inamasu et al. (2021a). 

Chapter 6 presents extensive CFE analyses of dissipative ECBs that complement the experimental program, 

which was presented in Chapter 5. A CFE modeling approach for the dissipative ECB is developed and vali-

dated with the test results presented in Chapter 5 as well as ancillary tests that were conducted at the material 

scale. The dissipative ECB configuration is first improved by means of simulation-assisted engineering. The 

influence of several geometric and loading parameters on the hysteretic response of dissipative ECBs is then 

assessed and contrasted to that of conventional bases where steel columns are prone to local buckling-induced 

shortening. 

Chapter 7 provides a summary along with the primary conclusions of this PhD thesis. The same chapter dis-

cusses a number of limitations as well as suggestions for future work. 
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2.1 Introduction 

Steel Moment Resisting Frames (MRFs) in seismically active regions in the United States (AISC 2016a) and 

elsewhere (e.g., BCJ 2016; CEN 2004) are designed to concentrate plastic deformations in the beams while 

the columns should remain elastic under seismic shaking. To accomplish this, beams are designed for reduced 

seismic loads (i.e., using of the strength reduction factor, R), while column design is based on a combination 

of capacity design principles (i.e., Strong Column Weak Beam), as well as amplified seismic loads (i.e., the 

overstrength factor, Ω0). The intent of this design practice is to discourage the development of soft-story mech-

anisms (Fig. 2.1a) that concentrate yielding within one story, and to promote a full-building yielding sway 

mechanism (Fig. 2.1b) in which beams from all stories participate. Despite its intent, this practice cannot elim-

inate plastic hinges in first-story columns in all cases, due to the following: (1) plastic hinges at the lower ends 

of first-story columns are a kinematic necessity for the formation of a full-frame mechanism as shown in Fig. 

2.1b, and (2) Strong Column Weak Beam design assumes a first mode response to determine the column 

strength demands; this is often violated, especially in mid- to high-rise frame buildings (Elkady and Lignos 

2014, 2015b; Gupta and Krawinkler 1998) in which higher-mode response is likely to trigger soft story col-

lapse mechanisms either in the first or upper stories of a steel MRF. In either case, the cyclic inelastic response 

of columns is of concern for two reasons. First, the plastic hinges weaken the column ends, rendering it sus-

ceptible to Lateral Torsional Buckling (LTB); this is particularly concerning since unlike beams, columns 

cannot be conveniently braced against LTB. Furthermore, steel MRF columns often carry substantial axial 

force and are in the vertical load path, such that their potential loss of axial load carrying capacity has severe 

implications for global collapse. As a result, the cyclic inelastic response of columns, with an emphasis on 

their cross-sectional and lateral-torsional stability and the ensuing loss of lateral and vertical load carrying 

capacity has recently gained attention in research (Elkady and Lignos 2018a; b; Fogarty et al. 2017; Fogarty 

and El-Tawil 2016; Ozkula et al. 2017; Suzuki and Lignos 2018b, 2015; Wu et al. 2018). This research has 

yielded new information regarding the influence of various parameters (e.g., cross-sectional properties includ-

ing width-thickness ratios, load histories, and boundary conditions) on the column’s hysteretic response, de-

formation capacity, and lateral-torsional stability. A particularly interesting finding is that boundary conditions 

(specifically rotational fixities at the top and the bottom of the column in the major-axis direction) have a 

strong influence on lateral-torsional stability, and ultimately, the deformation capacity of the column. As an 

example, fixed-flexible columns tested by Elkady and Lignos (2018a) showed deformation capacities roughly 

20-30% higher than their fixed-fixed counterparts – a significant difference in deformation capacity. As noted 

by Elkady and Lignos (2018a), the physical mechanisms underlying this effect are somewhat complex and 

unintuitive. Specifically, the rotational flexibilities at the member ends control the moment diagram, which 

affects the plastic rotation, and more importantly, its apportionment between the top and bottom plastic hinge 

regions. In turn, the accumulated in-plane (major axis) plastic rotation at each plastic hinge region impacts its 

ability to provide out-of-plane, i.e., lateral-torsional restraint. Thus, the cyclic deformation capacity (corre-

sponding to LTB) is controlled by highly nonlinear interactions between the hysteretic response of the plastic 
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hinge regions (both in- and out-of-plane), the lateral stiffness of the column cross-section, and its resistance to 

lateral-torsional buckling. 

 

 

Figure 2.1 Illustration of collapse mechanisms of MRFs: (a) Soft-story mechanism, and (b) full-frame yield-

ing sway mechanism. 

 

From the standpoint of steel MRF design and collapse behavior, the above findings are relevant for two rea-

sons: (1) moment frames are usually designed (and simulated) assuming an ideally fixed base boundary con-

dition, entirely disregarding the effect of base flexibility on the MRF seismic response, and (2) recent research 

(Barnwell 2015; Grilli et al. 2017; Grilli and Kanvinde 2017; Torres-Rodas et al. 2017) has shown that even if 

designed as fixed, column bases of various types have considerable rotational flexibility. Zareian and Kanvinde 

(2013) have examined the “first-order” implications of such simplifications. These pertain to redistribution of 

moments in the first-story column due to the unanticipated base flexibility, leading to moment amplification 

at the column top and the formation of a soft story. However, these studies do not consider the effect (discussed 

above) of base flexibility on out-of-plane stability of the column and associated change in deformation capacity 

– both of which are closely linked to system collapse (Lignos and Krawinkler 2012). Disregarding this conse-

quential effect is problematic, especially as current guidelines for building performance assessment (FEMA 

2009; PEER-TBI 2017) are heavily dependent on accuracy in collapse simulations. 

Motivated by the above, this study presents parametric Continuum Finite Element (CFE simulations) to quan-

titatively examine the effect of boundary conditions (specifically base flexibility) on the cyclic inelastic re-

sponse of wide flange steel columns; particularly their deformation capacity, axial shortening and lateral-tor-

sional stability. The former is associated with a member’s ductility, while the axial shortening and lateral 

torsional stability are associated with the member stability. The study focuses on columns that respond as per 

the intent of current “strong-base-weak-column” practices (AISC 2016a), such that all inelastic response is 

concentrated in the column section, rather than the base connection. The main scientific basis of this study is 

a series of 2160 3-dimensional (3-D) CFE simulations that evaluate the following parameters: (1) column base 
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rotational stiffness, (2) axial load ratio, (3) column length, (4) column cross-section, and (5) applied lateral 

loading protocol. The simulations use methodologies and calibration procedures that have been extensively 

validated against physical testing previously conducted by Elkady and Lignos (2015a, 2018a; b), and the pa-

rameter ranges represent realistic values consistent with common design and construction practice. 

The chapter begins by summarizing recent research on columns, as well as column base connections that mo-

tivates this study. This is followed by a discussion of the FE simulations, including modeling assumptions/pro-

cedure, simulation matrix, and results. The main discussion of the results focuses on the interplay between 

boundary conditions and column properties to affect the cyclic deformation response and lateral-torsional sta-

bility of steel columns. A collateral finding (which pertains to the effect of boundary conditions on axial and 

lateral residual deformations of the columns) is also discussed; this is important from the standpoint of post-

event repair/retrofit strategies. The chapter then examines the implications of this study in the context of im-

provements to design practice, and outlines future work necessary to achieve these improvements. 

 

2.2 Full-scale tests on embedded column bases and wide flange steel columns 

Column base connections in steel MRFs may be broadly classified as being of the exposed base plate type (in 

which anchor rods attached to a base plate transfer flexure – see AISC Design Guide One (Fisher and Kloiber 

2006), or the embedded type, in which the lower portion of the steel column is embedded into a concrete 

footing. The former are usually feasible in low-rise MRFs where bases are assumed pinned, whereas the latter 

are more prevalent in mid- to high-rise MRFs (to carry large base moments), or when the bases are notionally 

fixed. Consequently, the latter (i.e., embedded type) connections are of interest in this study. Recently, Grilli 

et al. (2017) tested six large-scale specimens of embedded column bases subjected to combinations of axial 

(to represent gravity) and cyclic lateral (to represent seismic) loading. The specimens featured details common 

to United States construction practice (see Fig. 2.2), including an embedded base plate at the bottom of the 

embedment, and a stiffener plate at the top of the connection to transmit axial compression. Referring to Fig. 

2.2, all specimens were tested as cantilever columns designed to be stronger than the connections, such that 

only connection failure modes were obtained. Referring to Table 2.1, which summarizes the test matrix from 

Grilli et al. (2017), a range of parameters (axial load ratio, column cross-section, and embedment depth) were 

interrogated. A similar experimental study was conducted by Richards et al. (2018); albeit these specimens 

with somewhat shallower embedment were representative of exposed base connections with an overtopping 

slab – less relevant to the goals of this study, which focuses on bases with high notional rigidity. 
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Figure 2.2 Details of typical embedded column base connections in United States. 

 

Table 2.1 Summary of full-scale embedded column base connection test [data from Grilli et al. (2017)]. 

Specimen ID Cross section 
P 

(kN) 
dembed 
(mm) 

Mmax,ECB 
(kNm) 

β 
(105 kNm/rad) 

#1 W14x370 445 508 2613 3.23 
#2 W18x311 445 508 2324 3.84 
#3 W14x370 0 762 3741 3.07 
#4 W14x370 445 762 4124 3.38 
#5 W14x370 -667* 762 3800 3.25 

*Tensile force 

 

Grilli et al. (2017) reported various failure modes (including concrete bearing failure ahead of the flanges and 

panel zone cracking, or uplift failure). Additionally, it was noted that all tested specimens showed significant 

rotational flexibility; Table 2.1 lists the values of the rotational stiffness for each of the specimens, denoted β. 

As determined by Grilli and Kanvinde (2015), this degree of flexibility is of approximately the same magnitude 

as the rotational flexibility at the top of the first story column, which is the result of appropriately designed 

beams and the column above. This has two implications, relative to the fixed base assumption: (1) the point of 

inflection in the first story column moves downwards increasing moment demands at the column top end, 

while reducing moment demands at the bottom, and (2) the story drift increases appreciably [by approximately 

30-40 % - Grilli et al. (2017)]. Zareian and Kanvinde (2013) examined these effects, and their influence on the 

system-level steel MRF response. However, this examination is restricted to in-plane effects and the associated 

frame response. The focus in this study is on out-of-plane effects – as illustrated schematically in Fig. 2.3 at a 

given lateral drift demand in cases that the column base flexibility is considered (see Fig. 2.3b) versus the 
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idealized fixed column base (see Fig. 2.3a). More specifically, the effect discussed in point (1) above results 

in a lowered inflection point, and consequently, a lower bending moment at the first story column base. In turn, 

this delays the formation of a plastic hinge at the column base, relative to the fixed-base configuration. It is 

well-known (e.g., Ozkula et al. 2017), that albeit the plastic hinge itself is associated with in-plane rotations, 

steel material inelastic behavior within the plastic hinge, limits its ability to restrain out-of-plane buckling 

modes such as LTB. As a result, despite their higher initial stiffness, columns with fixed bases are susceptible 

to local buckling at lower deformations as compared to similar columns with base rotational flexibility. In fact, 

a similar effect was noted previously by Elkady and Lignos (2018a), in which the flexibility at the column top 

end (due to the respective beam-to-column connection) increased the deformation capacity of the column with 

respect to member instabilities. 

The foregoing discussion, when considered along with the findings of Elkady and Lignos (2018a; b) establishes 

that realistic values of column base flexibility have the potential to significantly impact the response (specifi-

cally the propensity for LTB) of wide-flanged columns in steel MRFs. The next section parametrically exam-

ines this effect through CFE simulations on a range of columns and base conditions that are realistic with 

respect to current United States design practice. 

 

2.3 Continuum finite element model for steel columns interacting with embedded column bases 

The seismic stability of wide-flange steel columns interacting with concrete footings is investigated by means 

of CFE simulations. This section discusses the specifics of the CFE model including its validation. This in-

volves two steps. First the CFE simulations are validated rigorously by leveraging unique experimental data 

from recent full-scale tests on wide flange steel columns (Elkady and Lignos 2018a) and embedded column 

base connections (Grilli et al. 2017). Once validated, these are used to parametrically comprehend the physical 

phenomena discussed earlier. 

 

2.3.1 Finite element model for wide flange steel columns 

The steel wide-flange column CFE model is developed in the commercial finite element analysis software 

ABAQUS (Version 6.14-1) (ABAQUS 2014) based on the modeling recommendations summarized in Elkady 

and Lignos (2015a, 2018b). Briefly, the CFE model consists of shell elements and considers material nonlin-

earity through a multiaxial plasticity constitutive law (Lemaitre and Chaboche 1994; Voce 1948) calibrated to 

uniaxial cyclic round coupon tests as discussed in de Castro e Sousa and Lignos (2018). Residual stresses due 

to hot-rolling are considered as discussed in Young (1972). Local and member instabilities are triggered by 

assigning geometric imperfections that are within the allowable manufacturing limits (AISC 2016b; ASTM 

2017). The CFE modeling methodology is validated against experimental data from wide-flange steel columns 
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under multi-axis (i.e., lateral or bilateral coupled with axial) cyclic loading (Elkady and Lignos 2018a). Table 

2.2 summarizes key features of test specimens considered for the CFE model validation including the applied 

column end boundary conditions, the applied constant compressive axial load ratio (P is the applied axial load; 

Py = Ry fy A; Ry is the ratio of the expected yield stress to the nominal yield stress, fy is the nominal yield stress, 

and A is the cross-sectional area of the column) and the corresponding member slenderness, Lb/ry (Lb and ry 

are the unbraced length and the radius of gyration about the column cross-section’s weak-axis, respectively). 

 

 

Figure 2.3 Effect of flexible base on the cyclic response of steel columns (grayscale gradation indicates cu-

mulative equivalent plastic strain) [W36x529, L = 6000mm, P/Py = 35% (h/tw = 21, Lb/ry = 59)]. 

 

Figures 2.4 and 2.5 illustrate comparisons of the column end moment, Mbase versus the column drift, θ defined 

as the lateral displacement at the column top end over the actual column height, (L’ = L - δv, in which, L is the 

original column length and δv is the vertical displacement, if any), the evolution of the column axial shortening, 
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respectively, obtained from the test results and CFE simulations. The second order moment, i.e., due to P-Δ 

effects, has been subtracted in all cases. The agreement between the test results and the CFE models across the 

boundary conditions, the unbraced length and the applied compressive axial load ratio indicates that the CFE 

models are able to reproduce the relevant aspects of physical response with high fidelity. As discussed by 

Elkady and Lignos (2018b), similar agreement between tests and CFE results is also noted between observed 

failure modes, such as local and lateral torsional buckling, and the deformations associated with them. 

 

Table 2.2 Test specimens used for CFE model validation [data from Elkady and Lignos (2018a)]. 

Specimen 
ID 

Cross  
section 

P/Py 
Boundary conditions 

(Bottom-Top) 
Lb/ry h/tw 

Mmax 
(kNm) 

EI/L 
(105 kNm/rad) 

C1 W24x146 20% Fixed-Fixed 51.7 33.3 2913 0.923 
C2 W24x146 50% Fixed-Fixed 51.5 33.1 2173 0.923 
C3 W24x146 20% Fixed-Flexible 51.5 33.5 2907 0.923 
C7 W24x84 20% Fixed- Flexible 79.2 47.0 1390 0.488 

 

(a) (b) 

(c) (d) 

Figure 2.4 FE model validation with full-scale test specimens in base moment – column drift relation: (a) C1, 

(b) C2, (c) C3, and (d) C7 [test data from Elkady and Lignos (2018a)]. 
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 (a)  (b) 

 (c)  (d) 

Figure 2.5 FE model validation with full-scale test specimens in axial shortening – absolute column drift re-

lation: (a) C1, (b) C2, (c) C3, and (d) C7 [test data from Elkady and Lignos (2018a)]. 

 

2.3.2 Base flexibility in column end boundary conditions 

The CFE model is further refined to assess the influence of the column base flexibility on the overall stability 

of the steel column. The boundary conditions reflect those common in steel MRFs as shown schematically in 

Fig. 2.6. In particular, the column base flexibility is considered with an elastic rotational spring on the basis of 

the assumption that conventional column base design (AISC 2016a), which requires the base connection to be 

stronger than the column, results in plastic hinging in the column section above the foundation. The column 

base flexibility is deduced from full-scale ECB experiments (Grilli et al. 2017). These values are summarized 

in Table 2.1. The remaining degrees of freedom at the base are idealized as fixed. 

Referring to Fig. 2.6, the column top end boundary conditions also require further attention to accurately cap-

ture structural response. In particular, a rotational spring is assigned with respect to the y-axis that characterizes 

the in-plane rotational stiffness of the girders intersecting the column by considering a strong column weak 

beam (SCWB) ratio of 1.3 that satisfies the capacity design requirements as per AISC (2016a) and CEN 

(2004a); this spring considers the potential inelastic behavior of the girders. The out-of-plane flexibility due to 

typical shear tab beam-to-column connections (Liu and Astaneh-Asl 2000, 2004) and the torsional resistance 
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of the girders is idealized with a rotational spring assigned with respect to the x-axis, which is characterized 

by a trilinear hysteretic behavior as shown in Fig. 2.6. Finally, the torsional resistance due to bending of the 

shear tab plate, the torsional resistance of the second story column and the weak-axis bending resistance of the 

girders is aggregated into a third spring that is assigned at the column top end with respect to the z-axis. Spe-

cifically, the contributions of these three components is combined into a drift-dependent linear behavior. This 

behavior is inferred from experimental findings by Lignos et al. (2010), and Zhang and Ricles (2006a) that 

represent typical response of fully restrained beam-to-column connections with Reduced Beam Sections (RBS). 

 

 

Figure 2.6 Boundary conditions and applied forces in developed finite element model. 

 

Prior experiments on fully-restrained beam-to-column connections with deep columns (Chi and Uang 2002; 

Zhang and Ricles 2006a) of similar sizes as the ones examined herein suggest that such columns experience 

torque demands after the local buckling formation within the RBS region. Referring to Fig. 2.7, this is at-

tributed to the eccentricity ex, which is introduced after local buckling initiation. Although the CFE model does 

not consider the full-frame, the aforementioned demands are still considered in the present study through a 

torque force – lateral drift relationship that is established on the basis of mechanics-based equations and ex-

perimental observations (Chi and Uang 2002; Lignos et al. 2010; Lignos and Krawinkler 2012; Zhang and 

Ricles 2006a). This relationship is shown in Fig. 2.6. Referring to Fig. 2.7, Chi and Uang (2002) proposed the 

equation to estimate the torque force demand on the column, T: 
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𝑇 = 𝐹𝑦,𝑅𝐵𝑆𝑏𝑓,𝑅𝐵𝑆𝑡𝑓,𝑅𝐵𝑆(𝑒𝑥 cos 𝜃𝑅𝐵𝑆 + 𝑒𝑦 sin 𝜃𝑅𝐵𝑆) (2.1) 

Fy,RBS, bf,RBS, tf,RBS are the yield stress, flange width, flange thickness of the RBS region, respectively. ex and ey 

are the eccentricities of the beam flange force (F) due to beam LTB along each major axis; θRBS is the inclined 

angle of beam flange force due to beam LTB. All parameters except for ex can be obtained from the geometry 

of beam/column and material properties of the beam; the ex value in this study was deduced from the tests 

conducted by Zhang and Ricles (2006a) in which the floor slab is also considered. Test results suggest that 

beam instability is induced at 2 % lateral drift demand. The quantity ex attains a value of 10 % of the beam 

width at a lateral drift demand of 4 %. The value of ex increases while the local buckling progresses within the 

RBS region. This relation is expressed through a linear function between the torque force-column drift relation. 

Two points are considered to establish this relationship (zero torque force at 2 % and deduced torque force at 

4 %). 

 

Figure 2.7 Torque force demand on the column due to local buckling within the steel beam RBS region. 

 

2.4 Parametric finite element matrix 

A parametric finite element study is established to assess the effect of column base flexibility on the overall 

steel column stability based on the proposed CFE model discussed earlier. Several parameters are interrogated. 

In particular, the column length covers the typical range of first story steel MRF columns (i.e., 3 to 6 meters). 

The employed cross-sections (18 in total) are shown in Fig. 2.8. Although the majority of these columns are 

within the limits of highly ductile members as per AISC 341-16 (AISC 2016a), moderately ductile cross-

sections are also considered. The applied compressive axial load ratio, P/Py representing the gravity-induced 

axial load ratio that a first story steel MRF column experiences ranges from 5 %, 20 %, 35 % and 50 %. This 

range is deemed to be rational for low to high-rise steel MRFs designed in seismic regions (Suzuki and Lignos 

2018a, 2014). Owing to the emerging need for data that characterize the monotonic behavior of structural 

components (Hamburger et al. 2016; Krawinkler 2009; Lignos et al. 2018), a monotonic lateral load is consid-

ered in addition to a standard symmetric lateral loading history (Clark et al. 1997). Finally, the considered 

cases are analyzed for various levels of column base flexibilities. Embedded column base experiments (Grilli 

et al. 2017) suggest that the “actual” flexibility of a column base connection designed to be stronger than the 

column may be assumed to be β / (EI/L) = 5 × (L / 4.0) (L in meters) (in which E is the modulus of elasticity 

of the steel material, I and L are the cross-sectional moment of inertia and member length of the column, 
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respectively). This is considered to be the base case in the parametric CFE matrix, since it represents the most 

likely physical response. Supplementary parametric study simulations with base flexibilities 75 % and 50 % 

of the base case are also considered to examine the sensitivity of the column response to the base flexibility. 

The pinned column base is also considered for reference. Table 2.3 summarizes the main parameters that were 

considered as part of the parametric finite-element matrix discussed above. 

 

 

Figure 2.8 Selected steel column cross sections for the parametric study. 

 

Table 2.3 Simulation matrix (total 2160 cases). 

Column base rotational 
stiffness, β 

Length, L 
Axial load ratio,  

P/Py 
Cross section 

Lateral loading  
protocol 

5 cases 
(Fixed, Actual, 75 % Ac-
tual, 50 % Actual, Pin) 

3 cases 
(3.0, 4.5, 6.0 m) 

4 cases 
(5, 20, 35, 50%) 

18 cases 
(see Fig. 2.8) 

2 cases 
(Monotonic,  

Symmetric cyclic) 

 

2.5 Finite element simulation results and discussion 

2.5.1 General observation of physical response 

This section presents key observations of the influence of the column base flexibility on the overall column 

stability under cyclic loading, based on the parametric CFE study outlined in the previous section. The discus-

sion is facilitated by a comparison between the ideally ‘Fixed’ and ‘Actual’ case for a W24x146 column sub-

jected to P/Py = 20 %, which is representative of all CFE simulations. Referring to Fig. 2.9a, the elastic stiffness 

of the column is reduced due to the actual flexibility of the column base. This can be explained by the elastic 

stiffness K* equation (in Mbase - θ relation) that considers all the flexibility contributions of a column member. 

The equation is derived by idealizing that the steel column is supported by two elastic rotational springs at 

each end boundary, 

43.0 (λhd for P/Py=0.5)

7.0 (λhd)
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𝐾∗ =
𝑀𝑏𝑎𝑠𝑒
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 (2.2) 

in which, Aw is the cross-sectional area of the column web; and G is the elastic shear modulus; Ktop and β are 

the equivalent rotational stiffness of the springs at the column top and bottom, respectively; Ktop may be de-

duced by the respective members connecting to the column top end (as discussed before by referring to Fig. 

2.6), while β may be deduced based on the column base connection detailing as discussed in Grilli and 

Kanvinde (2015). Typical values for this quantity are listed in Table 2.1 for both shallow (W14) and deep 

(W18) column cross-sections. The CFE simulations suggest that although the elastic stiffness K* decreases, 

the onset of the local buckling near the column base occurs at a larger drift ratio, thereby delaying the cyclic 

deterioration in the member’s flexural strength and stiffness. 

 

(a) (b) 

(c) (d) 

Figure 2.9 Effect of the column base flexibility on (a) base moment – column drift relation, (b) inflection 

point – absolute column drift relation, (c) vertical displacement – absolute column drift relation and (d) de-

formed shape at 2nd cycle of the 2 % column drift amplitude (grayscale gradation cumulative equivalent plas-

tic strain) in the representative case (W24x146, L = 4500 mm, P/Py = 20 %, β = Fixed or Actual) under cy-

clic loading. 
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Referring to Fig. 2.9b, the inflection point is at 70 % and 60 % of the column height for the ‘Fixed’ and ‘Actual’ 

cases, respectively. Although the inflection point of the ‘Fixed’ case is at a higher elevation than that of the 

‘Actual’ case in the elastic regime, it moves downwards more rapidly due to the early onset of local buckling 

in the former than the latter, thereby increasing the flexural demands at the column top end. It is noteworthy 

that after the 4 % drift amplitude loading cycle, the inflection point location of the ‘Fixed’ and ‘Actual’ cases 

is at 45 % and 55 % of the member height, respectively. 

The column base flexibility has a significant effect on the local buckling-induced column axial shortening as 

shown in Fig. 2.9c. In particular, the column axial shortening is appreciably reduced at a given drift level. For 

instance, at a 2 % drift angle, typically associated with design basis seismic events, column axial shortening 

of the ‘Actual’ case is almost 50 % less than the ideally ‘Fixed’ case. This has direct implications in the steel 

column reparability in the aftermath of earthquakes (Cravero et al. 2020) as it can be seen from Fig. 2.9d that 

shows the extent of local buckling near the column base for each one of the two considered cases. The total 

member rotation is disaggregated in Fig. 2.10 both for the fixed and Actual case. In the latter (Fig. 2.10b), the 

column base flexibility reduces the accumulated plastic deformation in the column itself. 

 

(a) (b) 

Figure 2.10 Disaggregation of the column drift (W24x146, L = 4500 mm, P/Py = 20 %, Cyclic loading): (a) β 

= Fixed and (b) β = Actual. 

 

2.5.2 Influence of column base flexibility on base moment versus column drift response 

Figures 2.11a and 2.11b show the load-deformation response (column base moment versus column drift) from 

CFE simulations of a monotonic load case (W24x146, L = 4500 mm, P/Py = 20 %, Monotonic loading) and a 

cyclic load case (W24x146, L = 4500 mm, P/Py = 20 %, Cyclic loading), respectively. The purpose of these 

plots (which are qualitatively representative of all CFE simulations outlined in the previous section) is to sche-

matically illustrate key quantities retained from the CFE for the purpose of column performance assessment. 

These quantities have been determined to strongly influence the seismic performance and global collapse of 
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steel MRFs (Elkady and Lignos 2014, 2015b; Ibarra and Krawinkler 2005, 2011; Lignos et al. 2011, 2013). 

Referring to Figs. 2.11a and b, these performance indicators include: (1) the peak moments Mmax (M
*

max) where 

the term M*
max in the parentheses denotes the peak (considering both directions) of the cyclic envelope, whereas 

the term Mmax denotes the peak of the monotonic backbone (the two are different due to the influence of loading 

history and material cyclic hardening), (2) the deformation θmax (θ
*

max), corresponding to the attainment of these 

peak moments, and (3) the “post-capping” plastic rotations θpc (θ
*
pc) corresponding to the rotation at which the 

moment carrying capacity is lost subtracted by θmax (θ
*

max), indicating high potential for structural collapse 

(Ibarra and Krawinkler 2011). In cyclic loading, both positive and negative excursions are considered to obtain 

these values. Figures 2.12a-c show monotonic curves for three different cross-sections (W36x529, W21x147, 

and W21x101), which are selected from the CFE simulation matrix outlined in the previous section, whereas 

Figures 2.13a-c show the first-excursion cyclic envelopes (i.e., a curve connecting the extreme points of each 

cyclic excursion) for the same three columns. In each case, the curves are plotted for four levels of base fixity 

(‘Fixed’, ‘Actual’, 75 % ‘Actual’, 50 % ‘Actual’). The cross-sections are sampled from the test matrix to 

examine general trends across the web slenderness ratios (h/tw). Referring to Figures 2.12 and 2.13, the fol-

lowing observations may be made: 

 Referring to Figs 2.12a-c, it is readily apparent that as the cross-section local slenderness increases, the 

effect of base flexibility on the response increases as well. Specifically, for the W36x529 (h/tw = 21, highly 

ductile), the curves from the four base fixities differ mainly (as expected) in the elastic region, but are 

virtually coincident as the response transitions to yielding, followed by attainment of the peak due to LTB, 

and post-peak response. As the local slenderness increases (Figures 2.12b and c), the curves from the 

different flexibilities slightly diverge. For the most slender section (W21x101), local buckling followed 

by LTB occurs at the end of the elastic phase which is longer for the more flexible base connection. 

 Referring to Figures 2.13a-c, the effect of flexibility on the cyclic “first-excursion” envelope curves is 

significantly more pronounced as compared to the monotonic cases. For each of the three cross-sections 

examined in this figure, the drift θ*
max corresponding to the peak increases as the column base flexibility 

increases. It is important to point out that this is not merely an artifact of the elastic stiffness being lower 

for higher base flexibility – since LTB typically follows after local buckling and it is attained well after 

yielding. More specifically, for each of the three sections, the increase in θ*
max with respect to flexibility 

is mostly attributed to a delay in local buckling in the post-yield phase. Referring to the phenomenology 

of response discussed previously (see Figure 2.3), recall that LTB occurs when the torsional fixity at the 

ends is compromised due to formation of plastic hinges. As evidenced by Figures 2.13a-c and visual 

observations of response [e.g., Elkady and Lignos (2018a; b)], an increase in base flexibility delays the 

formation of the column plastic hinge at the base, and subsequently the loss of torsional fixity at the ends, 

resulting in improved column performance. 



Chapter 2: Seismic stability of wide flange steel columns interacting with embedded column base connections 

40 

 Referring to Figs. 2.12 and 2.13, and the previous point, the effect of the column base flexibility is most 

pronounced for the rotation at peak, θmax (θ
*

max). In contrast, the peak moment, Mmax (M
*

max) and post-

capping plastic rotation, θpc (θ
*

pc) are relatively insensitive to the column base flexibility regardless of 

cross-sectional slenderness. 

 Figures 2.14a and b plot θ*
max for all the fixed base simulations against the ratio L/Lp (where Lp, which is 

indicative of the column resistance to LTB, is determined as per AISC (2016a). This provides a quantita-

tive baseline of the deformation capacity of the column, against which the flexible base cases may be 

evaluated. Referring to Figures 2.14a and b, it is not surprising that θ*
max decreases with L/Lp  sharply 

dropping as L/Lp  exceeds unity, indicating a transition from fully plastic response (attainment of Mp) to 

inelastic LTB in most cases. However, it is useful to interpret this in the context of the web slenderness 

ratio, h/tw as discussed in the next section. Figures 2.14c and d indicate the deformation capacity for the 

flexible base conditions, normalized by the corresponding values (shown in Figures 2.14a and b) for the 

fixed base conditions. Figures 2.14a and c correspond to P/Py = 20 %, whereas Figs 2.14b and d corre-

spond to P/Py = 50 %. Referring to Figs 2.14c and d, it is immediately apparent that (1) the base flexibility 

increases the deformation capacity with respect to the fixed condition, and (2) the degree of base flexibility 

controls this increase. More specifically, if the best estimate of base flexibility (i.e., ‘Actual’) is used in 

analysis, then the column’s deformation capacity is increased, on average, by up to about 40% and 50% 

for P/Py = 20% and P/Py = 50% with L = 4500 mm, respectively – a significant increase. Further, using a 

base flexibility 50 % of the base estimate (i.e., 50 %‘Actual’) results in an even greater (on average 75 % 

and 97 % for P/Py = 20 % and P/Py = 50 % with L = 4500 mm, respectively) increase in the column 

deformation capacity. Implications of this finding in the context of design and performance assessment 

(along with associated trade-offs) are discussed in a subsequent section. 

 The increase in deformation capacity due to the column base flexibility appears to show a positive trend 

with respect to L/Lp (Figure 2.14c), indicating that a greater benefit is obtained for members that are more 

susceptible to the out-of-plane instability. This is not surprising, considering the mechanism through 

which enhancement of deformation capacity occurs; specifically that the flexible base conditions limit the 

column inelastic rotation demands, thereby delaying the loss of out-of-plane restraint. This effect is re-

duced when (for the given length) the cross-section itself is highly resistant to out-of-plane deformations, 

e.g., for L/Lp < 1. No significant trend is observed with respect to the level of the applied axial load. 
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Figure 2.11 Schematic representation of primary column performance indicators: (a) Monotonic load case; 

(b) Cyclic load case. 

 

(a) (b) (c) 

Figure 2.12 Monotonic curves obtained from three different cross-sections with different column base flexi-

bilities (L = 4500 mm, P/Py = 20 %, monotonic loading): (a) W36x529; (b) W21x147; (c) W21x101. 

 

(a) (b) (c) 

Figure 2.13 First cycle envelope curves obtained from three different cross-sections with different column 

base flexibilities (L = 4500 mm, P/Py = 20 %, Cyclic loading): (a) W36x529; (b) W21x147; (c) W21x101. 
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 (a)  (b) 

 (c)  (d) 

Figure 2.14 Capping rotation, θ*
max or normalized capping rotation, θ*

max/θ
*

max,Fixed versus column length nor-

malized by the limiting laterally unbraced length, L/Lp relation under cyclic loading: (a) θ*
max, fixed base, 

P/Py = 20 %, (b) θ*
max, fixed base, P/Py = 50 %, (c) θ*

max/θ
*

max,Fixed, L = 4.5 m, P/Py = 20 %, and (d) 

θ*
max/θ

*
max,Fixed, L = 4.5 m, P/Py = 50 %. 

 

2.5.3 Influence of column base flexibility on column residual axial shortening 

Figure 2.15 shows the definition of column axial shortening, δaxial,β considering the degree of column base 

flexibility, δv,β with reference to the undeformed, and pinned column case δv,pin. Physical column testing 

(Elkady and Lignos 2018a; MacRae et al. 1990; Ozkula et al. 2017; Suzuki and Lignos 2015) complemented 

by CFE simulations (Elkady and Lignos 2015a, 2018b; Fogarty et al. 2017; Fogarty and El-Tawil 2016) sug-

gest that column axial shortening is a primary failure mode currently not addressed in seismic code provisions; 

thus recent recommendations focus on how to limit column axial shortening in the context of seismic design 

provisions of steel MRFs (Elkady and Lignos 2018b; Wu et al. 2018), typically resulting in a heavier column 

design depending on the applied compressive axial load ratio. Recent work (Cravero et al. 2020; Suzuki and 

Lignos 2018b, 2015) suggests that column axial shortening may control decisions associated with reparability 

in the aftermath of earthquakes. In this section, the considered cross-sections are sampled to examine the in-

fluence of the degree of column base flexibility on the column residual axial shortening. The discussion is 

based on the CFE simulations under symmetric cyclic loading histories at story drift angles of interest to the 

engineering profession; namely, θ = 2% associated with a design basis seismic event (i.e., 10 % probability of 



Chapter 2: Seismic stability of wide flange steel columns interacting with embedded column base connections 

43 

exceedance over 50 years) and θ = 4 % associated with a maximum considered seismic event (i.e., 2 % prob-

ability of exceedance over 50 years). Referring to Figs. 2.16 to 2.18, the following observations may be made: 

 Figure 2.16a illustrates the strong influence of the column cross-section web local slenderness, h/tw on the 

δaxial,β. The CFE simulations indicate that at 2 % drift angle column axial shortening is up to 10 mm, if the 

flexibility at the base is considered. While the assumed column base flexibility increases, the quantity 

δaxial,β attains a value of nearly zero for the same reference drift angle. Cross-sections near the current 

seismic compactness classification limits as per AISC (2016a) shorten considerably when idealized as 

fixed. However, this varies depending on the assumed degree of the column base flexibility. For instance, 

at a reference drift angle of 2 % the steel column with h/tw = 38, P/Py = 20 % and an intentional flexibility 

equal to 50 % of the ‘Actual’ experiences nearly zero axial shortening compared to the ideally fixed case. 

 Referring to Fig. 2.16b, the δaxial,β is shown with respect to L/Lp at a reference drift angle of 4 %. A P/Py 

= 20 % is considered in this case for three different member lengths (L = 3000 mm, 4500 mm, 6000 mm). 

In the range of L/Lp < 1.5, columns with similar L/Lp values (i.e., similar ry - radius of gyration with respect 

to the cross-section’s weak axis - for a given column length) result in a sudden increase of the column 

axial shortening as highlighted by the dashed lines. This suggests that column axial shortening is mostly 

controlled by the respective column web local slenderness given an axial load level because this is the 

only variable in this case. On the other hand, if L/Lp > 1.5, the column is mainly governed by out-of-plane 

deformation of the member, which does not result into excessive axial shortening (i.e., about 100 mm at 

4 %) unless if the respective column utilizes a slender cross-section (h/tw > 30 for P/Py = 20 %). 

 Past studies (Elkady and Lignos 2018a; b) highlighted the strong dependence of the column axial short-

ening with respect to the cumulative plastic rotation, the column web slenderness, h/tw and the applied 

axial load ratio, P/Py. Figure 2.17 shows the column axial shortening versus the cumulative plastic rotation 

relation for four different cross-sections (W36x194, W21x147, W24x146, W13x221) and four different 

degrees of column base flexibility. The assumed column length and applied axial load ratio were L = 4500 

mm and P/Py = 20 % in all cases. The figure suggests that if the elastic contribution of the considered 

degree of column flexibility is subtracted then the column axial shortening is nearly the same in all cases. 

However, this would occur at different lateral drift angles between cases. This indicates that the empirical 

equation proposed by Elkady and Lignos (2018b) may be used to compute the column axial shortening 

even in cases with intentional column base flexibility. 

To quantitatively support the above two points, Figure 2.18 shows the cumulative plastic rotation versus the 

column drift angle for different degrees of column base flexibility for a W24x146 steel column (h/tw=34, P/Py 

= 20 %. Referring to Figure 18, the reduction of the cumulative plastic rotation from the fixed base case ranges 

from 30 to 50 % depending on the assumed degree of column base flexibility. At larger drift angles, this 

reduction increases due to the delayed onset of local buckling for a given degree of column base flexibility. 
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Figure 2.15 Definition of column axial shortening. 

 

 

 (a) 

 (b) 

Figure 2.16 Column axial shortening versus (a) web local slenderness, h/tw expressed as function of column 

base flexibility (L = 4500 mm, P/Py = 20 %, cyclic loading cases) and (b) column length normalized by the 

limiting laterally unbraced length, L/Lp (fixed base, P/Py = 20 %, cyclic loading cases, at first 4 % positive 

excursion). 

 

Fixed /  = 2% Actual /  = 2% 50%Actual /  = 2%

Fixed /  = 4% Actual /  = 4% 50%Actual /  = 4%



Chapter 2: Seismic stability of wide flange steel columns interacting with embedded column base connections 

45 

 

Figure 2.17 Vertical displacement - Cumulative plastic rotation relation obtained from four different cross-

sections (W36x194, W24x146, W21x147, W14x221) with different column base flexibilities (L = 4500 mm, 

P/Py = 20 % case). 

 

 

Figure 2.18 Cumulative plastic rotation – column drift relation obtained from cases W24x146, L = 4500 mm, 

P/Py = 20 % with different column base flexibilities. 

 

2.5.4 Potential implication for seismic design of MRFs 

The parametric studies and the above discussion demonstrate the effects of base flexibility on various aspects 

of the cyclic response of wide-flange steel columns. Although these are interesting from a scientific and phys-

ical perspective, perhaps more importantly, they have major potential implications for the seismic design and 

performance assessment of steel MRFs. This is due to two factors: (1) these effects are quantitatively signifi-

cant, such that key performance indicators vary by as much as 40~50 % (for the capping rotation, which greatly 

affects collapse), and 30~40 % for P/Py = 20 % and 50~60 % for P/Py = 50 % (for the axial shortening, which 

affects retrofit decisions) in the comparison between cases with ideally fixed-base and actual embedded 

W36x194 (h/tw=44) W24x146 (h/tw=35)

W21x147 (h/tw=28) W14x221 (h/tw=13)

Fixed Actual

75%Actual 50%Actual
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column base flexibility; such variation/error may be considered unacceptable, (2) the physical mechanisms 

and interactions responsible for these effects cannot be suitably modeled through frame simulations (and are 

complex to model even in CFE simulations), such that they are entirely disregarded within the current frame-

work for seismic design and performance assessment. Against this backdrop, the following implications are 

noted for design and performance assessment: 

 For existing buildings, whose collapse performance is of interest (e.g., within a PEER-TBI (2017) type 

framework) in support of retrofit or insurance decisions, incorporating the beneficial effects of base flex-

ibility may have a significant (and positive) influence on the estimated probability of collapse, since the 

effective deformation capacity of the columns is enhanced due to this flexibility. However, this should be 

considered early on in the design phase so as the formation of first story collapse mechanisms are pre-

vented as discussed in the subsequent bullet point. 

 For prospective design methodologies, the findings of this research possibly mitigate the problems com-

monly associated with flexible bases. Specifically, it is well understood [e.g., Zareian and Kanvinde 

(2013)] that even when capacity-designed to be stronger than the column, base connections have appre-

ciable flexibility; this lowers the point of inflection in the first story column triggering a soft-story. Con-

sequently, significant expense is often required to design the connections with high degree of fixity. How-

ever, the current study indicates that such behavior appears in simulations only when the beneficial effects 

of flexibility (i.e., by delaying local buckling) are not modeled. When these effects are modeled, this 

negative influence of base flexibility is offset by the delay in local buckling; in fact, the net response is 

improved with respect to the fixed-base case. The implication is that in many cases, the additional expense 

required to provide base fixity may not be necessary, and may even be detrimental from the standpoint of 

collapse performance. 

 With reference to the above, it is relevant to note that there is interest within the professional practice and 

research community (Castelo et al. 2017; Torres-Rodas et al. 2016; Trautner et al. 2016) to develop base 

connections that are not capacity designed, such that they develop some degree of plastic deformation. 

This too is motivated by the high expense of constructing strong base connections. A primary concern in 

developing such lower-strength, ductile connections is their flexibility and its impact on the system’s 

seismic performance (since strength and stiffness are usually correlated). The research presented herein 

assuages this concern to some degree. 

 Recall that the beneficial effects of base flexibility are observed not only in the capping rotation, but also 

in the axial shortening. While important for retrofit decisions as indicated by a recent study (Cravero et 

al. 2020), assessment of axial shortening is currently not a part of established performance assessment 

frameworks [e.g., FEMA (2009) and PEER-TBI (2017)]. As these frameworks evolve, it is anticipated 

that the findings of this research will gain even greater relevance. 
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 Although the study indicates the overall beneficial effects of base flexibility, previous findings (Zareian 

and Kanvinde 2013) suggest that to reduce the incidence of soft-stories (especially for first-mode domi-

nated structures), strong-column-weak-girder provisions (AISC 2016a) may need to be revisited, to adjust 

the point of inflection to account for base connection flexibility. This is in line with recent studies related 

to the influence of the composite action on the collapse capacity of steel MRFs (Elkady and Lignos 2014). 

In discussing these potential implications, it is important to emphasize that the research does not recommend 

design considerations, but rather indicates physical mechanisms and their quantitative effects that must be 

considered in support of such considerations. These mechanisms involving the interactions of local and LTB 

are inherently complex, may be incorporated either by CFE simulations (as done in this study), or by modifying 

hinge/frame element properties based on the functional relationships determined in this study (e.g., as shown 

in Figures 2.3, 2.9, 2.12, 2.13). 

 

2.6 Summary and conclusions 

This chapter presents the findings of parametric continuum finite element (CFE) simulations that investigated 

the hysteretic response, deformation capacity, and lateral-torsional stability of wide-flange steel columns em-

bedded into concrete footings. The column base connections were considered to be capacity-designed (foun-

dation designed to remain elastic and concentrate plastic deformation in the column) in accordance with the 

current design practice. The CFE simulations were based on a finite element model validated against full-scale 

physical tests of steel columns. The CFE model was refined to represent the actual boundary conditions of 

columns in steel MRFs. In particular, the column base flexibility, β was considered based on measured values 

from prior embedded column base connection full-scale experiments. The column top end boundary was 

properly refined to represent the in-plane and out-of-plane flexibilities of the respective members intersecting 

the column. The torque demands imposed to the column after the beam-to-column connection plastification 

were idealized with a drift-dependent relationship established based on prior test observations. The CFE sim-

ulation matrix included variations in the applied compressive axial load ratio P/Py, the imposed loading history 

(monotonic versus symmetric cyclic), the cross-section and member length, L as well as the assumed degree 

of column base flexibility, β. 

As expected, the actual (versus fixed) column base flexibility reduces the lateral stiffness of the base moment 

– column drift relationship. In turn, this delays local buckling initiation (i.e., increases the rotation, θ*
max or 

θmax, at the peak load), thereby delaying the cyclic deterioration in flexural strength of the steel column as well 

as the initiation of axial shortening. If the best estimate of base flexibility is considered in the CFE model, then 

the column’s deformation capacity at the peak moment is increased, on average, by up to about 40 % for the 

expected range of compressive axial load ratios in first story steel MRF columns (P/Py ≤ 0.20). The CFE 

simulations indicate that a greater increase can be achieved in θ*
max if a more flexible base is considered. The 
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peak moment, M*
max (or Mmax) and post-capping plastic rotation, θ*

pc (or θpc) are found to be insensitive to the 

degree of column base flexibility for all the investigated cases. 

Wide-flange steel columns assumed designed to be weaker than the base connection, and therefore assumed 

to be ideally fixed (according to the current seismic design and simulation practice) experience considerable 

flexural strength deterioration at modest lateral drift demands (~1.5 % to 2 %) when L/Lp  exceeds unity (where 

Lp, which is indicative of the column resistance to LTB, is determined as per AISC 2016a). This is attributed 

to coupling of local and lateral-torsional buckling. On the other hand, the same columns with the true repre-

sentation of the column base flexibility exhibit a positive trend with respect to L/Lp such that a greater benefit 

is obtained in members more susceptible to out-of-plane instabilities. An increase in the column base flexibility 

delays the formation of column plastic hinging near its base, and subsequently the loss of torsional fixity at the 

column’s ends. This benefit diminishes for columns with L/Lp < 1, with stocky cross sections that are less 

susceptible to lateral instability in the first place. 

The CFE simulations underscore the strong influence of the degree of column base flexibility on the resultant 

column axial shortening, which is an instability failure mode currently not addressed in seismic code provisions. 

In particular, steel columns with seismically compact cross-sections near the current classification limits as 

per the AISC (2016a) seismic provisions shorten considerably when idealized as fixed. This varies considera-

bly depending on the considered degree of the base flexibility. At a reference lateral drift demand of 2 % 

(indicative of a design basis earthquake) first story steel MRF columns with an assumed 50 % ‘Actual’ degree 

of base flexibility attains nearly zero residual axial shortening. This may have direct implications in reparability 

of steel MRF columns in the aftermath of earthquakes. 

The CFE simulations indicate that in the range of L/Lp < 1.5, columns with similar L/Lp values (similar ry) 

experience a sudden increase of axial shortening. This implies that for a given compressive axial load ratio 

P/Py, the web slenderness ratio, h/tw primarily controls axial shortening. On the other hand, columns with L/Lp 

> 1.5 are mainly governed by out-of-plane deformations, which does not result in excessive axial shortening. 

The above findings are consistent with observations from physical testing on deep wide-flange steel columns 

(Elkady and Lignos 2018a; Ozkula et al. 2017). 

The CFE simulations confirm given the column base flexibility and loading history, empirical expressions 

(Elkady and Lignos 2018b) provide good estimates of column axial shortening. This is because axial shorten-

ing (produced by irreversible local buckling deformations) is directly related to the cumulative plastic rotation 

demands in the column plastic hinge region. The present work indicates that embedded column base connec-

tions with some degree of flexibility relative to the fixed-base assumptions (either incidental - as in the case of 

existing buildings, or intentional – in the case of prospective buildings) improves the overall seismic stability, 

as well as reparability of wide-flanged steel columns. These potential benefits shall be interpreted in the context 

of the limitations of this study, which are now briefly summarized. First, it is important to recognize that these 
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effects have been observed only in CFE simulations and not system or sub-system tests with realistic boundary 

conditions – albeit the simulations themselves have been rigorously validated to capture the relevant physical 

phenomena. In fact, this study provides motivation for the experimental confirmation of these effects. Second, 

in this chapter, the base flexibility is idealized as a single-degree-of-freedom rotational flexibility. In reality, 

connection details (e.g., reinforcement attachments to the embedment, thickness of embedded base plates etc.,) 

may influence other aspects of connection boundary condition such as warping restraint or translational flexi-

bility. Finally, the analyses conducted in this study only examine the effect of in-plane loading, whereas first 

story columns in MRFs (even in planar frames) are often subjected to biaxial bending under multidirectional 

earthquake shaking. However, this limitation persists even in current simulation practice with fixed bases, 

wherein frames are seldom modeled in three dimensions. Future research is required to explore these limita-

tions more fully. Notwithstanding these limitations, this study provides compelling evidence that if incorpo-

rated appropriately within current assessment techniques for performance-based design (FEMA 2009), simu-

lation of the effects of column base connection flexibility offers significant potential benefits in terms of steel 

frame building performance. 
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 Seismic stability of steel columns in-

teracting with embedded column bases while ex-

hibiting inelastic deformations 

 

3.1 Introduction 

Recent earthquakes from around the world have demonstrated that while the probability of structural collapse 

is fairly low for code-conforming buildings, these are likely to experience residual deformations in the after-

math of earthquakes (Ramirez and Miranda 2012). These deformations often control decisions regarding build-

ing demolition. Steel frame buildings with moment-resisting frames (MRFs) are prone to residual story drifts 

due to their susceptibility to P-Delta effects (Elkady and Lignos 2015b; Gupta and Krawinkler 1998; Hwang 

and Lignos 2017). 

Another source of residual deformations is that occurring in members within a lateral load resisting system 

during an earthquake. For instance, reinforced concrete beams in MRFs may experience elongations during an 

earthquake (Fenwick and Megget 1993; Henry et al. 2017). Albeit this is not a concern for steel girders in steel 

MRFs due to the framing action and the slab restraint (El Jisr et al. 2020; FEMA 2000), axial shortening in 

steel columns attributable to local buckling is a critical limit state from a repairability standpoint (Cravero et 

al. 2020). Particularly, full-scale experiments on ideally fixed first story steel MRF wide flange columns under 

multi-axial cyclic loading suggest that local and/or global nonlinear geometric instabilities often act synergis-

tically and could cause cyclic degradation in flexural strength and stiffness of wide-flange steel columns as 

part of steel MRFs. Residual axial shortening of steel MRF columns (Elkady and Lignos 2018a; Ozkula et al. 

2017; Suzuki and Lignos 2021) is a consequence of the above nonlinear geometric instability modes. Elkady 

et al. (2020) incorporated column residual axial shortening in building-specific loss estimation of steel MRFs. 

They demonstrated that this damage state may be a controlling decision in building demolition especially when 

ground motion duration is an important seismic hazard characteristic. The final extent of column residual axial 

shortening depends on the performance of column base connections, which may either be exposed or embed-

ded. Within such a context, the emphasis of this chapter is on embedded column bases (ECBs) and their non-

linear interaction with wide flange steel MRF columns. 

Field reconnaissance from past earthquakes (Clifton et al. 2011; MacRae et al. 2015; Okazaki et al. 2013; 

Saatcioglu et al. 2013; Tremblay et al. 1996) as well as full-scale collapse experiments on actual steel frame 
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buildings (DPRI 2017; Kubota et al. 2018; Lignos et al. 2013) indicate that column bases could often exhibit 

inelastic behavior during an earthquake. The inherent flexibility of conventional ECBs along with uninten-

tional cracking of the reinforced concrete (RC) footing ease the deformation demand of the steel column, 

thereby enhancing the ECB connection ductility. However, conventional ECBs are not designed to exhibit 

inelastic deformations (AIJ 2012; AISC 2012, 2016a; CEN 2005a). 

In this chapter, we investigate the effect of the nonlinear interaction of ECBs with steel columns by means of 

numerical simulations. Unlike end columns, the axial load demands in interior steel MRF columns remain 

constant throughout the earthquake history. The expected column axial shortening is usually much larger in 

this case due to the cross-sectional neutral axis shifting each time that the lateral drift changes directions during 

the earthquake shaking. The intent is to comprehend the benefits in terms of the overall ECB connection hys-

teretic performance when the inelastic deformation within the connection is balanced between the steel column 

and the RC footing. 

The chapter begins with a literature review on the overall behavior and characteristic failure modes of conven-

tional ECB connections in which the inelastic deformations mostly concentrate within the RC footing. A mixed 

dimension finite element model is then developed and validated to further explore the nonlinear interaction 

between the RC footing and the steel column. Finally, parametric continuum finite element (CFE) simulations 

of interior ECB connections under monotonic and cyclic loading are performed. The simulation matrix entails 

several important parameters that may influence the inelastic behavior of ECB connections including their 

peak flexural strength, the plastic deformation capacity, the axial load demand and the steel column cross-

sectional characteristics. 

 

3.2 Inelastic hysteretic response of embedded column base connections  

Grilli et al. (2017) tested five full-scale ECB connections where inelastic deformations concentrated within the 

RC footing. Figure 3.1a illustrates the test specimen configuration, which featured a cantilever column. Steel 

columns were designed to remain elastic. The test results suggest that the peak flexural strength, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , of 

ECB connections is determined by the ultimate bearing stress of the concrete surrounding the embedded steel 

column portion regardless of the cross-sectional characteristics, the axial load demand (tensile or compressive) 

and the column embedment depth, 𝑑𝑒𝑚𝑏𝑒𝑑. This failure mode is consistent with that assumed in current design 

standards (AIJ 2012; AISC 2012, 2016a). When concrete cracks, ECB connections exhibit pinching in their 

moment-column drift ratio hysteretic response. Unloading stiffness deterioration is common. Figure 3.1b de-

picts the typical hysteretic behavior of ECB connections in terms of base moment versus column drift ratio. 

The column drift ratio is defined in Fig. 3.1a. While the hysteretic response of ECB connections is dominated 

by pinching, flexural strength deterioration is not evident even at relatively large inelastic lateral drift demands 



Chapter 3: Seismic stability of steel columns interacting with embedded column bases while exhibiting inelastic deformations 

53 

(i.e., 4 % rads). These observations are useful for the development of a mixed modeling approach to study the 

nonlinear interaction of steel columns embedded into RC footings under monotonic and cyclic loading. 

 

 

  

(a) (b) 

Figure 3.1 Hysteretic response of embedded column base connections; (a) schematic illustration of force-

deformation parameters; (b) typical base moment - column drift ratio relation [test data from Grilli et al. 

(2017)]. 

 

3.3 Development and validation of finite element model 

In order to investigate the cyclic behavior of wide flange steel columns embedded into RC foundations a mixed 

dimension finite element model is developed in the commercial software ABAQUS (version 6.14-1) 

(ABAQUS 2014). Figure 3.2 illustrates a schematic representation of this model. In brief, the steel column is 

modeled with continuum shell elements, while the ECB inelastic behavior is lumped into a rotational zero 

length element as shown in Fig. 3.2. The following sections discuss key features of the mixed dimension CFE 

model along with its validation with physical test data. 

 

3.3.1 Steel column modeling 

The steel column modeling approach is consistent with the approach of Chapter 2. In brief, the steel column is 

modeled with four-node quadrilateral shell elements with reduced integration (S4R in ABAQUS). The steel 

material nonlinearity is captured with the Voce-Chaboche nonlinear multiaxial plasticity law that captures the 

combined nonlinear kinematic/isotropic hardening of typical structural steels under cyclic loading (Armstrong 

and Frederick 1966; Chaboche et al. 1979; Voce 1948). The assumed input material model parameters are 
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based on prior work by de Castro e Sousa et al. (2020). Residual stresses due to hot rolling are considered 

according to Young (1971). The amplitude and shape of initial geometric imperfections to properly trigger 

local and/or lateral torsional buckling over the column length are considered according to the modeling proce-

dures by Elkady and Lignos (2018b). The CFE model of ideally fixed wide-flange steel columns (i.e., RC 

footing is neglected) was validated with available physical test data of wide flange steel columns (Elkady and 

Lignos 2018b; Inamasu et al. 2019). 

 

 

Figure 3.2 Schematic illustration of embedded column base connection model. 

 

A representative validation for the ideally fixed case is shown herein based on available test data by Elkady 

and Lignos (2018a). The cross section of the column is W24x146. The column was 3.9 m long and was sub-

jected to symmetric uniaxial lateral cyclic loading combined with a constant compressive axial load equal to 

20 % of the expected axial yield strength of the column. The column bottom was fixed, whereas the column 

top boundary condition considered the in-plane elastic flexibility of a fully restrained beam-to-column con-

nection. Figure 3.3 shows a comparison of the simulated and measured results in terms of base moment versus 

column drift ratio and column axial shortening versus column drift ratio relations. The column drift ratio is 

defined as the column top lateral displacement over the actual column height (i.e., 𝐿 − 𝛿𝑣, where 𝐿 is the orig-

inal column length and 𝛿𝑣 is the vertical column axial shortening measured from the top end, if any). The 

comparison suggests that the CFE model is able to reproduce the moment - rotation relation as well as column 

axial shortening of the ideally fixed column. 
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(a) (b) 

Figure 3.3 Comparisons of simulated and measured results for ideally fixed end steel columns [test data from 

Elkady and Lignos (2018a)]. 

 

3.3.2 Modeling of inelastic embedded column base 

In Section 3.2 we demonstrated that the inelastic deformation of the RC foundation is insensitive to the axial 

load demand (Grilli et al. 2017). This is because the inelastic behavior of ECBs is mostly dominated by con-

crete bearing as intended by current seismic standards (AIJ 2012; AISC 2012, 2016a). Therefore, a lumped 

plasticity approach is deemed reasonable to represent the inelastic behavior of the footing in an effort to study 

how potential variations of the inelastic behavior of ECB connections could impact the steel column behavior. 

This is conditioned on the fact that code-conforming ECBs are not likely to exhibit other failure modes, such 

as uplift of the cone of the concrete; edge shear failure of the concrete; and yielding of the reinforcement bars, 

which have been observed in seminal experimental work of ECB connections (Akiyama et al. 1984; Morita et 

al. 1985; Tsujioka et al. 1989; Witry and Schleich 1995). 

Within such a context, Fig. 3.4 illustrates the idealized moment - rotation relation of the zero length element 

that represents the typical hysteretic behavior of an ECB. The proposed hysteretic rule features a trilinear 

backbone curve, which does not deteriorate in flexural strength under cyclic loading (see Section 3.2). The 

peak flexural strength of the ECB, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , which corresponds to the concrete bearing failure ahead of the com-

pression flange of the column, may be estimated by available design equations (AIJ 2012; AISC 2012, 2016a; 

Grilli and Kanvinde 2017). The ECB exhibits inelastic behavior once the flexural demands exceed the flexural 

strength of the ECB at effective yielding, 𝑀𝑦
𝐸𝐶𝐵 (Grilli et al. 2017). The term ‘effective’ is adopted herein 

because it reflects initial cracking of the footing. Pinching is controlled by two empirical parameters 𝑝𝑥 and 

𝑝𝑦. Similarly with Ibarra et al. (2005), these two parameters define the ratios of the reloading path after each 

unloading while exhibiting pinching in the horizontal and vertical axis, respectively (see Fig. 3.4). Both pa-

rameters range from 0 to 1. The unloading stiffness deterioration observed in physical testing of ECBs (see 

Fig. 3.1) is captured with the energy-based deterioration rule (Rahnama and Krawinkler 1993), which was 
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refined by Lignos and Krawinkler (2011). Particularly, it is assumed that ECBs have a reference hysteretic 

energy dissipation capacity, 𝐸𝑐
𝐸𝐶𝐵, which is conditioned on the assumed failure mode, and may be computed 

as follows, 

𝐸𝑐
𝐸𝐶𝐵 = 𝜆𝐸𝐶𝐵𝜃𝑝

𝐸𝐶𝐵𝑀𝑦
𝐸𝐶𝐵 (3.1) 

in which, 𝜆𝐸𝐶𝐵 is the reference cumulative rotation capacity, and 𝜃𝑝
𝐸𝐶𝐵 is the plastic rotation prior to flexural 

strength stabilization of the ECB. Referring to Fig. 3.4, 𝜃𝑦
𝐸𝐶𝐵 and 𝜃𝑚𝑎𝑥

𝐸𝐶𝐵  are the rotations at effective yield and 

peak flexural strengths of the ECB, respectively. 

The unloading stiffness of the ECB at excursion, i, 𝐾𝑖
𝐸𝐶𝐵, is computed according to Eq. 3.2. It depends on the 

total dissipated energy, 𝛴𝐸𝑖
𝐸𝐶𝐵, up to the loading excursion, i, the reference hysteretic energy dissipation ca-

pacity, 𝐸𝑐
𝐸𝐶𝐵, and the initial elastic stiffness, 𝐾𝑒

𝐸𝐶𝐵, of the ECB, 

𝐾𝑖
𝐸𝐶𝐵 = (1 −

𝛴𝐸𝑖
𝐸𝐶𝐵

𝐸𝑐
𝐸𝐶𝐵 ) 𝐾𝑒

𝐸𝐶𝐵 (3.2) 

 

 

Figure 3.4 Proposed hysteretic model for embedded column bases. 

 

The idealized hysteretic model is calibrated to available ECB connection experiments, which are all summa-

rized in Table 3.1. The primary failure mode in the collected experiments was crushing due to horizontal 

column bearing to concrete. The column cross-sectional depth, 𝑑, varies from 125 to 566 mm while the width 
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of the concrete footing ranges from 300 to 1830 mm. The embedment depth ratios, 𝑑𝑒𝑚𝑏𝑒𝑑/𝑑  range from 0.5 

to 1.7. 

The calibrated parameters 𝜆𝐸𝐶𝐵,  𝜃𝑝
𝐸𝐶𝐵, 𝑝𝑥, and 𝑝𝑦 are summarized in Table 3.1 per test. The mean values of 

𝜃𝑝
𝐸𝐶𝐵 and 𝜆𝐸𝐶𝐵 are 1.5 % rad and 16.8, respectively. Similarly, the corresponding standard deviations, are 

0.57 % rad and 6.1 for 𝜃𝑝
𝐸𝐶𝐵 and 𝜆𝐸𝐶𝐵, respectively.  Pinching parameters, 𝑝𝑥 and 𝑝𝑦, are calibrated by putting 

more emphasis on matching the response of loading cycles at column drift ratios, which are associated with 

incipient collapse of steel MRFs (i.e., ≥ 4 % rad). 

 

Table 3.1 Embedded column base experiments and calibrated parameters of the empirical hysteretic model. 

Reference ID 

Column cross 

section (mm) 

(𝑑 × 𝑏𝑓 

× 𝑡𝑤 × 𝑡𝑓)*1 

𝑑𝑒𝑚𝑏𝑒𝑑

/𝑑 

Foundation 

size (mm) 

(𝑏𝑤 × ℎ𝑓 

× 𝑙𝑓) *2 

𝜃𝑝
𝐸𝐶𝐵 

(% rad) 

𝜆𝐸𝐶𝐵 𝑝𝑥 𝑝𝑦 

Washio et al. (1978a)  POSALI 
125×125 

×7×9 
1.0 

300×500 

×1300 
1.52 19.4 0.6 0.05 

Washio et al. (1978a) POSAHI 
125×125 

×7×9 
1.0 

300×500 

×1300 
2.55 19.6 0.7 0.05 

Washio et al. (1978a) POTALI 
125×125 

×7×9 
1.0 

300×500 

×1300 
1.58 13.2 0.6 0.05 

Minami et al. (1982)  LA20 
200×100 

×5.5×8 
1.0 

400×600 

×1600 
1.10 22.8 0.6 0.05 

Minami et al. (1982) LA10 
200×100 

×5.5×8 
0.5 

400×600 

×1600 
1.20 21.6 0.7 0.05 

Takeda and Takahashi 

(1982) 
S2NO  

250×100 

×9×19 
1.0 

1000×600 

×2800 
2.45 14.8 0.7 0.05 

Akiyama et al. (1984) ES-C 
200×200 

×8×12 
1.1 

410×800 

×2750 
1.39 12.3 0.6 0.05 

Grilli et al. (2017) #1 
455×418 

×42×68 
1.1 

1830×1092 

×3650 
1.86 1.97 0.8 0.05 

Grilli et al. (2017) #2 
566×305 

×39×70 
0.9 

1830×1092 

×3650 
0.55 14.4 0.6 0.05 

Grilli et al. (2017) #3 
455×418 

×42×68 
1.7 

1830×840 

×3650 
1.25 20.9 0.8 0.05 

Grilli et al. (2017) #4 
455×418 

×42×68 
1.7 

1830×840 

×3650 
1.03 24.3 0.8 0.05 

*1 𝑑, 𝑏𝑓, 𝑡𝑤, and 𝑡𝑓 denote the depth, width, web thickness, and flange thickness of the column, respectively. 
*2 𝑏𝑤, ℎ𝑓 and 𝑙𝑓denote the width, height, and length of concrete foundation, respectively. 

 

Figure 3.5 shows comparisons between the simulated and measured responses from available experiments 

(Grilli et al. 2017; Takeda and Takahashi 1982). The peak flexural strength, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵  and initial stiffness, 𝐾𝑒

𝐸𝐶𝐵, 

of the ECB connection are based on the actual test measurements. The 𝑀𝑦
𝐸𝐶𝐵 is assumed to be equal to 
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0.70𝑀𝑚𝑎𝑥
𝐸𝐶𝐵  according to recommendations by Grilli and Kanvinde (2017). The rest of the model parameters 

are shown in Table 3.1. The empirically developed model was implemented as a user-defined element in the 

commercial finite element software ABAQUS (Version 6.14–1). The source code is publicly available in 

GitHub (https://github.com/RESSLab-Team/Embedded_Column_Base_Model_Abaqus_UEL). 

While local deformations of the base plate and the concrete footings cannot be disaggregated with the lumped 

plasticity approach, the nonlinear interaction between the column and the ECB can still be investigated with 

the proposed mixed dimension finite element model. 

 

   

(a) Specimen #4 from Grilli et al. (2017) (b) Specimen S2NO from Takeda and Takahashi (1982)  

Figure 3.5 Comparison of simulated and measured hysteretic response of embedded column base connec-

tions. 

 

3.4 Parametric finite element matrix 

A parametric study was conducted to comprehend the monotonic and cyclic response of typical first story 

interior steel MRF columns featuring ECBs, which are designed to exhibit controlled inelastic behavior (i.e., 

termed balanced design hereinafter). Comparisons are established with conventional bases, which are designed 

according to the strong-base/weak-column design philosophy. The CFE model was refined according to the 

procedures described in Inamasu et al. (2019) to incorporate the in-plane flexibility of typical beam-to-column 

connections, and the out-of-plane and torsional flexibilities at the top end of the steel column. The torque force 

demands due to the eccentricity caused by local buckling within the dissipative zone of beam-to-column con-

nections (Chi and Uang 2002; Zhang and Ricles 2006a) were also considered. 

Table 3.2 summarizes the investigated geometric and loading parameters within the virtual test matrix. In 

particular, the examined column length covers typical steel MRF story heights (i.e., 3 to 6 m). Figure 3.6 

depicts the variation of web local slenderness ratio, ℎ/𝑡𝑤, with respect to the flange local slenderness ratio, 

https://github.com/RESSLab-Team/Embedded_Column_Base_Model_Abaqus_UEL
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𝑏𝑓/2𝑡𝑓 of the five considered cross sections. These are all within the limits of highly ductile cross sections as 

per AISC 341-16 (AISC 2016a). The axial load ratio, 𝑃/𝑃𝑦  represents the gravity-induced axial load ratio of 

interior steel MRF columns [i.e., 𝑃𝑦 = 𝑅𝑦𝑓𝑦,𝑛𝐴;𝑅𝑦 is the ratio of the expected yield stress to the specified 

minimum yield stress (for A992 Gr. 50 steel, 𝑅𝑦 = 1.1); 𝑓𝑦,𝑛 is the specified minimum yield stress, and 𝐴 is 

the cross-sectional area of the column]. The assumed ratios are deemed to be rational for low- to high-rise 

modern steel MRFs designed in seismic regions (Elkady and Lignos 2015b; NIST 2010; Suzuki and Lignos 

2020a). Owing to the emerging need for data that characterize the monotonic behavior of structural compo-

nents at large deformations (Hamburger et al. 2016; Krawinkler 2009; Suzuki and Lignos 2020a), a monotonic 

lateral load was considered in addition to a standard symmetric lateral loading history (Clark et al. 1997). 

 

 

Figure 3.6 Selected steel column cross sections for the parametric finite element study. 

 

With regard to the ECB, two model variants are considered. In the first one, the ECB’s flexural strength at 

peak, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , is assumed to be 10 % larger than that of the steel column under monotonic (𝑀𝑚𝑎𝑥

𝑐𝑜𝑙 ) or cyclic 

loading (𝑀𝑚𝑎𝑥
∗𝑐𝑜𝑙 ), whichever is applicable. Moreover, the flexural strength of the ECB at effective yield is as-

sumed to be 60 % of 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵  (Inamasu et al. 2021b). The second model variant represents elastic ECBs. Inelastic 

deformations are expected to solely concentrate in the steel column in this case. 

Two values are considered for the elastic stiffness of the ECB. The first one, represents the “actual” stiffness 

of embedded bases when columns are in contraflexure (Inamasu et al. 2019). In the second one, the ECB 

flexibility is 50 % of the actual one to explore the behavior of partially fixed bases. Referring to Table 3.2, 

three different plastic rotations, 𝜃𝑝
𝐸𝐶𝐵, of the ECB are considered. The value of 𝜃𝑝

𝐸𝐶𝐵 = 1.5 % rad represents 

the base case. The assumed reference cumulative rotation capacity of the ECB, 𝜆𝐸𝐶𝐵, is 15 (see Section 3.3.2). 

Accordingly, 𝑝𝑥 = 0.2 and 𝑝𝑦 = 0.05.   
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Table 3.2 Simulation matrix (total 1080 cases). 

Geometric and Loading Parameters Analyzed Cases 

Column 

Length, 𝐿 3 cases (3.0, 4.5, and 6.0 m) 

Axial load ratio, 𝑃/𝑃𝑦 3 cases (5, 20, and 35 %) 

Cross section 5 cases (see Fig. 3.6) 

ECB 

Flexural strength at peak, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵  2 cases [1.1 × (𝑀𝑚𝑎𝑥

𝑐𝑜𝑙 , 𝑀𝑚𝑎𝑥
∗𝑐𝑜𝑙 ) , and ∞] 

Elastic stiffness, 𝐾𝑒
𝐸𝐶𝐵 2 cases (actual and 50 % actual) 

Plastic rotation, 𝜃𝑝
𝐸𝐶𝐵 3 cases (1.0, 1.5, and 2.0 % rad) 

Lateral loading protocol 2 cases (monotonic and symmetric cyclic) 
 

3.5 Finite-element simulation results and discussion 

3.5.1 General observations of physical response 

This section presents key observations of the influence of the inelastic behavior of the ECB on the steel column 

stability under cyclic loading. The discussion is facilitated by comparisons of the elastic ECB case (i.e., 

𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 = ∞) and a representative inelastic ECB case (𝑀𝑚𝑎𝑥

𝐸𝐶𝐵 /𝑀𝑚𝑎𝑥
(∗)𝐶𝑜𝑙

= 1.1 , 𝜃𝑝
𝐸𝐶𝐵 = 2.0 % rad) for a 4.5 m 

long W24x146 column subjected to 𝑃/𝑃𝑦= 20 %. The actual stiffness of the ECB, 𝐾𝑒
𝐸𝐶𝐵, is considered in both 

cases. 

Figures 3.7a and b show the base moment - column drift ratio relations and the ECB moment (= base moment) 

- ECB rotation relations, respectively. The ECB rotation is extracted from the zero length element. Referring 

to Fig. 3.7a, in the inelastic ECB case, since 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵  is larger than 𝑀𝑚𝑎𝑥

(∗)𝐶𝑜𝑙
, the inelastic deformations are not 

concentrated within the ECB. Although there is minor slip, the hysteretic response of ECB connection is fairly 

similar to that of the conventional elastic ECB connection. Because inelastic deformations are balanced be-

tween the steel column and the ECB, the formation of steel column local buckling initiates during the first 

excursion of 4.0 % rad cycles, while it occurred during the 2.0 % rad drift cycle for the elastic ECB. Figure 

3.7b depicts the ECB moment versus ECB rotation relation, which suggests a fairly controlled inelastic re-

sponse. The extent of inelastic deformation in the ECB is more pronounced when the 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 /𝑀𝑚𝑎𝑥

𝐶𝑜𝑙  ratio is 

closer to unity. As 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 /𝑀𝑚𝑎𝑥

𝐶𝑜𝑙  ratio increases, the response of the ECB connection attains that of the elastic 

ECB case. 

Figure 3.7c shows comparisons of the deformed shape at the second cycle of the 3 % rad drift cycle. In the 

inelastic ECB case, the column axial shortening is fairly negligible because local buckling near the steel col-

umn base is fairly minimal. This is shown quantitatively in the axial shortening versus column drift relation in 

Fig. 3.8a. At a lateral drift ratio of 4.0 % rad, axial shortening is reduced by more than 50 % compared to the 

elastic case. 
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(a) 

   

(b) 

Figure 3.7 Effect of the inelastic behavior of the embedded column base on (a) base moment-column drift 

relation and ECB moment-ECB rotation relation; and (b) deformed shape at second cycle of 3 % rad column 

drift amplitude in representative case (W24x146, L = 4500 mm, 𝑃/𝑃𝑦 = 20 %, 𝐾𝑒
𝐸𝐶𝐵: actual, 𝜃𝑝

𝐸𝐶𝐵 = 2.0 % 

rad, and 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 = 1.1𝑀𝑚𝑎𝑥

(∗)𝐶𝑜𝑙
or ∞) under cyclic loading (grayscale gradation indicates cumulative equivalent 

plastic rotation). 

 

Referring to Fig. 3.8b, the total rotation of the ECB connection is decomposed into the individual deformation 

components. The ECB rotation is extracted from the zero length element representing the ECB, while the 

column rotation refers to the rotation due to the lateral deformation of the column over its entire length. The 

figure suggests that the plastic deformation demands of the steel column are reduced when the ECB exhibits 

inelastic behavior under cyclic loading. This delays the formation of column local buckling. 
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(a) 

   

(b) 

Figure 3.8 Effect of the inelastic behavior of the embedded column base on (a) axial shortening - column 

drift relation; (b) contributions of individual deformation components to column drift (left: Elastic ECB; 

right: Inelastic ECB) in a representative case (W24x146, L = 4500 mm, 𝑃/𝑃𝑦 = 20 %, 𝐾𝑒
𝐸𝐶𝐵: actual, 𝜃𝑝

𝐸𝐶𝐵 = 

2.0 % rad, and 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 = 1.1𝑀𝑚𝑎𝑥

(∗)𝐶𝑜𝑙
or ∞) under cyclic loading. 

 

Past research (Elkady and Lignos 2018b; MacRae et al. 1990) suggests that column axial shortening can be 

expressed as a function of the cumulative plastic rotation of the column, the gravity-induced axial load ratio, 

and the web local slenderness ratio. To further assess the column axial shortening, the plastic rotation of the 

steel column is computed by subtracting the ECB rotation as well as the elastic deformation of the steel column, 

R, from the total column drift ratio. The elastic deformation of the steel column may be expressed as follows, 

𝑅 =
2𝑀𝑏𝑎𝑠𝑒 − 𝑀𝑡𝑜𝑝

6𝐸𝐼/𝐿
+

𝑉

𝐺𝐴𝑣
 (3.3) 

in which, the first term in Eq. 3.3 represents the flexural deformation of the column (𝑀𝑡𝑜𝑝 is the moment 

reaction at the column top), whereas the second term represents the shear deformation of the column (𝑉 is the 

shear force of the column, 𝐴𝑣 is the shear area of the column along the cross-sectional strong axis, and 𝐺 is the 
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shear modulus of the steel material). Both 𝑀𝑏𝑎𝑠𝑒 and 𝑀𝑡𝑜𝑝 are considered positive for clockwise rotations. 

Figure 3.9 compares the base moment - column plastic rotation relations. 

 

 

Figure 3.9 Base moment - column plastic rotation relations under cyclic loading (W24x146, L = 4500 mm, 

𝑃/𝑃𝑦 = 20 %, 𝐾𝑒
𝐸𝐶𝐵: actual, 𝜃𝑝

𝐸𝐶𝐵 = 2.0 % rad, and 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 = 1.1𝑀𝑚𝑎𝑥

(∗)𝐶𝑜𝑙
or ∞). 

 

Figure 3.10a depicts the cumulative plastic rotation versus column drift ratio relation at the bottom end of the 

steel column. In the inelastic ECB case, the cumulative plastic rotation of the steel column is smaller than that 

of its elastic counterpart regardless of the lateral drift amplitude. For instance, at a lateral drift demand of 4.0 % 

rad, the cumulative plastic rotation is reduced by nearly 50 % because of the inelastic contribution of the ECB 

to the overall behavior of the ECB connection. Referring to Fig. 3.10b, the axial shortening - cumulative plastic 

rotation relations are compared. From this figure, the hypothesis that regardless of the ECB connection behav-

ior, the amount of column axial shortening can be expressed as a function of the cumulative plastic rotation of 

a steel column given the gravity-induced axial load ratio is substantiated. 

The general consensus from the results presented earlier is that the inelastic contribution of the ECB reduces 

the potential for column axial shortening under reversed cyclic loading. Practically speaking, this may be chal-

lenging to achieve due to cracking of the RC foundation. However, the finding is still informative considering 

that alternative ways to dissipate the seismic energy within the foundation may be developed; thus, enabling a 

more desirable seismic performance for ECB connections than that based on the current design paradigm. 
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(a) 

 

(b)  

Figure 3.10 Results evaluation by the cumulative plastic bottom hinge rotation (W24x146, L = 4500 mm, 

P/Py = 20 %, 𝐾𝑒
𝐸𝐶𝐵 = ‘Actual’, 𝜃𝑝

𝐸𝐶𝐵 = 2.0 % rad, and 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 = 1.1𝑀𝑚𝑎𝑥

(∗)𝐶𝑜𝑙
or ∞) under cyclic loading: (a) cu-

mulative plastic rotation – column drift ratio and (b) axial shortening – cumulative plastic rotation relations. 

 

3.5.2 Effect of balanced ECB design on base moment – column drift ratio response 

Key performance indicators are extracted from the base moment - column drift ratio relations for each one of 

the analyzed cases discussed earlier. Figure 3.11 illustrates these quantities for monotonic and cyclic loading. 

The star symbol (*) denotes the quantity for the cyclic envelope while the one without the star refers to the 

monotonic envelope. These quantities are as follows: (1) the peak flexural strength, 𝑀𝑚𝑎𝑥 (𝑀𝑚𝑎𝑥
∗ ); (2) the 

column drift ratio at the peak strength, 𝜃𝑚𝑎𝑥 (𝜃𝑚𝑎𝑥
∗ ); (3) the column drift ratio corresponding to 80 % of the 

peak flexural strength of the ECB connection, 𝜃80%𝑀𝑚𝑎𝑥 (𝜃80%𝑀𝑚𝑎𝑥
∗ ); and (4) the post-peak plastic defor-

mation of the ECB connection, 𝜃𝑝𝑐 (𝜃𝑝𝑐
∗ ). 

 

   

(a) (b) (c) 

Figure 3.11 Schematic representation of primary column performance indicators. 

Envelope
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Figures 3.12 and 3.13 depict the monotonic and first cycle envelope curves, respectively, for ECB connections 

with steel columns featuring three different cross sections with nearly the same flange slenderness ratios but 

fairly different web slenderness ratios (see Fig. 3.6). Three model variants are considered. The first one as-

sumes an elastic ECB, whereas the other two assume inelastic ECBs with  𝜃𝑝
𝐸𝐶𝐵 = 1.0 % and 2.0 %rads. The 

results correspond to 𝑃/𝑃𝑦 = 20 %. The following observations are made: 

 Referring to Fig. 3.12, the monotonic response of ECB connections was not practically influenced by the 

ECB’s inelastic behavior. Conversely, under cyclic loading (see Fig. 3.13), the lateral drift, 𝜃𝑚𝑎𝑥
∗  corre-

sponding to the peak base moment generally increased when ECBs exhibited inelastic behavior particu-

larly for ECB connections featuring deep and slender column cross sections, (i.e., ℎ/𝑡𝑤 > 20). This is 

because the onset of local buckling near the fixed end of the steel columns was delayed compared to the 

elastic ECB case. Specifically, Fig. 3.13a suggests that this benefit is negligible in columns with stocky 

cross sections (e.g., W14x221, ℎ/𝑡𝑤 = 12) because local buckling does not occur prior to 6 % rads (New-

ell and Uang 2008). 

 Referring to Figs. 3.12b and 3.12c the peak flexural strength of ECB connections was primarily controlled 

by inelastic lateral torsional buckling of the steel column which was accelerated by the torque force de-

mand. This is indicated by the mild flexural strength drop after 4 % rads. While ECBs exhibited nonlinear 

response, this did not practically increase the drift 𝜃𝑚𝑎𝑥; hence, the nonlinear behavior of steel columns 

was not dominated by local buckling. Instead, the predominant instability mode of the columns was lateral 

torsional buckling once the torsional fixity at the column ends was compromised due to flexural yielding. 

This finding substantiates observations from recent full-scale experiments on wide flange steel beam-

columns with member slenderness ratios, 𝐿𝑏/𝑟𝑦, larger than 70 (Ozkula et al. 2017). Same findings hold 

true for the 𝜃𝑝𝑐values of ECB connections under monotonic loading. 

 Referring to Figs. 3.12 and 3.13, both 𝑀𝑚𝑎𝑥
(∗)

, and 𝜃𝑝𝑐
(∗)

, are fairly insensitive to the ECB design (i.e., elastic 

or balanced) regardless of the cross-sectional geometric characteristics of the steel column. This implies 

that the ultimate failure mode of the ECB connection, which is insensitive to the ECB design, is controlled 

by either local buckling (Figs. 3.13b and c) and/or lateral torsional buckling [Figs. 3.12(b and c)] of the 

steel column. However, the effect of balanced ECB design was most pronounced for ECB connections 

featuring slender column cross sections (i.e., W36x194). 

 Referring to Fig. 3.13, when the base moment reached 𝑀𝑚𝑎𝑥
∗𝐶𝑜𝑙, the ECB reached an rotation of about 𝜃𝑚𝑎𝑥

𝐸𝐶𝐵 . 

Therefore, ECBs possessing larger 𝜃𝑝
𝐸𝐶𝐵values generally provide a greater increase in 𝜃𝑚𝑎𝑥

∗  due to the 

delay of cross-sectional local buckling in the steel column. 

 Figure 3.14a plots the deformation capacity of ECB connections, normalized by the corresponding values 

for the elastic ECB cases (𝜃80%𝑀𝑚𝑎𝑥
∗ /𝜃80%𝑀𝑚𝑎𝑥,𝑒𝑙𝑎𝑠𝑡𝑖𝑐

∗ ) versus ℎ/𝑡𝑤 for 4500 mm long fixed end steel 
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columns (i.e., 𝐾𝑒
𝐸𝐶𝐵  = ‘actual’). The 𝜃80%𝑀𝑚𝑎𝑥

∗  is used in seismic assessment guidelines for existing 

structures (ASCE 2017; CEN 2005c). The plot corresponds to P/Py = 20 %, however the observations are 

generalizable to the other axial load cases that were investigated. The deformation capacity at 80 % 𝑀𝑚𝑎𝑥 

generally increased while ECBs exhibited inelastic rotations. Particularly, ECB connections featuring col-

umns with slender cross sections (i.e., W36x194, ℎ/𝑡𝑤 = 42); 𝜃80%𝑀𝑚𝑎𝑥
∗  increased at least by 1.4 to 1.8 

times relative to the elastic ECB case depending on the assumed plastic rotation of the ECB. Interestingly, 

while ECB connections with elastic bases do not generally meet the 4 % rad drift capacity requirements 

according to AISC (2016a), those exhibiting inelastic behavior did. 

 Fig. 3.14b suggests that increasing the column length from 3 to 6 m does not practically influence the 

deformation capacity of dissipative ECB connections. Under cyclic loading, the primary instability mode 

of steel columns, which are seismically compact, was local buckling in all cases, thereby substantiating 

the initial observations from Figs 3.13b and c. 

 The increase in deformation capacity due to the ECB flexibility appears to have a positive trend with 

respect to ℎ/𝑡𝑤, indicating that a greater benefit is obtained for members that are more susceptible to local 

buckling (Fig. 3.14c). This is not surprising, considering that the flexible base condition (i.e., 50 % Actual), 

by itself, limits the column inelastic rotation demands (Inamasu et al. 2019). 

 

 

   

(a) W14x221 (ℎ/𝑡𝑤 = 12) (b) W21x147 (ℎ/𝑡𝑤 = 26) (c) W36x194 (ℎ/𝑡𝑤 = 42) 

Figure 3.12 Effect of balanced ECB designs on monotonic curves (L = 4500 mm, P/Py = 20 %, 𝐾𝑒
𝐸𝐶𝐵 = ‘Ac-

tual’ and monotonic loading). 
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(a) W14x221 (ℎ/𝑡𝑤 = 12) (b) W21x147 (ℎ/𝑡𝑤 = 26) (c) W36x194 (ℎ/𝑡𝑤 = 42) 

Figure 3.13 Effect of 𝜃𝑝
𝐸𝐶𝐵 on first cycle envelope curves (L = 4500 mm, P/Py = 20 %, 𝐾𝑒

𝐸𝐶𝐵 = ‘Actual’). 

 

   

(a) (b) (c) 

Figure 3.14 𝜃80%𝑀𝑚𝑎𝑥
∗ /𝜃80%𝑀𝑚𝑎𝑥,𝑒𝑙𝑎𝑠𝑡𝑖𝑐

∗ versus ℎ/𝑡𝑤 relations: (a) effect of the ECB plastic rotation, 

𝜃𝑝
𝐸𝐶𝐵 (P/Py = 20 %, 𝐾𝑒

𝐸𝐶𝐵 = ‘Actual’, and 𝐿 = 4500 mm); (b) effect of column length (P/Py = 20 %, 𝐾𝑒
𝐸𝐶𝐵 = 

‘Actual’, and 𝜃𝑝
𝐸𝐶𝐵 = 2.0% rad); and (c) effect of elastic stiffness of the ECB (P/Py = 20 %, 𝐿 = 4500 mm, 

and 𝜃𝑝
𝐸𝐶𝐵 = 2.0% rad). 

 

3.5.3 Effect of balanced ECB design on column residual axial shortening 

Figure 3.15a illustrates the column top vertical displacement 𝛿𝑣,𝑠, considering the ECB flexural strength, with 

reference to the undeformed case. Axial shortening, 𝛿𝑎𝑥𝑖𝑎𝑙,𝑠, is computed after subtracting from 𝛿𝑣,𝑠, the ver-

tical displacement of the column corresponding to the rigid body rotation (i.e., pinned case). The discussion is 

based on the axial shortening responses under symmetric cyclic loading at column drift ratios of interest to the 
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engineering profession. Particularly, 𝜃 = 2 % rad which is associated with a design basis earthquake (i.e., 

10 % probability of exceedance over 50 years), and 𝜃 = 4 % rad, which is associated with a maximum con-

sidered earthquake level (i.e., 2 % probability of exceedance over 50 years). The results correspond to columns 

with L = 4500 mm, 𝐾𝑒
𝐸𝐶𝐵 = ‘Actual’ and 𝑃/𝑃𝑦 = 5 % as well as 20 %. The following observations are made: 

 Figures 3.15b and c depict the strong influence of the cross-sectional web local slenderness on 𝛿𝑎𝑥𝑖𝑎𝑙,𝑠  

regardless of the gravity-induced axial load. Particularly, cross sections near the current seismic compact-

ness classification limits as per AISC-341-16 (AISC 2016a) shortened by nearly 20 mm and 120 mm 

when inelastic rotation demands concentrated in steel columns at a reference drift angle of 4 % rads for 

𝑃/𝑃𝑦 = 5 % and 20 %, respectively [see Elastic case, Fig. 3.15b and c]. Conversely, the same cross sec-

tions did not shorten by more than 3 to 25 mm at 4 % rad column drift ratio with a balanced ECB design 

(𝜃𝑝
𝐸𝐶𝐵= 2.0 % rad), Noteworthy stating that residual axial shortening may be a controlling parameter for 

building demolition (Elkady et al. 2020). 

 The CFE simulations suggest that when ECBs exhibit modest inelastic deformations (i.e., 𝜃𝑝
𝐸𝐶𝐵= 1.0 % 

rad) axial shortening is nearly zero in steel columns featuring slender profiles at a reference drift angle of 

2 % rad (see Fig. 3.15c). Interestingly, axial shortening is reduced by at least 50 % relative to the elastic 

ECB case at a reference drift of 4 % rad (see Fig. 3.15c). This reduction is further substantiated when 

𝜃𝑝
𝐸𝐶𝐵= 2.0 % rad. The above findings are not dependent on the compressive axial load demands. 

 

 

   

(a) (b) (c) 

Figure 3.15 Effect of balanced ECB connection design on column axial shortening (L = 4500 mm, 𝐾𝑒
𝐸𝐶𝐵 = 

‘Actual’, Cyclic loading): (a) Definition of column top vertical displacement; (b) P/Py = 5 %; and (c) P/Py = 

20 %. 
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3.6 Summary and conclusions 

This chapter investigated the influence of the inelastic contribution of embedded column bases (ECBs) on the 

hysteretic behavior of first story interior wide flange columns in steel moment-resisting frames (MRFs). A 

mixed dimension continuum finite element (CFE) model was developed for this purpose. The model was thor-

oughly validated with available experiments. Subsequently, a parametric study was conducted with the devel-

oped CFE modeling approach. The parameters that were investigated include, the ECB peak flexural strength, 

the plastic deformation capacities, the elastic stiffness of the ECB, the column length, the axial load demands 

along with column cross sections and lateral loading histories. Each simulation was compared with the refer-

ence response that was obtained from steel columns with elastic ECBs. The latter reflects in theory the current 

code-based design approach (AIJ 2012; AISC 2012). The main findings are summarized as follows: 

 The peak flexural strength of the ECB should be larger than the peak flexural strength of the steel column 

to prevent the concentration of inelastic deformations in ECBs. The influence of the inelastic ECB con-

tribution is most pronounced when the peak flexural strength of the ECB is about 10 % larger than the 

peak flexural strength of the steel column. Embedded column bases exhibiting partial inelastic defor-

mations within the foundation feature enhanced deformation capacities and minimal column axial short-

ening relative to their elastic counterparts. 

 Embedded column base connections featuring slender but seismically compact cross sections exhibited 

an increase of at least 30 % of their plastic deformation capacities relative to the elastic ECB case. This is 

because of the delay in the onset of local buckling near the column base. This finding appears to be in-

sensitive to the column length and the lateral loading history. 

 At 2.0 % rad column drift ratio (i.e., corresponding to a drift amplitude associated with a seismic event 

with a 10 % probability of exceedance over 50 years), slender but seismically compact column cross 

sections with elastic ECBs experienced, on average, 15 mm axial shortening. On the other hand, column 

residual axial shortening was nearly zero when ECBs exhibited inelastic behavior at the same drift ampli-

tude. Furthermore, at 4.0 % column drift ratio (i.e., corresponding to a drift amplitude similar to a seismic 

event with a 2 % probability of exceedance), the residual axial shortening is reduced by 50 % compared 

to the steel column with elastic ECBs. This is attributed to the delay of the local buckling formation and 

its subsequent progression. 

 When the hysteretic energy dissipation is balanced between the steel column and the ECB, the plastic 

deformation due to local buckling of the column bottom end was effectively reduced. At a reference 4.0 % 

column drift ratio, the reduction in the cumulative plastic column hinge rotation was 50 %. 

The potential benefits of controlled inelastic deformations within ECBs should be interpreted with a number 

of limitations in mind. Particularly, the connection detailing inside the footing may influence other observed 
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performance characteristics of interest including the boundary condition near the column base. The zero length 

element that was employed does not capture such characteristics; hence, this study should be complemented 

with experimental work. While in-plane loading was mostly the focus of the present work, steel MRF columns 

often experience biaxial flexural bending coupled with axial load demands during the earthquake shaking. As 

such, further research should examine the performance of inelastic embedded column base connections at the 

system or subsystem level such that critical interactions along with redistribution of forces in adjoining struc-

tural components may be properly taken into consideration. 

While the controlled inelastic behavior within the ECB reduces the steel column demands, this is challenging 

to achieve in practice because the flexural strength of ECBs relies on the ultimate bearing capacity of the 

concrete, which may be fairly variable. However, the simulation study presented herein suggests that the de-

velopment of reliable ways and construction methods to control the ECB strength relative to that of the steel 

column is timely such that the ECB connection itself could become resilient to local buckling-induced short-

ening. 
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4.1 Introduction 

Column base connections in steel moment-resisting frames (MRFs) withstand combinations of axial load, 

flexural and shear demands that are transferred to the foundation system during earthquake loading. While 

exposed column base connections are a standard practice in low-rise steel construction, embedded column 

bases (ECBs) are commonly used to achieve a fixed boundary condition at the lower end of first story steel 

columns in seismic resistant mid- to high-rise steel MRFs. Figure 4.1 schematically illustrates a typical ECB 

detail, indicating its main components, including the steel column. The column is usually welded to a base 

plate that rests on a concrete layer for leveling of the steel column. The embedded portion of the steel column 

is encased by a reinforced concrete (RC) foundation. Face bearing plates are often employed at the top concrete 

layer to transfer axial compression and facilitate the formation of a shear panel. Referring to Fig. 4.1, the 

flexural resistance of non-dissipative ECB connections is provided through horizontal bearing of the column 

flanges as well as vertical bearing of the base plate and the face bearing plates. 

 

 

Figure 4.1 Typical embedded column base connection detail and resisting mechanisms. 

 

In current design practice, it is commonly assumed that the steel column base portion above the RC footing is 

the dissipative element during an earthquake (through the formation of a column plastic hinge), whereas ECB 
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connections themselves are non-dissipative (i.e., assumed to be brittle, and designed to be stronger than the 

attached column). The primary source of guidance for the strength-based design of these connections is the 

AISC Seismic Design Manual (AISC 2012). This follows a strength model, which was originally proposed for 

the design of a steel coupling beam bending within a concrete shear wall (Harries et al. 1993; Mattock and 

Gaafar 1982). Despite of some similarities, this situation has significant differences with respect to ECB con-

nections, including: (1) the absence of axial load in the coupling beam, which is present in the ECB column, 

(2) limited confinement in the thin shear wall, (3) the absence of the base plate, as well as differences in 

reinforcing bar patterns. As a result, the current design approaches are not directly applicable to ECB connec-

tions.  

Moreover, in these as well as other approaches [e.g., AIJ (2012)], it is commonly assumed that the ultimate 

flexural resistance of ECB connections is controlled by concrete bearing failure ahead of the compression 

flange of the column. Recent experiments and simulations (Grilli et al. 2017) suggest that other failure modes 

are active as well – these include pryout of concrete on the tension side of the connection due to the uplift of 

the base plate, as well as cracking or failure in the web panel inside the RC footing, further suggesting that the 

existing design guidance may be inadequate. These experiments also indicate that the behavior of ECB con-

nections originates prior to reaching their assumed ultimate flexural resistance; this is due to gapping between 

the tension flange of the column and the adjacent concrete, as well as nonlinearity of the concrete on the bearing 

side adjacent to the compression flange. This is further corroborated by field observations from recent earth-

quakes (Clifton et al. 2011; MacRae et al. 2015) in which appreciable damage or inelastic behavior is noted in 

ECB connections, that are designed as non-dissipative (i.e., to be stronger than the adjoining column). Collec-

tively, these experimental and field observations suggest that current methods for strength characterization of 

ECB connections may be inadequate, and quite possibly unconservative. 

Similar concerns may also be noted on the demand side. Specifically, ECB connections are usually capacity-

designed to develop the strain hardened capacity of the column – usually, this is determined as 1.1 times the 

expected full-plastic resistance of the column for A992 Gr. 50 (i.e., nominal yield stress, 𝑓𝑦,𝑛 = 345MPa). 

However, research on the inelastic behavior of wide-flange steel columns under multi-axis cyclic loading 

(Cravero et al. 2020; Elkady and Lignos 2018a; b; Ozkula et al. 2017; Suzuki and Lignos 2015) suggests that 

the steel column force demands may be significantly higher than the above estimate. Moreover, the column 

force demands are strongly influenced by (a) the steel material cyclic hardening; (b) the loading conditions 

(i.e., coupled axial load and lateral drift demands); and (c) the cross-sectional slenderness that controls the 

onset of local buckling. However, the influence of the above parameters has not been considered in the seismic 

design process of ECB connections. Finally, although assumed to be fixed, ECB connections exhibit signifi-

cant rotational flexibility (Akiyama et al. 1984; Grilli et al. 2017; Minami et al. 1982; Morita et al. 1985; 

Nakashima and Igarashi 1986, 1987; Takeda and Takahashi 1980, 1982; Tsujioka et al. 1989; Washio et al. 

1978a; a), contributing to as much as 0.4-0.8 % to the first story lateral drift demands. 
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Motivated by these issues, the main objectives of this chapter are to: (1) critically examine the assumptions 

commonly used to design ECB connections, focusing on both capacity and demand assessment, and (2) pro-

vide recommendations for improved design of non-dissipative ECB connections. To achieve these objectives, 

the chapter first reviews the current state-of-the-art in terms of the seismic design of non-dissipative ECB 

connections. This is accomplished by direct comparisons with pertinent experimental data available in the 

literature. Subsequently, the expected seismic demands of typical ECB connections are quantified through 

Continuum Finite Element (CFE) analyses of a virtual test matrix. A validated CFE model is used for this 

purpose. Within the virtual test matrix, several parameters, that may affect the seismic demands of ECB con-

nections, are interrogated. The findings are synthesized into coherent recommendations for the seismic design 

of non-dissipative ECB connections in seismic resistant steel MRFs. 

 

4.2 Review of prevalent strength models in the United States and Japan 

The current AISC provisions (AISC 2016a) and the Design Manual (AISC 2012) adapt the flexural/shear re-

sistance of a steel coupling beam embedded to an RC wall for the seismic design of non-dissipative ECB 

connections. The stress block distributions, which are shown in Fig. 4.2a, are employed for this purpose. Con-

crete bearing controls the design shear resistance of the ECB connection, which may be computed as follows, 

𝑉𝑅𝑑,𝐴𝐼𝑆𝐶
𝐸𝐶𝐵 = 4.04√𝑓𝑐

′ ∙ (
𝑏𝑤

𝑏𝑓
)

0.66

∙ 𝛽1 ∙ 𝑏𝑓 ∙ 𝑑𝑒𝑚𝑏𝑒𝑑 ∙ (
0.58 − 0.22 ∙ 𝛽1

0.88 +
𝐿𝑐

𝑑𝑒𝑚𝑏𝑒𝑑

) (4.1) 

The corresponding flexural resistance of an ECB connection may then be estimated as follows, 

𝑀𝑅𝑑,𝐴𝐼𝑆𝐶
𝐸𝐶𝐵 = 𝑉𝑅𝑑,𝐴𝐼𝑆𝐶

𝐸𝐶𝐵 ∙ 𝐿𝑐 (4.2) 

In Eq. 4.1, 𝑓𝑐 ’ is the specified concrete compressive strength (in MPa); 𝑏𝑤 (in mm) is the width of the concrete 

foundation perpendicular to the plane of bending; 𝑏𝑓 (in mm) is the column flange width; 𝐿𝑐 is the distance 

from the top surface of the RC foundation to the inflection point of the column (in mm); 𝛽1 is a factor relating 

the depth of the equivalent rectangular compressive stress block to the neutral axis depth as defined in ACI 

(2014); and 𝑑𝑒𝑚𝑏𝑒𝑑 is the embedment depth of the steel column. In Eq. 4.1, the term (𝑏𝑤 𝑏𝑓⁄ )
0.66

 accounts for 

the confinement effect of the concrete. Referring to Fig. 4.2a, 𝑓𝑏 is the assumed maximum bearing stress of 

the concrete; 𝑐 is the distance from the concrete top surface to the neutral axis in the assumed stress distribu-

tion; 휀𝑓 and 휀𝑏 are the assumed concrete strain demands at the top and bottom of the embedded portion of the 

column. 
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(a) AISC (2016a) design model 

 

(b) AIJ (2012) design model 

Figure 4.2 Available design models for non-dissipative embedded column base connections. 

 

Grilli and Kanvinde (2017) indicated that Eq. 4.1 does not consider the base plate contribution to the overall 

shear resistance of the ECB connection (see Fig. 4.1). Moreover, the term reflecting the effect of confinement 

on the corresponding bearing stress is unbounded. Accordingly, they introduced two factors, namely 𝑎 and 𝛽 

to account for the base plate contribution to the shear resistance of ECB connections and the concrete confine-

ment, respectively. While the former (see Eq. 4.3) varies with respect to the embedment depth, 𝑑𝑒𝑚𝑏𝑒𝑑, and 

the reference depth, 𝑑𝑟𝑒𝑓 (see Eq. 4.4), the latter is assumed to be constant and equal to 2.0 after following the 

work of Deierlein et al. (1989); and Sheikh et al. (1989). As such, the flexural resistance of a non-dissipative 

ECB connection should be computed as follows, 

𝛼 = 1 −
𝑑𝑒𝑚𝑏𝑒𝑑

𝑑𝑟𝑒𝑓
 (4.3) 

𝑑𝑟𝑒𝑓 =
𝐶

(
𝐸𝑐

4 ∙ 𝐸𝑠 ∙ 𝐼)

1
4

 
(4.4) 

𝑑𝑒𝑓𝑓𝑒𝑐𝑡𝑖𝑣𝑒 = 𝑑𝑟𝑒𝑓 ≤ 𝑑𝑒𝑚𝑏𝑒𝑑 (4.5) 

𝑀𝑅𝑑,𝐺𝑟𝑖𝑙𝑙𝑖
𝐸𝐶𝐵 =

1

1 − 𝛼
[𝛽 ∙ 𝛽1 ∙ 𝑓𝑐

′ ∙ 𝑏𝑗 ∙ {𝑑𝐿 ∙ 𝑑𝑒𝑓𝑓𝑒𝑐𝑡𝑖𝑣𝑒 −
(𝑑𝐿

2 + 𝑑𝑈
2 )

2
}] (4.6) 
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in which, 𝑏𝑗 is equal to (𝑏𝑓 + 𝐵) 2⁄  and accounts for the concrete compression field outside the panel zone (in 

which, 𝐵 is the base plate width as shown in Fig. 4.1); 𝐸𝑠 and 𝐸𝑐 are the Young’s modulus of the steel and 

concrete materials, respectively; 𝐼, is the second moment of inertia of the steel column with respect to the 

direction of lateral loading. In Eq. 4.4, C is an empirical factor, assumed equal to 1.77. Referring to Fig. 4.1, 

the parameters, 𝑑𝐿  and 𝑑𝑈 are the depths of the lower and upper horizontal concrete bearing equivalent rec-

tangular stress blocks, respectively. These may be determined by solving the force (i.e., shear and bending) 

equilibrium equations of the steel column inside the RC footing. Grilli and Kanvinde (2017) proposed that the 

maximum horizontal bearing resistance is determined when 𝑑𝐿 + 𝑑𝑈 reaches 60% of the effective embedment 

depth. 

The AIJ (2012) design provisions rely on the concrete bearing to estimate the flexural resistance of ECB con-

nections. Referring to Fig. 4.2b, depending on the assumed stress distribution, a designer may either estimate 

the flexural resistance at yield or at ultimate (peak) of the respective ECB. The latter may be employed in the 

seismic design process of non-dissipative ECB connections in steel MRFs. This may be estimated as follows, 

𝑀𝑅𝑑,𝐴𝐼𝐽
𝐸𝐶𝐵 = 𝑓𝑐𝑢 ∙ 𝐵𝑐 ∙ 𝐿𝑐 ∙ {√(2𝐿𝑐 + 𝑑𝑒𝑚𝑏𝑒𝑑)2 + 𝑑𝑒𝑚𝑏𝑒𝑑

2  − (2𝐿𝑐 + 𝑑𝑒𝑚𝑏𝑒𝑑)} (4.7) 

in which, 𝑓𝑐𝑢 is the maximum bearing strength, assumed equal to the specified concrete compressive strength 

𝑓𝑐 ’; 𝐵𝑐 is the column width (i.e., equal to 𝑏𝑓 for wide flange cross-sections). In Fig. 4.2b, 𝑥𝑢 is the distance 

from the concrete top surface to the neutral axis in the assumed stress distribution. While hollow structural 

sections are more common in the Japanese steel construction, Eq. 4.7 was originally developed based on ex-

perimental work on ECBs featuring wide flange steel columns (Akiyama et al. 1984; Minami et al. 1982; 

Takeda and Takahashi 1980, 1982; Washio et al. 1978a; b). These represented interior steel MRF columns. In 

exterior column ECB connections, the AIJ (2012) design provisions recommend specification of reinforcing 

bars where horizontal bearing concrete compressive stresses are expected to be large. 

 

4.3 Available experimental data and assessment of current design models 

To assess the efficacy of various capacity design approaches, forty-nine physical experiments on ECB con-

nections featuring interior wide flange steel columns available in the literature were reviewed (Akiyama et al. 

1984; Barnwell 2015; Grilli et al. 2017; Morita et al. 1985; Takeda and Takahashi 1980, 1982; Washio et al. 

1978a; b). In 11 out of these 49 tests, the steel column remained elastic. The peak flexural/shear resistance of 

these ECBs were determined by concrete bearing, which is consistent with the assumed failure mode by the 

two aforementioned design models. However, the final failure mode in some of the available experimental 

data was associated with pryout at large lateral drift demands. Table 4.1 summarizes these tests including their 

key characteristics. Three specimens tested by Grilli et al. (2017) (#1, #2 and #4) were subjected to axial load 
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in addition to lateral cyclic loading. However, the influence of axial load on the ECB response was not found 

to be important (Grilli et al. 2017). 

Figure 4.3 depicts the typical hysteretic behavior of ECB connections from a prior test (i.e., Test #3) of the 

experimental program by Grilli et al. (2017). The figure illustrates the base moment 𝑀𝑏𝑎𝑠𝑒 versus the column 

drift ratio, 𝜃. Several quantities of interest are extracted from this figure – namely, the maximum attained 

moment, 𝑀𝑚𝑎𝑥,𝑝 and 𝑀𝑚𝑎𝑥,𝑛 (positive and negative, respectively), and column drift ratio corresponding to 

𝑀𝑚𝑎𝑥 [= max(|𝑀𝑚𝑎𝑥,𝑝|, |𝑀𝑚𝑎𝑥,𝑛|)], 𝜃𝑚𝑎𝑥; the effective elastic stiffness, 𝐾𝑒, which is defined as the secant 

stiffness using the point when 𝑀𝑏𝑎𝑠𝑒 firstly reaches 𝑀𝑦 = 0.7𝑀𝑚𝑎𝑥; the yield rotation, 𝜃𝑦, defined as the col-

umn drift ratio at 𝑀𝑦, the maximum attained moment of the ECB: 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 = 𝑀𝑚𝑎𝑥; and the yield moment of 

the ECB: 𝑀𝑦
𝐸𝐶𝐵 = 𝑀𝑦. The corresponding rotations of the ECB, 𝜃𝑚𝑎𝑥

𝐸𝐶𝐵 , and, 𝜃𝑦
𝐸𝐶𝐵, are deduced by subtracting 

the elastic deformations due to flexure and shear of the column from 𝜃𝑚𝑎𝑥 and 𝜃𝑦, respectively. The pre-cap-

ping plastic rotation of the ECB, 𝜃𝑝
𝐸𝐶𝐵 is defined as the difference between 𝜃𝑚𝑎𝑥

𝐸𝐶𝐵  and 𝜃𝑦
𝐸𝐶𝐵.  

 

Table 4.1 Experiments on ECB connections. 

Reference ID 

Column cross 
section (mm) 

(𝑑𝑐 × 𝑏𝑓 
× 𝑡𝑤 × 𝑡𝑓)(1) 

𝑑𝑒𝑚𝑏𝑒𝑑
/𝑑𝑐 

Foundation 
size (mm) 

(𝑏𝑤 × ℎ𝑓 ×
𝑙𝑓)(2) 

Concrete 
compressive 

strength 
𝑓𝑐

′(MPa) 

Axial 
load(3) 

(kN) 

Washio et al. (1978a) POSALI 
125×125 

×7×9 
1.0 

300×500 
×1300 

25.3 0 

Washio et al. (1978a) POSAHI 
125×125 

×7×9 
1.0 

300×500 
×1300 

35.0 0 

Washio et al. (1978a) POTALI 
125×125 

×7×9 
1.0 

300×500 
×1300 

25.3 0 

Minami et al. (1982) LA20 
200×100 
×5.5×8 

1.0 
400×600 
×1600 

20.6 0 

Minami et al. (1982) LA10 
200×100 
×5.5×8 

0.5 
400×600 
×1600 

20.6 0 

Takeda and Takahashi 
(1982) 

S2NO  
250×100 
×9×19 

1.0 
1000×600 

×2800 
16.2 0 

Akiyama et al. (1984) ES-C 
200×200 
×8×12 

1.1 
410×800 
×2750 

20.0 0 

Grilli et al. (2017) #1 
455×418 
×42×68 

1.1 
1830×1092 

×3650 
29.2 445 

Grilli et al. (2017) #2 
566×305 
×39×70 

0.9 
1830×1092 

×3650 
29.2 445 

Grilli et al. (2017) #3 
455×418 
×42×68 

1.7 
1830×840 

×3650 
29.2 0 

Grilli et al. (2017) #4 
455×418 
×42×68 

1.7 
1830×840 

×3650 
29.2 445 

1 𝑑𝑐, 𝑏𝑓, 𝑡𝑤, and 𝑡𝑓 denote the depth, width, web thickness, and flange thickness of the column, respectively. 

2 𝑏𝑤, ℎ𝑓 and 𝑙𝑓denote the width, height and length of concrete foundation, respectively. 

3 Positive value indicates compressive load.  
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Figure 4.4a shows a comparison of the measured maximum attained ECB moment, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , versus the model 

prediction, 𝑀𝑅𝑑
𝐸𝐶𝐵, from Eqs 4.2, 4.6 and 4.7 for the 11 test specimens, which are summarized in Table 4.1. In 

all cases, the cover concrete is considered part of the embedment depth as suggested in prior studies (Gong 

and Shahrooz 2001a; Harries et al. 1993; Mattock and Gaafar 1982). The established comparisons suggest that, 

in most cases, the AIJ (2012) model underestimates the test results by at least a factor of two (average test-

predicted ratio 3.20, with a Coefficient of Variation 0.40), whereas the AISC design model (AISC 2012, 2016a) 

yields more reasonable predictions (average test-predicted ratio 1.27, Coefficient of Variation 0.17). The AIJ 

model seems conservative because both the effect of concrete confinement on the bearing stress capacity as 

well as the contribution of the base plate are conservatively neglected. For five of the test specimens, the AISC 

model underestimates the attained ECB flexural resistance by 40 to 50 %. This may be attributed to the fact 

that the base plate contribution to the ECB’s lateral resistance is neglected. Referring to Fig. 4.4a, the accuracy 

of the Grilli and Kanvinde (2017) model is noteworthy excluding one case (i.e., Specimen S2NO), in which 

the associated error is about 65 %. This test specimen featured foundation beams perpendicular to the loading 

direction, thereby increasing the effective width, as well as the confinement of the concrete foundation com-

pared to the remainder of the test specimens. 

 

Figure 4.3 Typical hysteretic behavior of embedded column bases along with the response parameters of in-

terest. 
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(a) 

 

(b) 

Figure 4.4 Comparison of flexural strength of ECBs with gathered experimental data: (a) available peak flex-

ural resistance, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , (b) yield flexural resistance, 𝑀𝑦,𝑑𝑒𝑑𝑢𝑐𝑒𝑑

𝐸𝐶𝐵 . 

 

Although the data shown in Fig. 4.4a corresponds to the peak flexural resistance of the ECB connection, Grilli 

and Kanvinde (2017) suggested that the yield flexural resistance, 𝑀𝑦
𝐸𝐶𝐵, of an ECB connection may be as-

sumed equal to 0.70𝑀𝑚𝑎𝑥
𝐸𝐶𝐵  as a suitable estimate of the design resistance – this is because the connection ex-

hibits significant nonlinearity after this point is reached. The gathered data, including the ones by Grilli and 

Kanvinde (2017), suggest that the corresponding 𝑀𝑦,𝑑𝑒𝑑𝑢𝑐𝑒𝑑
𝐸𝐶𝐵 /𝑀𝑚𝑎𝑥

𝐸𝐶𝐵  (𝑀𝑦,𝑑𝑒𝑑𝑢𝑐𝑒𝑑
𝐸𝐶𝐵  denotes the ECB moment at 

a tangent stiffness corresponding to 30 % of the elastic stiffness of the footing) ratio is, on average, about 0.65 

with a standard deviation of 0.08. This is depicted in Fig. 4.4b in which, the 𝑀𝑦,𝑑𝑒𝑑𝑢𝑐𝑒𝑑
𝐸𝐶𝐵 /𝑀𝑚𝑎𝑥

𝐸𝐶𝐵  ratio is ex-

tracted directly from each one of the gathered test specimens. This is even more concerning especially when 

the prediction of the maximum flexural strength of ECBs is accurate, because it amplifies the unconservative-

ness of current methods for design, which rely on the ultimate resistance of the ECB connection. 

 

4.4 Assessment of embedded column base design procedures through virtual testing 

4.4.1 Development of finite element model 

Referring to the preceding discussion, it is evident that both the demand as well as the capacity assessment 

methods implicit in the current design methods are inadequate from the standpoint of meeting design objectives 

(i.e., ensuring elastic response of the ECB connection). Because the overall performance depends on the inter-

actions between the column as well as the ECB connection, it is informative to directly simulate these interac-

tions. For this purpose, a CFE model is developed to simulate the cyclic behavior of wide flange steel columns 

embedded into RC footings. The CFE model is developed in the commercial software ABAQUS (version 6.14-

1) (ABAQUS 2014). A schematic illustration of the CFE model is shown in Fig. 4.5a. In brief, the steel column 

is modeled by shell elements with reduced order integration (S4R), while the ECB hysteretic behavior is 



Chapter 4: Seismic design of non-dissipative embedded column base connections 

80 

condensed in a rotational spring at the bottom of the column that is tied to the bottom surface of the column. 

The hysteretic behavior of this spring is discussed hereinafter. The column top rotational spring represents the 

top end in-plane boundary condition of a first story column in capacity-designed steel MRFs. Details on how 

to derive the flexibility of the top end spring are discussed in Inamasu et al. (2019). The CFE model is para-

metrized and may easily be shifted to a cantilever column, by setting the top end spring’s in-plane rotational 

stiffness to zero and by considering the proper member length. The CFE model is validated with available full-

scale physical data on wide flange steel columns (Suzuki and Lignos 2015) as well as embedded column base 

connections (Grilli et al. 2017). The boundary conditions mimic the ones from the experimental setup of Suzuki 

and Lignos (2015) and Grilli et al. (2017). The former employs cantilever columns, which are loaded with 

respect to the strong axis cross-sectional orientation. The column bottom is fixed in all six DOFs, whereas the 

column top end is only fixed in the out-plane direction in the displacement and rotational DOFs due to the 

lateral bracing system. In Grilli et al. (2017), each specimen consists of a cantilever column with an ECB 

connection. Similarly, only in-plane movement was allowed in the test. 

With regard to the wide flange steel columns, the CFE modeling strategy follows the general modeling rec-

ommendations by Cravero et al. (2020); and Elkady and Lignos (2015a, 2018b). The CFE model features the 

Voce-Chaboche nonlinear multi-axial plasticity law (Lemaitre and Chaboche 1994; Voce 1948). The material 

model relies on consistent parameters calibrated through a gradient-based optimization based on work by de 

Castro e Sousa et al. (2020) and de Castro e Sousa and Lignos (2018). Residual stresses due to hot-rolling are 

considered based on the residual stress distribution proposed by Young (1971). This is confirmed by recent 

residual stress measurements on hot-rolled wide flange profiles (de Castro e Sousa and Lignos 2017). An 

idealized fixed-base column may be considered if the in-plane rotational spring of the column base is made 

infinite. In the CFE model, local buckling is triggered by considering local imperfections with a magnitude, 

which is smaller than the allowable manufacturing tolerance of hot-rolled profiles. Indicative values for these 

imperfections are discussed in Cravero et al. (2020); and Elkady and Lignos (2018b). 

The model validations constitute physical testing conducted by the last author and his former students (Cravero 

et al. 2020; Suzuki and Lignos 2015) in which fixed-end cantilever specimens were subjected to a range of 

multi-axial cyclic loading histories. Figure 4.5 shows indicative comparisons with such experiments with em-

phasis on tests subjected to collapse-consistent loading histories coupled with either compressive or time-

varying axial load demands. From the same figure, the agreement between the simulated and experimental 

results is noteworthy in terms of global and local deformation patterns, deduced moment-column drift ratios 

as well as axial shortening versus column drift ratios regardless of the imposed loading histories. 

As noted in Fig. 4.6, the hysteretic behavior of ECB connections is dominated by pinching and unloading 

stiffness deterioration due to the concrete bearing failure. Experiments on ECBs by the second author and his 

former students (Grilli et al. 2017) suggest that the above failure mode within the concrete footing is not 

strongly influenced by the compressive axial load demand. Consequently, its hysteretic response may be 
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represented through a concentrated hinge model with a pinched behavior as illustrated in Fig. 4.6a. A similar 

approach was also adopted in prior studies (Torres-Rodas et al. 2018). Note that local responses (e.g., base 

plate and concrete) cannot be disaggregated and discussed separately with this modeling approach. 

 

 

(a) Schematic illustration of developed CFE model 

  

  

(b) Model validation of the steel column part: constant compressive axial load demands 

  

  

(c) Model validation of steel column part: variable axial load demands 

Figure 4.5 CFE model development and its validation [test data retrieved from Suzuki and Lignos (2015)].  
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(a) Hysteretic rule 

 

(b) Specimen 1 

 

(c) Specimen 3 

Figure 4.6 CFE simulation model and validation with experimental data. 

 

For this purpose, we developed and implemented in the ABAQUS finite element software (version 6.14-1) a 

user-defined element (UEL). Referring to Fig. 4.6a, the model follows a trilinear backbone curve including the 

basic loading, unloading and re-loading paths. These are controlled by two pinching parameters 𝑝𝑥 and 𝑝𝑦 

(Ibarra et al. 2005). The model is able to simulate basic strength and unloading stiffness deterioration based on 

the energy-based deterioration rule proposed by Ibarra et al. (2005); and Rahnama and Krawinkler (1993), and 

subsequently modified by Lignos and Krawinkler (2011). This rule assumes that the ECB connection has a 

reference hysteretic energy dissipation capacity, 𝐸𝑐
𝐸𝐶𝐵, which may be estimated as follows, 



Chapter 4: Seismic design of non-dissipative embedded column base connections 

83 

𝐸𝑐
𝐸𝐶𝐵 = 𝜆𝐸𝐶𝐵 ∙ 𝜃𝑝

𝐸𝐶𝐵 ∙ 𝑀𝑦
𝐸𝐶𝐵 (4.8) 

in which, λ𝐸𝐶𝐵, is the reference cumulative rotation capacity, which in turn may be estimated through calibra-

tions with ECB physical tests exhibiting concrete bearing failure.  

Figures 4.6b and 4.6c illustrate comparisons of the simulated versus measured hysteretic response with note-

worthy accuracy. Referring to Figures 4.6b and 4.6c, while flexural strength deterioration may not be evident 

in the ECB hysteretic response, the primary deteriorating mechanism is associated with unloading stiffness 

deterioration, which is induced by concrete bearing failure. The cumulative rotation capacity, λECB was found 

to be 2.6 and 25.8 for specimens 1 (𝑑𝑒𝑚𝑏𝑒𝑑 = 508 mm) and 3 (𝑑𝑒𝑚𝑏𝑒𝑑 = 762 mm), respectively. The corre-

sponding pinching parameters are determined as 𝑝𝑥 = 0.8, 𝑝𝑦 = 0.05. These parameters are adopted herein-

after. 

 

4.4.2 Simulation of a characteristic design case study 

The CFE model is used to simulate the hysteretic response of a characteristic design case, which is documented 

in the AISC Seismic Design Manual (AISC 2012). The example features an ECB connection as part of a 4-

story 3-bay steel MRF building. Figures 4.7a and 4.7b illustrates the plan view and elevation of the steel frame 

building, respectively. Figure 4.7c illustrates the final design of a typical first story ECB connection. This is 

comprised of a 4270 mm long W14x176 steel column. The cross-section profile is made of ASTM A992 Gr. 

50 (i.e., nominal yield stress, 𝑓𝑦,𝑛=345 MPa). The steel column is embedded into an RC footing, which is made 

of 28 MPa concrete. The foundation is reinforced with longitudinal and transverse reinforcing bars such that 

the concrete bearing becomes the critical failure mode. Furthermore, deformed anchor bars are attached to the 

embedded column flanges as transfer reinforcement. A base plate is not present in this example. Following the 

Seismic Design Manual, the column base may be designed for a flexural demand that is the lesser of (a) 

1.1𝑍𝑅𝑦𝑓𝑦,𝑛 or (1.1/1.5)𝑍𝑅𝑦𝑓𝑦,𝑛, (i.e., 𝑅𝑦, 𝑓𝑦,𝑛, and Z are the ratio of the expected yield stress to the specified 

minimum yield stress, specified minimum yield stress of steel, and the plastic modulus of the steel column 

cross section, respectively); and (b) the flexural demand, which is calculated by the load combinations accord-

ing to ASCE (2016). The maximum ECB flexural and shear resistances for the specific design example are 

found to be, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 = 1964 kNm, 𝑉𝑚𝑎𝑥

𝐸𝐶𝐵 = 921 kN, respectively. 

Notably, according to the current design provisions (AISC 2016a), there is no distinction with regard to the 

corresponding steel material hardening depending on the steel grade of the column (e.g., A992 Gr. 50 versus 

A913 Gr. 65). Moreover, the ECB connection may be designed for a moment demand that is smaller than the 

corresponding plastic flexural resistance of the embedded steel column. The CFE model of the steel column–

RC footing subassembly follows the modeling principles presented earlier. At the column top end, the in-plane 

rotational flexibility of the first-floor beam-to-column connections is explicitly considered. This indicates a 
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more realistic boundary condition of first story steel MRF columns (Elkady and Lignos 2018a; Inamasu et al. 

2019). Based on prior work by the authors (Grilli et al. 2017; Inamasu et al. 2019), the elastic stiffness of the 

ECB is estimated to be 5𝐸𝑠𝐼/𝐿 of the column (L is the length of the column). The remaining degrees of free-

dom in the CFE model are idealized as fixed. To reflect the associated variability of concrete in Eq. 4.1 with 

regard to the estimation of the maximum flexural resistance of the ECB connection, three cases are considered, 

including an “as-designed” case (Case I) with nominal properties and two other cases, where the 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , reflect 

a 10 % and 20 % increase compared to the “as designed” case (Case II and Case III, respectively). The corre-

sponding embedment depth, for the ECB to remain elastic, are 559 mm, 615 mm and 671 mm, respectively, 

for the three cases discussed above. 

 

 

(a) Elevation view of the building 

 

(b) Plan view of the building 

 

(c) Elevation view of the ECB connection 

Figure 4.7 Embedded column base design example as adopted from the Seismic Design Manual. 
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The steel column-ECB connection subassembly is subjected to the SAC symmetric cyclic loading protocol 

(Krawinkler et al. 2000) coupled with a constant compressive axial load that is 9 % of the cross-sectional yield 

load calculated with the expected yield stress as indicated by the design example (AISC 2012). Figure 4.8 

illustrates the simulated results for the ‘as-designed’ case (Case I) in terms of deduced column base moment, 

𝑀𝑏𝑎𝑠𝑒, versus column drift ratio as defined in Fig. 4.8a. The analyzed case is compared with an ideally fixed-

base steel column without the presence of the RC foundation (denoted “fixed-base”). Referring to Fig. 4.8b, 

the simulation results suggest that the “as designed” case exhibits inelastic behavior in the RC footing rather 

than the steel column itself. This is clearly seen in Fig. 4.8c that depicts the decomposition of the total into its 

subcomponents from the steel column portion and the ECB connection. For lateral drift demands of about 1%, 

the accumulated rotation between the two components is roughly equal, acknowledging the elastic contribution 

of the ECB to the total lateral drift. However, above 2 % lateral drift demands, the accumulated rotation from 

the ECB is larger than that of the steel column above the RC footing. Evidently, the current design approach, 

does not prevent the inelastic behavior within the RC foundation, which is the non-dissipative (and possibly 

brittle) element in this case. A 10 % and 20 % increase in the embedment depth of the ECB connection de-

creases the inelastic contribution of the RC footing as shown in Figs 4.8d and 4.8e, respectively. 

While the mischaracterization of connection capacity is one issue, another key reason for the insufficient de-

sign of the ECB connection according to the Design Manual (AISC 2012) pertains to the fact that the flexural 

demands on the ECB may exceed the estimated flexural resistance of the steel column itself. The mechanistic 

reasons of this increase are associated with (a) cyclic hardening which is a function of the material type; (b) 

cross sectional compactness that controls the onset and progression of local and/or lateral torsional buckling 

of the steel column; (c) the influence of the loading history that may manifest the material hardening prior to 

the onset of local buckling; and (d) the axial load demands imposed to the steel column. To determine the 

relative and interactive contributions of these effects, a parametric study is conducted as outlined in the next 

section. 
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(a) Definitions of primary variables 

 

(b) Base moment – column drift ratio (Case I) 

 

(c) Case I: contribution of each component to the total and accumulated rotation versus loading excursion 

 

(d) Case II: contribution of each component to the total and accumulated rotation versus loading excursion 

 

(e) Case III: contribution of each component to the total and accumulated rotation versus loading excursion 

Figure 4.8 Base moment – column drift ratio along with the decomposition of the total and accumulated rota-

tions versus the loading excursion.  
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4.4.3 Parametric study 

Using the methodology outlined in the previous sections, a virtual test matrix (see Table 4.2) is assembled to 

examine the design space in which ECB connections concentrate their inelastic deformations solely in the steel 

column right above the RC footing, as implied in capacity designed steel MRFs. While the ECB is assumed to 

behave elastically in the examined cases, its flexibility is explicitly considered in the CFE model as discussed 

in Inamasu et al. (2019). Referring to Table 4.2, six wide flange steel profiles commonly used in seismic 

resistant steel MRFs (Elkady and Lignos 2014; NIST 2010), are selected. Their web local slenderness ratio, 

ℎ/𝑡𝑤, ranges between 7 ≤  ℎ/𝑡𝑤  ≤  46. Cross sections near the lower bound are unlikely to experience local 

buckling at high lateral drift demands (Newell and Uang 2008), thereby inducing high flexural demands due 

to the associated material cyclic hardening. On the other hand, slender cross sections near the current slender-

ness limits for highly ductile members tend to limit the flexural demands due to the onset of nonlinear geo-

metric instabilities at modest lateral drifts (Elkady and Lignos 2018a; Ozkula et al. 2017). The steel material 

is either A992 Gr. 50 (𝑓𝑦,𝑛 = 345 MPa) or A913 Gr 65 (𝑓𝑦,𝑛 = 450 MPa). While the former is a standard choice 

in seismic resistant steel MRFs, the latter is considering its prospective use in future seismic design. The em-

ployed model parameters of the Voce and Chaboche multiaxial plasticity model are based on the modeling by 

de Castro e Sousa et al. (2020); and de Castro e Sousa and Lignos (2018). 

 

Table 4.2 Virtual test matrix. 

Cross section 
Web local 

slenderness 
(ℎ/𝑡𝑤) 

Steel mate-
rial 

Lateral loading pro-
tocol 

Axial loading protocol 

W14x370  6.9 

A992 Gr. 50, 
A913 Gr. 65 

SAC symmetric, 
Collapse consistent 

Constant: 𝑃𝑔/𝑃𝑦  = 5, 20, 35, 50 %, 

Variable: 𝑃𝑔/𝑃𝑦 = 5, 15, 25 % 

W24x370  14.2 
W24x229  22.5 
W24x146  33.2 
W24x103  39.2 
W24x84  45.9 

 

Referring to Table 4.2, two loading protocols are used: (1) the symmetric SAC symmetric protocol (Clark et 

al. 1997; Krawinkler et al. 2000), which is likely to produce the highest flexural demands, and (2) a collapse-

consistent loading protocol (Suzuki and Lignos 2020a) that is more representative to be used for the quantifi-

cation of the seismic demands of ECB connections prior to incipient structural collapse. The lateral loading 

history is applied in the presence of either a constant compressive axial load, ranging from 5 % to 50 % of 𝑃𝑦 

(i.e., axial yield strength of the column based on expected material properties, 𝑃𝑦 = 𝑅𝑦𝑓𝑦,𝑛𝐴), or a time-vary-

ing axial load in which the steel columns may experience tensile axial loading during a lateral drift excursion. 

Albeit the former is common in interior columns, the latter is representative in exterior columns due to dynamic 

overturning effects. The axial load variation is synchronized with the respective lateral loading history as 
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depicted in Fig. 4.9. This variation is established based on the methodology discussed in Suzuki and Lignos 

(2020). 

The reduction in the variation of axial load demand is attributed to force redistribution within the overall frame 

after the onset of geometric instabilities. The steel columns summarized in the virtual test matrix of Table 4.2, 

are subjected to progressively increasing loading excursions till their peak flexural strength deteriorates cycli-

cally by at least 20 %. 

 

 

(a) Symmetric cyclic loading history 

 

(b) Collapse-consistent loading history 

Figure 4.9 Lateral and axial loading histories on a W24x146 column with gravity offset, Pg/Py = 0.15 (A992 

Gr. 50). 

 

4.4.4 Results and discussion 

Figure 4.10 summarizes selected results regarding the influence of each variable on the hysteretic response of 

steel columns in terms of the column base moment versus the column drift ratio as defined in Fig. 4.8a. The 

moment is normalized with respect to the plastic flexural resistance of the respective column cross section. For 
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each case, the maximum attained flexural demand, 𝑀𝑚𝑎𝑥, is extracted and collectively presented in Fig. 4.11 

to establish general trends that inform the prospective development of refined design recommendations for 

non-dissipative ECB connections. The following observations are made: 

 Referring to Fig 4.10a and Fig. 4.11a, steel columns with stocky cross sections (i.e., ℎ 𝑡𝑤⁄  in the range of 

7-14) with compressive axial load ratios 𝑃𝑔/𝑃𝑦 ≤ 0.20, attain a 𝑀𝑚𝑎𝑥/𝑓𝑦𝑍 ratio of about 1.6. On the other 

hand, the same ratio, for cross sections near the AISC 341-16 (AISC 2016a) compactness limits (i.e., 

ℎ 𝑡𝑤⁄  in the range of 33-46) for highly ductile members, does not exceed 1.2. In the latter, the onset of 

local buckling at modest lateral drift demands tends to inhibit the column’s flexural demands as shown in 

Fig. 4.10b for two analyzed cases featuring a stocky and slender cross section profiles. 

 Referring to Figs. 4.10c and 4.10d, in column cross sections near the AISC 341-16 (AISC 2016a) com-

pactness limits for highly ductile members, when subjected to variable axial load demands, the 𝑀𝑚𝑎𝑥/𝑓𝑦𝑍 

ratio does not exceed 1.2. 

 With regard to the steel material (see Fig. 4.10e), while A913 Gr. 65 steel columns exhibit modest iso-

tropic hardening compared to their A992 Gr. 50 counterparts, the larger kinematic hardening of A913 Gr. 

65 further delays the onset of local buckling. However, the differences with wide-flange profiles made of 

A992 Gr. 50, in terms of the 𝑀𝑚𝑎𝑥/𝑓𝑦𝑍 ratio, appear insensitive to the steel material (see Figs. 4.11a and 

4.11b). 

 Figures 4.10f, 4.11b and 4.11d suggest that flexural demands in embedded steel columns are sensitive to 

the imposed lateral loading history only when (a) they feature stocky cross-sections (i.e., ℎ/𝑡𝑤 ≤ 15); 

and (b) they are subjected to time-varying axial load demands. Local buckling-induced softening caps the 

flexural demands near the ECB connection in all other cases. 
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(a) W24x370 (A992 Gr. 50, constant axial load) 

 

(b) 𝑃𝑔/𝑃𝑦 = 0.20, A992. Gr. 50 steel 

  

(c) W24x146 (A992 Gr. 50, variable axial load) 

  

(d) W24x146 (A992 Gr. 50 steel) 

  

(e) W24x370, 𝑃𝑔/𝑃𝑦 = 0.20 

  

(f) W24x370 (A913 Gr. 65, variable axial load) 

Figure 4.10 Influence of investigated parameters on the hysteretic response of steel columns. 

  



Chapter 4: Seismic design of non-dissipative embedded column base connections 

91 

  

(a) Constant axial load, A992 Gr. 50 

  

(b) Time-varying axial load, A992 Gr. 50 

 

(c) Constant axial load, 𝑃𝑔/𝑃𝑦 = 0.20 

 

(d) Time-varying axial load, 𝑃𝑔/𝑃𝑦  =  0.15 

Figure 4.11 Representative trends of normalized maximum attained column moment. 

 

4.4.5 Implications for prospective design 

Based on the above discussion, it is noted that the maximum attained flexural demands in capacity-designed 

steel MRF columns as part of non-dissipative ECB connections are strongly influenced by the steel column 

position (i.e., interior versus exterior that result in constant versus time-varying axial load), and the cross sec-

tion geometry (i.e., stocky versus slender profile). The distinction between A913 Gr. 65 and A992 Gr. 50 is 

statistically insignificant with respect to the corresponding 𝑀𝑚𝑎𝑥/𝑓𝑦𝑍 ratio based on a standard t-test at the 

95 % confidence interval. While the imposed lateral and/or axial loading history has a notable influence on the 

plastic deformation capacity of steel columns, particularly near the incipient collapse limit state, it does not 

appear to influence the column flexural demands design basis (i.e., probability of exceedance of 10 % in 50 

years) or maximum considered earthquake (i.e., probability of exceedance of 2 % in 50 years) intensity. This 

is consistent with earlier findings on engineering demand parameters of steel MRFs under seismic loading 

(Lignos et al. 2015). Based on these observations, a general regression-based model is suggested to estimate 
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flexural demands in ECB connections in steel MRFs. Particularly, the flexural demand ratio may be estimated 

as follows, 

𝑀𝑚𝑎𝑥

𝑓𝑦𝑍
= 𝑎0 + 𝑎1 ∙ (

ℎ

𝑡𝑤
) + 𝑎2 ∙ (

𝑃𝑔

𝑃𝑦
) + 휀 (4.9) 

in which 𝑎0 is the intercept; 𝑎1 and 𝑎2 are the estimated coefficients of the variables ℎ 𝑡𝑤⁄  and 𝑃𝑔 𝑃𝑦⁄ ; 휀 is the 

standard error of the predictor. The flange local slenderness ratio, 𝑏𝑓 2𝑡𝑓⁄ , is strongly correlated with ℎ 𝑡𝑤⁄  for 

hot-rolled cross sections manufactured in the United States and Europe (Lignos et al. 2019; Lignos and 

Hartloper 2020); hence, 𝑏𝑓 2𝑡𝑓⁄  is excluded from the multivariate regression. However, this assumption may 

not hold true if built-up cross sections (or sections that do not follow this correlation) are employed. The 

proposed equations are as follows: 

Interior steel columns: 

𝑀𝑚𝑎𝑥

𝑓𝑦𝑍
= 1.89 − 0.016 ∙ (

ℎ

𝑡𝑤
) − 0.996 (

𝑃𝑔

𝑃𝑦
) , 𝑅2 = 0.93 (𝐶𝑂𝑉 = 0.07) (4.10) 

Exterior steel columns: 

𝑀𝑚𝑎𝑥

𝑓𝑦𝑍
= 1.60 − 0.009 ∙ (

ℎ

𝑡𝑤
) , 𝑅2 = 0.749 (𝐶𝑂𝑉 = 0.05) (4.11) 

The range of applicability of Eqs. 4.10 and 4.11 is as follows, 7 ≤  ℎ 𝑡𝑤⁄ ≤ 46, and 0 ≤ 𝑃𝑔 𝑃𝑦⁄ ≤ 0.5. For 

larger web local slenderness ratios (i.e., for the moderately ductile cross-sections), the value corresponding to 

ℎ 𝑡𝑤⁄ = 46 is likely to be conservative. Figure 4.12 illustrates the performance of the equations relative to 

simulation data. Referring to Fig. 4.12, the accuracy of the proposed formulas for both exterior and interior 

columns is nearly the same as indicated by the associated COV values of the ratio between the measured and 

predicted strength quantities. It is evident that the flexural demands in non-dissipative ECB connections may 

only be smaller than the corresponding plastic flexural resistance of the steel column in cases that the gravity-

induced axial load ratio is larger than 20 % and the corresponding local web slenderness ratio is ℎ 𝑡𝑤⁄ ≥ 35. 

Steel MRFs comprising stocky profiles (e.g., heavy W14) are likely to experience considerable inelastic de-

formations in their ECB connections with the current design procedure of non-dissipative ECB connections as 

described in the AISC design manual (AISC 2012). 

Equations 4.10 and 4.11 may be used to establish lower bound design limits for ensuring elastic response of 

non-dissipative ECB connections. This may be achieved by designing the ECB connections such that their 

reliable capacity exceeds the demands implied by Eqs. 4.10 and 4.11. From a mechanistic standpoint, this 

reliable capacity may be determined as, 𝜙 ∙ 𝑀𝑦
𝐸𝐶𝐵, in which, 𝜙 = 0.90, and, 𝑀𝑦

𝐸𝐶𝐵 = 0.65𝑀𝑚𝑎𝑥
𝐸𝐶𝐵  based on ex-

perimental observations by Grilli and Kanvinde (2017). Particularly, the associated variability mostly comes 
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from the yield stress of the employed steel material. In that respect, this evolves around the expected yield 

stress of typical A992 Gr. 50 and A913 Gr. 65 steels (i.e., 𝑅𝑦 = 1.1); thus, 𝜙 = 0.90. The associated variabil-

ity of Eqs. 4.10 and 4.11 are fairly minor, as depicted by the relatively small COV values that are reported 

together with the equations. This is assumed to be the case for the variability due to the actual geometric 

properties of the steel column as well as the gravitational load demand. The shear demand force may be esti-

mated using the flexural demand derived herein (i.e., (𝑀𝑚𝑎𝑥 + 𝑅𝑦𝑓𝑦,𝑛𝑍 ) 𝐿⁄ ). The axial force demand may be 

estimated according to the current procedure described in AISC (2012). Similarly, the design procedure ac-

cording to AISC (2012) may be retained to establish the required embedment depth of the ECB connection. 

 

 

(a) Interior columns (Eq. 4.10) 

 

(b) End columns (Eq. 4.11) 

Figure 4.12 Measured versus predicted peak flexural strength ratios. 

 

4.5 Conclusions 

This chapter presents findings and implications for the seismic design of non-dissipative (or brittle) embedded 

column base (ECBs) connections as part of capacity designed moment-resisting frames (MRFs). These are 

based on a rigorous evaluation of the current seismic design models of ECB connections (AIJ 2012; AISC 

2012, 2016a) with past experimental data along with CFE simulations of wide flange steel columns embedded 

into reinforced concrete (RC) footings. The parametrized CFE model is validated against full-scale experi-

ments of steel columns and ECB connections undergoing highly inelastic deformations due to cyclic loading. 

The main findings of the study are as follows: 

 The AIJ strength design model (AIJ 2012) underestimates the peak flexural resistance of ECB connections, 

𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , by a factor of two. The AISC design model (AISC 2012, 2016a) yields more reasonable predictions, 

but only when the base plate contribution to the overall lateral resistance of the ECB is modest. 
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 The Grilli and Kanvinde model (Grilli and Kanvinde 2017) is fairly accurate in terms of predicting peak 

flexural strength 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , of the assembled experimental data, excluding cases in which foundation beams 

are present in the perpendicular loading direction. The additional concrete confinement produced to these 

beams is unaccounted for in this model. 

 The yield ECB flexural resistance, 𝑀𝑦
𝐸𝐶𝐵 may be estimated as 65 % of the maximum attained peak flex-

ural resistance, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 , of an ECB connection. The relatively modest coefficient of variation (i.e., COV =

0.08) suggests that the above value is fairly invariant across various configurations. 

 The detailed CFE simulations suggest that the AISC design approach (AISC 2012, 2016a), unintentionally 

does not prevent the inelastic behavior of ECB connections within the RC foundation, which is the non-

dissipative portion of the ECB connection. This is because flexural demands commonly estimated in ECB 

connections do not incorporate the effects of steel material cyclic hardening, cross-sectional slenderness, 

loading history as well as the imposed column axial load. 

 The peak ECB flexural demands normalized with respect to the plastic flexural resistance of the steel 

column, 𝑀𝑚𝑎𝑥 𝑓𝑦𝑍⁄ , attain a value of 1.6 when relatively stocky profiles are employed (i.e., ℎ 𝑡𝑤⁄ < 15) 

for gravity-induced axial load ratios of 0.20 or lower (i.e., typical in steel MRFs). The above ratio is 

capped at 1.2 when slender but still seismically compact profiles are employed in the seismic design 

process of the ECB connection. Although these observations are detrimental in the context of ECB con-

nections, where the column strength imposes demands on the connection, they may be beneficial in other 

contexts, e.g., in simulating the proclivity of the frame to sidesway collapse, wherein an increased column 

strength may delay the formation of soft stories. This is subject to further investigation. 

 The CFE results suggest that the 𝑀𝑚𝑎𝑥 𝑓𝑦𝑍⁄  ratio is practically insensitive to the choice of the material 

steel grade for the two types of materials that were investigated herein (i.e., A992 Gr. 50 and A913 Gr. 

65). 

 The seismic demands in ECB connections appear to be sensitive to the loading history only when stocky 

profiles (i.e., ℎ 𝑡𝑤⁄ < 15) are used. 

Considering these various effects, simple design equations are proposed to achieve a seismic performance that 

is more consistent with expectations. The proposed work has several limitations as well, chiefly that experi-

mental data for ECB-column interaction is sparse, necessitating the reliance on simulation. Moreover, a rigor-

ous reliability analysis has not been conducted for the capacity equations, such that the resistance (𝜙-) factors 

adopted from literature may not be accurate. Furthermore, the ECB strength models [e.g., Grilli and Kanvinde 

(2017)] are limited by the test details, and extrapolation to significantly different configurations (e.g., with 

additional footing reinforcement) must be conducted with caution. Finally, the study assumes that the ECB 

connections are entirely non-dissipative and shall be capacity-designed. While this is consistent with the intent 
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of current design approaches (AISC 2016a), experimental data suggests that ECB connections offer some de-

formation capacity. Further studies, as well as detailing guidelines for ECB connections may provide methods 

to leverage this deformation capacity for a more economic design. Notwithstanding these issues (which may 

be addressed in the future), the proposed approach is likely to yield significantly improved designs in terms of 

earthquake safety of steel MRFs. 
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5.1 Introduction 

Capacity design of steel moment-resisting frames (MRFs) relies on a strong-column base/weak-column phi-

losophy. As such, fixed end steel columns are intended to sustain inelastic rotation demand during a seismic 

excitation, whereas the column base connections themselves are conceived to be non-dissipative. Experimental 

studies (Cravero et al. 2020; Elkady and Lignos 2018a; MacRae et al. 1990; Ozkula et al. 2017; Suzuki and 

Lignos 2021) on seismically compact fixed end steel MRF columns suggest that these are likely to experience 

nonlinear geometric instabilities (e.g., local and/or lateral torsional buckling) under inelastic cyclic loading 

even at modest lateral drift demands (i.e., 2 % rads). In turn, this causes cyclic deterioration of the column’s 

flexural strength, thereby increasing the risk of structural collapse (Lignos et al. 2013). Moreover, inelastic 

local buckling in fixed end columns featuring slender cross sections is likely to cause residual axial shortening; 

thus, potentially impacting the ability to repair a steel MRF after earthquake shaking (Cravero et al. 2020). 

Elkady et al. (2020) found that when ground motion duration is an important seismic hazard characteristic, 

then decisions regarding building demolition may be strongly influenced by residual column axial shortening 

rather than lateral residual drifts. This was also corroborated by field reconnaissance from the 2017 earthquake 

in Mexico in low rise steel MRFs (Galvis et al. 2017; Tapia-Hernández and García-Carrera 2020). 

Numerical studies in steel columns (Inamasu et al. 2018, 2019) demonstrated that column axial shortening 

may be delayed, for a given loading history, when the column base connection itself is designed with some 

flexibility. This conclusion is insensitive to the column base connection type (i.e., exposed or embedded type). 

However, if it is not considered in the design process, the column base flexibility may induce the formation of 

soft story collapse mechanisms in capacity-designed steel MRFs (Aviram et al. 2010; Zareian and Kanvinde 

2013). 

Embedded column base (ECB) connections, which form the main focus of this chapter, are often used to ide-

alize fixed-bases in mid- to high-rise buildings with MRFs (AISC 2012; Falborski et al. 2020b; a; Zareian and 

Kanvinde 2013). In a typical ECB, a steel column is welded to a base plate at the end, which is embedded into 

a reinforced concrete (RC) foundation. If the steel column features a wide flange profile, face bearing plates 

are usually welded to the column at the level of the top surface of the RC foundation (AISC 2012; Inamasu et 

al. 2021b). Unlike shallowly embedded column bases (Cui et al. 2009; Hanks and Richards 2019), a sufficient 

embedment depth is required to provide both flexural stiffness and resistance to the ECB connection. In the 

aforementioned cases, ECBs are designed to be non-dissipative (Inamasu et al. 2021b). 

Prior experimental work on ECBs (Akiyama et al. 1984; Grilli et al. 2017; Minami et al. 1982; Nakashima and 

Igarashi 1986, 1987; Takeda and Takahashi 1980, 1982; Washio et al. 1978a; b) suggests that their flex-

ural/shear resistance is provided mainly through (a) horizontal bearing of the column flanges; and (b) vertical 

bearing of the base plate and face bearing plates. The flexural/shear resistance of the ECBs may be determined 

by concrete crushing due to bearing of the column flanges when the embedment length is at least two times 

the column depth (AIJ 2012; Grauvilardell et al. 2005). Earlier experimental studies (Grilli et al. 2017; 
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Nakashima and Igarashi 1986) underscored that ECBs are characterized by an inherent flexibility, which may 

vary depending on the configuration type. This makes it challenging to consider the actual elastic stiffness to 

be adopted in seismic design of steel MRFs. In more recent studies (Grilli et al. 2017; Inamasu et al. 2018), it 

was shown that ECBs may sustain large inelastic deformations under cyclic loading through concrete crushing. 

However, the flexural stiffness and strength of the ECB may be lost due to the gap caused by concrete crushing 

(i.e., slip behavior). 

Motivated by the above, in this chapter we propose a new type of ECB connections, which is specifically 

tailored for wide flange steel columns. The proposed connection allows for controlled energy dissipation within 

the embedded portion of the column rather than the fixed end boundary, thereby employing a weak-

base/strong-column design concept that lies outside the current paradigm in capacity design. For this reason, 

the term “dissipative ECB connection” is adopted hereinafter. The proposed concept is validated by means of 

large-scale physical tests. Particularly, the benefits of the proposed concept are demonstrated by direct com-

parisons with experiments on conventional non-dissipative ECBs in which the inelastic deformations are con-

centrated in the column portion above the RC footing. The experimental results further our understanding 

regarding the physical damage mechanisms of the proposed dissipative ECB connection under reversed cyclic 

loading. Physical models for the estimation of both the flexural stiffness and strength of dissipative ECBs are 

also proposed and validated with the acquired data. These models can be directly used in seismic design of 

steel MRFs featuring dissipative ECBs. The chapter concludes with a number of limitations and suggestions 

for future work. 

 

5.2 Proposed concept for dissipative embedded column base connections 

Figure 5.1 illustrates the proposed concept of dissipative ECB connections. A weak-base/strong-column con-

cept is realized. The main two hypotheses are as follows: (a) the embedded portion of the steel column should 

dissipate the inelastic rotational demand during an earthquake and (b) the RC foundation should remain elastic 

(excluding cover concrete, which is easily repaired). For these reasons, the steel column flange width inside 

the RC footing is cut in order to reduce the flexural strength of the dissipative zone (see Fig. 5.1) compared to 

that above the RC footing. Column flanges are cut with rounded corner shapes at each end of the reduced 

portion in order to minimize stress concentrations (Pilkey et al. 2020). Referring to Fig. 5.1, when a wide 

flange steel column bears against the RC footing, the bending moment of the embedded steel portion is largest 

at the vicinity of the top surface of the RC footing and attenuates with respect to the embedment depth (Mattock 

and Gaafar 1982; Nakashima and Igarashi 1987; Takeda and Takahashi 1982; Washio et al. 1978b). Still fol-

lowing Fig. 5.1, the moment, 𝑀𝑏𝑜𝑡, may be nearly zero if the embedment depth is more than twice the column 

depth and/or there is no base plate (Grilli and Kanvinde 2017; Minami et al. 1982; Nakashima and Igarashi 

1987; Takeda and Takahashi 1982). 
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The steel column above the RC foundation should not experience local buckling prior to a targeted lateral drift 

demand [e.g., 4 % rads, which is a widely accepted drift limit for collapse prevention (AISC 2016a)]. Yielding 

of the dissipative zone controls the moment, 𝑀𝑏𝑎𝑠𝑒 of the column at the top surface of the foundation. In order 

to ensure a damage-free RC foundation, the longitudinal deformation of the dissipative zone should be decou-

pled from that of the RC footing (Kanno 1993). This may be achieved with a debonding material layer that 

wraps around the dissipative zone as shown in Fig. 5.1, thereby minimizing the friction between the steel 

column and the RC foundation interface. Additionally, a filler soft material (e.g., styrofoam) is applied to the 

reduced flange as a spacer. It also ensures a seamless wrapping of the embedded column portion. 

Referring to Fig. 5.1, the transition from the reduced to the unreduced cross section is achieved with a radius, 

which is selected in order to minimize the longitudinal stress concentrations. The stress concentration is esti-

mated according to (Pilkey et al. 2020). The unreduced section at the bottom end provides additional redun-

dancy by reducing demands on the welds between the base plate and the embedded column portion. Concrete 

spalling is likely to occur at the top part (Harries et al. 1997; Takeda and Takahashi 1982), therefore the cross-

sectional reduction should be prohibited at this location. Any potential instability of the embedded portion of 

the column is intended to be prevented by the surrounding concrete, thereby minimizing flexural strength 

deterioration as well as axial shortening prior to the targeted lateral drift demand. 

 

 

Figure 5.1 Design concept of dissipative embedded column base connection. 
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In the proposed concept, the RC foundation design meets the requirements for non-dissipative ECBs (AIJ 

2012; AISC 2012, 2016a; Inamasu et al. 2021b). The axial load demand should be transferred to the foundation 

through the base plate, which is designed to remain elastic. Once the embedment depth, 𝑑𝑒𝑚𝑏𝑒𝑑 is determined, 

the column flange reduction is established. The peak expected moment, 𝑀𝑚𝑎𝑥, of the unreduced steel cross 

section may be used for this purpose. For wide flange columns, 𝑀𝑚𝑎𝑥, may be computed as discussed in (In-

amasu et al. 2021b), which takes into account material hardening up to the point of local buckling. By limiting 

the base moment demand to 𝑀𝑚𝑎𝑥, the allowable moment demand at the top of the reduced section, 𝑀𝑟,𝑡𝑜𝑝
𝑎 , 

can be calculated according to Eq. 5.1. For the purposes of section design and considering the schematic in 

Fig. 5.1, an inverted triangular moment distribution may be assumed inside the foundation by setting 𝑀𝑏𝑜𝑡 

equal to zero. This assumption was substantiated in prior work (Nakashima and Igarashi 1987; Takeda and 

Takahashi 1980). 

𝑀𝑟,𝑡𝑜𝑝
𝑎 =

𝑑𝑒𝑚𝑏𝑒𝑑 − 𝑑𝑢𝑛,𝑡

𝑑𝑒𝑚𝑏𝑒𝑑
𝑀𝑚𝑎𝑥 (5.1) 

where, 𝑑𝑢𝑛,𝑡 is the distance from the top surface of the foundation to the outset of the reduced cross section 

(see Fig. 5.1). 

With the maximum demand at the reduced section, one can then design the reduced dissipative zone such that 

it governs the flexural behavior of the ECB. This is achieved by setting the peak expected flexural strength of 

the reduced cross section, 𝑀𝑟,𝑚𝑎𝑥, to be lower than the demand set by Eq. 5.1 – see Eq. 5.2. 

𝑀𝑟,𝑚𝑎𝑥 < 𝑀𝑟,𝑡𝑜𝑝
𝑎  (5.2) 

Because nonlinear geometric instabilities within the embedded portion are prevented due to the surrounding 

concrete, the reduced cross section of the dissipative zone is expected to experience little-to-no deterioration 

up to fracture due to ultra-low cycle fatigue. In fact, the reduced area’s response is to a large extent character-

ized solely by its cyclic hardening when undergoing inelastic cyclic straining - which should be taken into 

account in estimating 𝑀𝑟,𝑚𝑎𝑥. The closer 𝑀𝑟,𝑚𝑎𝑥 is to 𝑀𝑟,𝑡𝑜𝑝
𝑎 , the closer the reduced section is to triggering 

the peak strength of the column, and its subsequent degrading behavior. Conversely, if the cross section within 

the dissipative zone is reduced too much, one risks unnecessarily decreasing the overall ECB strength, ad-

versely impacting the hysteretic performance of the ECB. As such, a well-balanced ECB design is one that 

maximizes the reduced section whilst preventing local buckling of the column above the RC foundation. The 

design criteria used in this experimental program is discussed in Section 5.3. 
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5.3 Overview of experimental program 

5.3.1 Test specimens 

Table 5.1 summarizes the test matrix, which is comprised of four dissipative and one conventional cantilever 

ECB test specimens (see Fig. 5.2). The former meet the design criteria of Section 5.2, while the latter generally 

conform with the current seismic design standards (AIJ 2012; AISC 2012, 2016a; b; CEN 2004b) for non-

dissipative column base connections. Each test specimen features an IPE400 European profile (i.e., web local 

slenderness ratio, ℎ/𝑡𝑤 = 38.5, flange local slenderness ratio 𝑏𝑓/2𝑡𝑓 = 6.7), which is equivalent to a W16x45 

in North America. Hence, it satisfies the local compactness criteria for highly ductile members according to 

AISC (2016a). The five steel columns are all made of the same steel heat for consistency. The steel material 

of the IPE400 is S355J2+M (i.e., nominal yield stress, 𝑓𝑦,𝑛 = 355 MPa). The measured profile dimensions for 

all test specimens are summarized in Table 5.2. The total column length, 𝐿𝑡𝑜𝑡, is 2575 mm. The cantilever 

length above the RC foundation, 𝐿𝑐, is 1525 mm and 𝑑𝑒𝑚𝑏𝑒𝑑, is 850 mm (see Figs. 5.3a and b) for both the 

dissipative and conventional column bases, respectively. The steel columns are welded to a 30 mm thick 500 

x 280 mm S355J2+N steel base plate. The welds are comprised of complete joint penetration (CJP) without 

any special weld requirements. 

Referring to Fig. 5.3a, the width of the reduced cross section, 𝑏𝑓,𝑟, is 88 mm in dissipative ECBs. This is 

determined by assuming that 𝑀𝑟,𝑚𝑎𝑥 is equal to 1.8 times the plastic moment of the reduced section. The factor 

1.8 is conservatively taken by estimating the overstrength brought by hardening of the compact section (i.e., 

cross-section resistance) (Inamasu et al. 2021b). While flexural yielding is expected in the unreduced cross 

section, this shall not reach the peak flexural strength of the selected steel profile – as per Eq. 5.2. Column 

flanges are cut with oxycut with a radius of 46 mm as depicted in Fig. 5.4. This allows for shapes of quadrant 

cut at each side of the dissipative zone. 

 

Table 5.1 Testing matrix. 

Speci-

men ID 
ECB type 

Column 

section 

𝑏𝑓,𝑟 

[mm] 

𝐿𝑡𝑜𝑡 

[mm] 

Foundation  

dimension [mm] 

𝑑𝑒𝑚𝑏𝑒𝑑  

[mm] 

Rubber debonding tape 

Maker 
𝑡𝑟𝑏 

[mm] 

𝑤𝑟𝑏  

[mm] 

C-N-0 Conventional IPE400* - 2575 1885×685×1075 850 - - - 

D-M1-1 Dissipative IPE400* 88 2575 1885×685×1075 850 Maker 1 1 200 

D-M1-3 Dissipative IPE400* 88 2575 1885×685×1075 850 Maker 1 3 200 

D-M1-5 Dissipative IPE400* 88 2575 1885×685×1075 850 Maker 1 5 50 

D-M2-2 Dissipative IPE400* 88 2575 1885×685×1075 850 Maker 2 2 80 

*Web local slenderness, ℎ/𝑡𝑤 = 38.5, and flange local slenderness, 𝑏𝑓/2𝑡𝑓 = 6.7 (Equivalent US cross section: 

W16x45)  
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Figure 5.2 Overview of a dissipative ECB test specimen (Unit: mm). 

 

Table 5.2 Measured dimensions of test specimens. 

Specimen ID 𝑑 (mm) 𝑏𝑓 (mm) 𝑡𝑤 (mm) 𝑡𝑓 (mm) 𝑏𝑓,𝑟 (mm) 𝐿𝑐 (mm) 

C-N-0 402.0 180.3 9.13 12.31 - 1493 

D-M1-1 402.0 180.5 9.13 12.60 84.9 1493 

D-M1-3 402.0 180.3 9.38 12.59 86.5 1495 

D-M1-5 402.0 180.3 9.25 12.54 85.7 1491 

D-M2-2 402.3 181.0 9.30 12.52 85.7 1508 

Nominal dimensions 400 180 8.6 13.5 88 1525 

 

 

Figure 5.3 Specimen details: embedded column portion; (a) dissipative ECB test specimens; and (b) conven-

tional ECB test specimen. 
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Referring to Table 5.1, the debonding material for dissipative ECBs is considered as a test variable. The butyl 

rubber tapes, which are often used as a debonding layer in buckling-restrained braces (Bozorgnia and Bertero 

2004; Iwata et al. 2000), are adopted as a debonding material. Butyl rubber tape products of two different 

companies are selected in this study. The thickness of the butyl rubber, 𝑡𝑟𝑏, varies from 1 to 5 mm as shown 

in Table 5.1. The width of the debonding layer, 𝑤𝑟𝑏, varies according to the thickness of the rubber. ‘M1’ 

series product is a black-colored double-sided tape while ‘M2’ series is blue-colored single-sided tape. Figure 

5.5 illustrates two of the dissipative test specimens after applying the debonding layer. The M1 product was 

sourced from a Japanese vendor, whereas the M2 is a type of butyl rubber commonly used in the European 

market. 

Referring to Fig. 5.6a, each RC footing is 1075 mm x 1885 mm x 685 mm and is made of C30/37 concrete 

(i.e., characteristic value of cylinder compressive strength, 𝑓𝑐𝑘, is 30 MPa). The foundation is reinforced with 

longitudinal, transverse, and hoop S500 steel (i.e., 𝑓𝑦,𝑛 = 500 MPa) reinforcing bars. Referring to Figs. 5.6a 

and b, the steel reinforcement is nominally identical in all cases. Referring to Figs. 5.3a and b, while the four 

dissipative ECBs do not feature a face bearing plate as well as stiffener plates, these exist in the conventional 

dissipative one (see Fig. 5.3b). These plates are made of S355J2+N steel (𝑓𝑦,𝑛 = 355 MPa) and are detailed 

according to current practice (AIJ 2012; AISC 2012). 

 

 

Figure 5.4 Column flange cut of the reduced cross section of dissipative ECBs. 
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(a) D-M1-1 

 

(b) D-M2-2 

Figure 5.5 Steel columns after installation of the debonding material. 

 

5.3.2 Construction sequence 

The concrete foundation is cast in two phases to properly level the steel column. Referring to Fig. 5.6a, the 

bottom layer is 125 mm thick. The wire mesh is used to prevent potential concrete shrinkage cracks in this 

layer. Four anchor rods protruding from this layer facilitate the leveling of the steel column with the use of 

leveling nuts prior to casting of the second concrete layer, which is 950 mm tall. The anchor rods are grade 

class 4.6 (i.e., 𝑓𝑦,𝑛 = 240 MPa). The resistance of the anchor rods is neglected during the design process be-

cause they are only used for levelling purposes. Four polyvinyl chloride (PVC) pipes are also installed to form 

four 70 mm diameter holes along the height of the foundation for post-tensioning it to a stiff loading beam. 

After positioning and leveling the column on the bottom layer (see Fig. 5.7a), the steel reinforcement is as-

sembled outside the casting formwork (see Fig. 5.7b) and it is then installed from the column top. 

Table 5.3 summarizes the measured material properties of steel and concrete. With regard to steel plates and 

reinforcement bars, the measured yield and ultimate tensile stresses, 𝑓𝑦  and 𝑓𝑢 , respectively, are based on 

standard uniaxial tensile tests according to (ASTM 2013). Moreover, 𝑓𝑐 is the 28-days compressive strength 

of each concrete layer. The compressive strength at the day of testing, 𝑓𝑐
𝑡𝑒𝑠𝑡, is also shown in Table 5.3. 
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Figure 5.6 Steel reinforcement bar details: (a) elevation; and (b) plan view. 

 

Table 5.3 Material properties of employed steel/concrete materials. 

Steel (𝑓𝑦; 𝑓𝑢) [MPa] Concrete (𝑓𝑐 and 𝑓𝑐
𝑡𝑒𝑠𝑡*) [MPa] 

Column 
Base plate 

Reinforcing bars 
Bottom Top 

Web Flange D26 D14 D12 D10 

407; 

504 

377; 

489 

373; 

551 

522; 

645 

507; 

585 

500; 

584 

552; 

657 

49.1; 

62.3; 59.9; 64.7; 

66.6; 67.8 

47.6; 

60.2; 56.8; 58.5; 

59.3; 62.2 

*The average compressive strength at the day of testing of specimens C-N-0, D-M1-1, D-M1-3, D-M1-5, D-

M2-2 from left, respectively. 
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(a) Column positioned inside the foundation 

 

(b) Steel reinforcement assembled outside the formwork 

Figure 5.7 Test specimen assembly prior to casting. 

 

5.3.3 Test setup and employed loading protocol 

Figure 5.8 illustrates the elevation view of the test setup after the installation of one of the test specimens, 

which are considered to be planar. The test specimens are fixed with four tie-down anchors, each one pre-

loaded to 700 kN to a stiff spreader beam that, in turn, is anchored to the strong floor at both ends (see Fig. 

5.8a). Two shear keys are placed at each side of the RC foundation to prevent potential slippage of the test 

specimens on the spreader beam. The top end of a test specimen is connected to a 1000 kN servo-hydraulic 

actuator through a rigid plate with post-tensioning rods (see Fig. 5.8a). The actuator, which operates in dis-

placement control, transfers the load from the test specimen to a lateral reaction space frame (see Fig. 5.8a). 

At this instance, the test specimens were not subjected to axial load demands. Figure 5.8a depicts the points at 

which stability bracing is provided to the test specimens. The bracing system consists of two horizontal IPE450 

beams, which are mounted on four vertical posts. The bracing beams are placed 860 mm higher than the top 

surface of the foundation. 

Each test specimen is subjected to a standard symmetric cyclic lateral loading protocol (Clark et al. 1997). The 

loading protocol is applied till loss of the lateral load carrying capacity of each test specimen. The column 

lateral drift ratio is defined as the relative column top lateral displacement with respect to the RC foundation 

centerline divided by the cantilever height, 𝐿𝑐 of the column. 
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(a) Elevation view (Unit: mm) 

 

 

(b) Global view 

 

(c) Local view 

Figure 5.8 Test setup and typical test specimen after installation. 

 

5.3.4 Instrumentation 

Seventeen linear variable displacement transducers (LVDTs), four string potentiometers as well as two incli-

nometers are employed to extract key performance features of the test specimens. Particularly, the column top 

lateral displacement is measured with two string potentiometers that are mounted on a vertical post placed 

3200 mm away from the test specimen toward the east direction. Axial shortening of the column is also meas-

ured with two string potentiometers, which are mounted on transverse stiffeners at the column top end on both 

sides of the column web. These string potentiometers are fixed on the face bearing plates (i.e., at the level of 
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the foundation top surface) for the conventional ECB test specimen and at 160 mm higher than the foundation 

top surface for dissipative ECBs. 

Strain gauges are attached to selected steel reinforcement bars as shown in Fig. 5.6a to ensure that the RC 

foundation remains elastic throughout the loading history. The embedded portion of the steel columns is also 

strain gauged (see Fig. 5.3a) to measure the longitudinal strain demands and to quantify the effect of debonding 

layer on the hysteretic behavior of the test specimens. 

Referring to Fig. 5.8a, two three-dimensional stereo-correlation digital image correlation (DIC) systems are 

installed at a distance of 500 mm apart to monitor the strain demands of the west and east side of the column 

flanges as well as the top surface of the RC foundation adjacent to the column flanges. The line-of-sight of the 

DIC system is approximately at a 45-degree angle with respect to the top surface of the foundation. The column 

flanges and concrete surface, are painted white with an application of a random black speckle pattern (Vic-3D 

2018). Finally, the lateral bracing system is properly instrumented to deduce the stability bracing force de-

mands of the beam-columns under cyclic loading. 

 

5.4 Qualitative summary of damage progression of conventional and dissipative ECBs 

In this section we present a qualitative summary of the observed performance of all test specimens. Emphasis 

is placed on the deduced base moment (𝑀𝑏𝑎𝑠𝑒) - column drift ratio (𝜃) relation of the test specimens as well 

as the behavior of the embedded portion. 

 

5.4.1 Hysteretic behavior 

Figure 5.9 illustrates the cyclic behavior of the conventional ECB (C-N-0) and a representative dissipative 

ECB (i.e., D-M1-3). Key damage states are indicated on the deduced base moment – column drift ratio and 

the imposed lateral loading protocol. The base moment is defined as the lateral force multiplied by the canti-

lever length. 
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(a) Conventional test specimen 

 

(b) Dissipative test specimen (D-M1-3) 

Figure 5.9 Comparison of cyclic behavior between conventional and representative dissipative ECB. 

 

Referring to Fig. 5.9a, the conventional specimen C-N-0 exhibited elastic response until a column drift ratio 

of about 1 % rad. The initial elastic stiffness was 4.86 × 107 kN. mm/rad. During the elastic loading cycles, 

the test specimen exhibited concrete surface cracks near the column flange edges (onset at 0.5 % rad) as well 

as the face bearing plate (onset at 0.75 % rad). The former was identified with the DIC system while the latter 

with visual observations. These cracks are attributed to flexural deformations of the embedded steel column 

portion. During the first excursion of the 1 % rad lateral drift amplitude, hairline cracks, which were less than 

0.1 mm thick were observed at the north and south sides of the RC foundation. The onset of local buckling 

near the column base was observed during the first excursion of the 3 % rad lateral drift amplitude. However, 

the moment – column drift ratio relation remained stable till the second excursion of the 4 % rad lateral drift 

amplitude (see Fig. 5.9a) at which the test specimen attained its peak base moment ( 𝑀𝑚𝑎𝑥 =

 6.41× 105 kN. mm). 
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In the subsequent loading cycles, the progression of local buckling resulted in considerable flexural strength 

deterioration. The specimen reached 80 % of its peak flexural strength at the third excursion of the 5 % lateral 

drift amplitude. 

Figures 5.10a and b depict the extent of local buckling at 6 % rad lateral drift amplitude and at the end of 

testing, respectively. During the third excursion of the 6 % rad lateral drift amplitude, ductile tearing occurred 

between the face bearing plate and the east flange of the cross section (see Fig. 5.10c). At this lateral drift 

demand, both web and flange local buckling near the column base were excessive (see Fig. 5.10b), thereby 

resulting in more than 20 mm of column axial shortening. Referring to Fig. 5.9a, the test finally stopped during 

the third excursion of the 7 % rad lateral drift amplitude because of ductile tearing of the k-area at the highly 

distorted local buckle region of the web as shown in Fig. 5.10d. The damage progression and observed failure 

modes are consistent with prior tests on fixed-end steel columns through collapse (Suzuki and Lignos 2021). 

At this point, the reserve flexural capacity of the steel column was nearly 40 % of its peak flexural strength. 

Axial shortening, 𝛿𝑎𝑠, was 40 mm. While this value is indicative in this case, a much larger residual axial 

shortening should be expected in the presence of compressive axial load (Cravero et al. 2020; Elkady and 

Lignos 2018a; Ozkula et al. 2017; Suzuki and Lignos 2021). Although the number of hairline cracks increased 

up until a lateral drift ratio of 5 % rad, they did not affect the lateral resistance of the test specimen. Strain 

measurements obtained from the steel reinforcement bars confirmed that the RC foundation remained elastic 

throughout the imposed lateral loading history. 

To contrast the observed behavior from the conventional ECB, Figure 5.9b depicts the hysteretic behavior of 

test specimen D-M1-3. During the lateral drift excursions up to 1 % rad, the initial lateral stiffness of the test 

specimen was 2.17× 107 kN. mm/rad, which is nearly half of that of the conventional ECB. This is attributed 

to the debonding material layer between the embedded steel column portion and the surrounding concrete. 

During the first excursion of the 1.5 % rad lateral drift amplitude, flexural yielding occurred within the em-

bedded portion of the column. The strain measurements from the DIC system confirmed that the column above 

the foundation remained elastic as intended. Moreover, the RC foundation was intact based on the longitudinal 

strain gauge measurements of the instrumented steel rebars. The corresponding yield moment at a tangent 

stiffness equal to 70 % of the initial one was 2.67× 105 kN. mm. This value is nearly 30 % less than the 

corresponding yield flexural strength of the conventional ECB and corresponds to the flexural strength of the 

reduced cross section within the embedded portion. 
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(a) C-N-0: 2nd cycle of 6 % rad 

 

(e) D-M1-3: 2nd cycle of 6 % rad 

 

(b) C-N-0: end of testing 

 

(f) D-M1-3: end of testing 

  

(c) C-N-0: Tearing near the face bearing plate 

weld 
(g) D-M1-3: Onset of cracking between the flanges 

(2 % rad) 

 

(d) C-N-0: Tearing near the k-area within the buckled 

region 

 

(h) D-M1-3: Plastic deformation due to flange 

bearing 

Figure 5.10 Damage patterns - Left: conventional ECB; Right: dissipative ECB (D-M1-3).  
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While the lateral drift amplitude increased, the butyl rubber tape between the column and the concrete was 

squashed. Consequently, part of the rubber tape was pushed out of the top foundation surface. During the 2 % 

rad lateral drift amplitude, the concrete cover near the column web and in between the column flanges exhibited 

light cracking while the embedded column portion yielded in flexure (see Fig. 5.10g). The concrete cover 

spalling between flanges grew as the drift amplitude increased. However, this did not cause any sign of flexural 

strength degradation as seen in Fig. 5.9b. During the first excursion of the 4 % rad drift amplitude, the base 

moment exceeded the yield flexural resistance of the unreduced cross section. This triggered flexural yielding 

without inducing local buckling of the steel column flanges above the foundation as intended by design. On 

the contrary, local buckling in the web and flanges of the test specimen was prevented till the end of the test 

(see Figs. 5.10e to 5.10f). Figure 5.10h suggests that some plastic deformation was evident due to flange bear-

ing to the RC footing at a lateral drift demand of 4-5 % rad. However, the deduced moment rotation was fairly 

stable up to about 7 % rad lateral drift demand (see Fig. 5.9b) because most of the energy dissipation occurred 

within the dissipative zone of the embedment length as intended. Referring to Fig. 5.9b, the peak attained base 

moment of the dissipative ECB was 4.67 × 105 kN. mm, which was about 25 % less than the peak attained 

moment of the conventional one. After the 7 % rad lateral drift amplitude, the flexural strength of the dissipa-

tive ECB test specimen only reduced by 11 % compared to the peak attained moment. This was due to the 

plastic deformation that was induced by flange bearing (See Fig. 5.10h). 

Referring to Fig. 5.9b, during the third excursion of the 8 % rad drift amplitude, the test specimen D-M1-3 

experienced a fairly rapid flexural strength loss due to ultra-low cycle fatigue that occurred to the steel material 

within the embedded portion. This failure mode is analogous to that observed in buckling restrained braces 

(Takeuchi and Wada 2017). The overall behavior of the dissipative ECB test specimens reveals that while they 

featured mild structural steel, the observed cyclic hardening was fairly negligible, thereby making the observed 

behavior quite predictable. 

Contrary to the conventional ECB, the steel column above the RC footing did not experience any visible sign 

of structural damage (see Fig. 5.10f). Particularly, at the last excursion prior to fracture due to ultra-low cycle 

fatigue at the top end of the dissipative zone, the steel column elongated by 7 mm due to the absence of com-

pressive axial load. The RC footing remained elastic throughout the entire loading history. 

Figure 5.11 summarizes the deduced base moment - column drift ratio relations of the other three dissipative 

ECB test specimens that were tested. The observed performance in all cases is qualitatively the same with the 

one of D-M1-3 discussed earlier including the damage mechanisms as well as the ultimate failure mode (i.e., 

ultra-low cycle fatigue). Section 5.5 provides an explicit discussion for some of the quantitative differences in 

the observed performance, which is mostly related to either the debonding material type or its thickness. 
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5.4.2 Assessment of the behavior of the embedded steel column portion 

The embedded steel column portion of each test specimen was carefully inspected after cutting those with a 

diamond wire saw cutting machine. Particularly, two types of surface cuts were conducted in all five test 

specimens. The first one (noted as surface cut 1) was perpendicular to the strong axis of the column cross 

section and along the centerline of its web (see Fig. 5.12a). The second cut was parallel to the column flange 

in which fracture occurred as shown in Fig. 5.12a. Referring to Figs. 5.12b and 5.12c, no visible concrete 

cracks were identified on both surfaces of test specimen D-M1-3, suggesting that the RC footing remained 

elastic throughout the loading history (excluding the cover concrete, which can be easily repaired). 

Two additional cuts were conducted for test specimens D-M1-3, D-M1-5, and D-M2-2. Particularly, surface 

cut 3 (see Fig. 5.13a) was carried in parallel to the column web surface and along the flange edges. Figures 

5.13b to d suggest that only the 70 mm concrete cover between flanges experienced cracking and was pulled 

out as discussed earlier. While this is easily repairable, it occurred due to lack of confinement reinforcement. 

The concrete layer within the RC footing remained elastic while providing lateral stability to the column web 

of the embedded portion. 

Figure 5.13 reveals that once the concrete cover between the column flanges was pulled out at 5 % rad lateral 

drift demand, these exhibited minor permanent deformations. At this point, the flange deformation at this po-

sition was not restrained in between the column flanges. Because of the cross-sectional kinematics, web local 

deformation was observed at the same cross-sectional level. Referring to Figs. 5.9b and 5.11, the minor flexural 

strength deterioration after 5 % rad drift in all four dissipative ECB test specimens is attributed to this localized 

deformation. 
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(a) D-M1-1 (b) D-M1-5 

 

(c) D-M2-2 

Figure 5.11 Base moment – column drift ratio relation of dissipative ECB test specimens. 

 

 

  

(a) surface cut illustration (b) surface cut 1 (c) surface cut 2 

Figure 5.12 RC foundation surface cuts of test specimen D-M1-3.  
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(a) surface cut illustration (b) D-M1-3 

  

(c) D-M1-5 (d) D-M2-2 

Figure 5.13 Cross-sectional cuts along flange edges (surface cut 3). 

 

Referring to Fig. 5.14, a final surface cut (i.e., surface cut 4) was conducted in all test specimens. This cut was 

done parallel to a test specimen’s flange that experienced tensile longitudinal stresses during the last loading 

excursion. Particularly, Fig. 5.14b suggests that the conventional ECB connection experienced mild cracking 

within the cover concrete that propagated in approximately 30-degree angle to the surface of the RC footing. 

Referring to Figs 5.14c to 5.14f, in all the dissipative ECB test specimens, fracture occurred at the vicinity of 

the radius cut of the reduced cross section at the top end of the dissipative zone. After inspection of the test 

specimens, fracture was ductile in all cases and occurred after necking (e.g., see Fig. 5.14c). 

  



Chapter 5: Development and experimental validation of dissipative ECB connections for enhanced seismic performance of steel MRFs 

117 

 
 

(a) surface cut illustration (b) C-N-0 

  

(c) D-M1-1 (d) D-M1-3 

  

(e) D-M1-5 (f) D-M2-2 

Figure 5.14 Permanent deformations and fracture observed at the top end of the dissipative portion (surface 

cut 4). 

 

5.5 Quantitative evaluation of the hysteretic behavior of test specimens 

This section commences with quantitative information of key response data for all five test specimens by 

leveraging the deduced moment - rotation and longitudinal strain data discussed earlier. The response data may 

be used (a) to facilitate the design approach of dissipative ECB connections in steel MRFs; and (b) to develop 

practice-oriented engineering models for use in nonlinear response history analyses of steel MRFs equipped 

with dissipative ECBs. The response data are summarized in Tables 5.4 and 5.5 for each one of the test 
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specimens. The deduced test data along with videos and images for all test specimens is publicly available 

through the Zenodo open access data repository (https://doi.org/10.5281/zenodo.4244684). 

 

Table 5.4 Test results and estimations of strength/stiffness of test specimens. 

Specimen 

𝑀𝑦 

(105 

kN.mm)  

𝑀𝑦,𝑝𝑟𝑒𝑑𝑖𝑐𝑡𝑒𝑑
*1 

(105 

kN.mm)  

𝑀𝑦,𝑒𝑓𝑓  

(105 

kN.mm)  

𝑀𝑚𝑎𝑥  
(105 

kN.mm) 

𝐾𝑒  
(107 

kN.mm/rad) 

𝐾𝑒,𝑝𝑟𝑒𝑑𝑖𝑐𝑡𝑒𝑑
*2 

(107 

kN.mm/rad) 

𝐾𝑝

𝐾𝑒

 

C-N-0 4.09 - 4.94 6.41 4.86 - 0.09 

D-M1-1 2.81 3.05 4.00 4.70 2.66 2.02 0.05 

D-M1-3 2.78 3.11 3.87 4.67 2.17 1.81 0.06 

D-M1-5 2.67 3.08 3.64 4.43 1.78 1.74 0.10 

D-M2-2 2.84 3.05 4.02 4.43 2.06 1.86 0.06 
*1 Predicted according to Eq. (5.11) 
*2 Predicted according to Eq. (5.10) 

 

Table 5.5 Comparison of primary responses of test specimens. 

Specimen 

∑ 𝐸

𝑀𝑦
  

(rad) 

Column drift ratio corresponding to each event (rad) At the last stable excursion 

𝑀𝑏𝑎𝑠𝑒 = 𝑀𝑚𝑎𝑥  𝑀𝑏𝑎𝑠𝑒 = 0.8𝑀𝑚𝑎𝑥  𝛿𝑎𝑠 = 20 mm 𝜃 (rad) 𝑀𝑏𝑎𝑠𝑒  𝛿𝑎𝑠 (mm) 

C-N-0 1.4 2nd -0.04 2nd +0.05 2nd -0.06 2nd +0.07 0.39𝑀𝑚𝑎𝑥  40 

D-M1-1 2.0 1st -0.06 N/A N/A 2nd -0.07 0.94𝑀𝑚𝑎𝑥  N/A 

D-M1-3 2.4 1st -0.07 N/A N/A 2nd +0.08 0.89𝑀𝑚𝑎𝑥  -7 

D-M1-5 2.0 1st -0.06 N/A N/A 1st -0.08 0.97𝑀𝑚𝑎𝑥  -3 

D-M2-2 3.2 1st -0.05 N/A N/A 2nd -0.09 0.81𝑀𝑚𝑎𝑥  -4 

*N/A: Not applicable 

 

5.5.1 Response parameters deduced from moment – drift relations 

Figures 5.9 and 5.11 illustrate the deduced base moment – column drift ratio relations for the test specimens. 

Based on this data the following response data are extracted: (1) the initial stiffness, 𝐾𝑒; (2) the yield moment, 

𝑀𝑦 which is defined as the base moment where the tangent stiffness of the first cycle envelope is equal to 70 % 

of the initial stiffness; 3) the post-yielding stiffness, 𝐾𝑝, which is the second slope of the equivalent bilinear of 

the first cycle envelope curve; and 4) the effective yield moment, 𝑀𝑦,𝑒𝑓𝑓 which is the yield moment of the 

equivalent bilinear approximation of the first cycle envelope. These parameters are defined in Fig. 5.15 for 

representative test specimens. The deduced data are summarized in Table 5.4 after averaging the corresponding 

values from the positive and negative loading directions. 

  

https://doi.org/10.5281/zenodo.4244684
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(a) C-N-0 (b) D-M1-3 

Figure 5.15 Parameter definitions for stiffness and strength models of conventional and dissipative ECBs. 

 

The elastic stiffness of the conventional test specimen (C-N-0) is nearly 50 % less than the theoretical value 

of 3𝐸𝐼 𝐿⁄  due to the inherent flexibility of the foundation (Inamasu et al. 2019). On the other hand, 𝐾𝑒 in dis-

sipative ECBs is influenced by the thickness, 𝑡𝑟𝑏, of the debonding layer. Particularly, the larger the 𝑡𝑟𝑏, the 

smaller the stiffness. For instance, D-M1-1 (i.e., 1 mm thick debonding layer) and D-M1-5 have 𝐾𝑒, which is 

45 % and more than 60 % smaller than that of their conventional counterpart, respectively. In ‘M2’ series, the 

debonding material may be softer than ‘M1’ series. This may be the reason why the stiffness of the specimen 

D-M2-2 is in between the stiffness of D-M1-3 and D-M1-5. This aspect is also discussed in Sections 5.5.2 and 

5.5.3. 

Table 5.4 suggests that 𝑀𝑦 and 𝑀𝑚𝑎𝑥 are nearly the same between dissipative ECB test specimens regardless 

of the type of the debonding material. Both 𝑀𝑦 and 𝑀𝑚𝑎𝑥 are controlled by the reduced cross section of the 

dissipative zone, which is nominally identical in all cases. With regard to the normalized post-yielding stiffness 

ratio, 𝐾𝑝/𝐾𝑒, the observed variation is mainly attributed to differences in 𝐾𝑒 between test specimens. 

Table 5.5 summarizes the drift capacities at 𝑀𝑚𝑎𝑥 per test specimen. Notably, the associated drift capacities 

in all dissipative ECBs are at least 25 % larger than that of the conventional one. While the conventional ECB 

deteriorated in flexural strength by 20 % at the 5 % rad lateral drift amplitude, the dissipative ECBs experienced 

practically no flexural strength deterioration, thereby leading to superior energy dissipation capacity as indi-

cated by the normalized cumulative dissipation energy 𝛴𝐸/𝑀𝑦 till the end of each test. For instance, for the 

conventional ECB, 𝛴𝐸/𝑀𝑦 = 1.4 rads, whereas the corresponding values for dissipative ECBs were at least 

35 % to 125 % larger prior to fracture due to ultra-low cycle fatigue. 
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The observed differences in 𝛴𝐸/𝑀𝑦 between the dissipative ECB test specimens is attributed to the initial 

stiffness and the extent of local deformation of the embedded portion of the column due to bearing (see Fig. 

5.10h). It was observed that the specimen with the highest 𝛴𝐸/𝑀𝑦 (D-M2-2) experience noticeably more con-

crete cover spalling. This fact may have contributed to a higher drift capacity (i.e., fracture at second cycle of 

the 9 % rad drift) than its counterparts. 

Table 5.5 suggests that while axial shortening reached at least 20 mm at the 6 % rad lateral drift demand in the 

conventional ECB, the corresponding values for all the dissipative ones were nearly zero. This indicates that 

the dissipative ECBs are resilient to column axial shortening, which is a major consequence in fixed-end deep 

and slender wide flange beam-columns due to the early onset of coupled nonlinear geometric instabilities 

(Cravero et al. 2020; Elkady and Lignos 2018a; Ozkula et al. 2017; Suzuki and Lignos 2021). 

 

5.5.2 Strain distributions 

Steel column above the footing level 

Figure 5.16 depicts the maximum principal engineering strain field of the east column flange of the conven-

tional (C-N-0) and dissipative ECB (D-M1-3) test specimens at the second excursion of the 1.5 % rad and 4 % 

rad lateral drift amplitudes. The highlighted area in Fig. 5.16 corresponds to approximately 170 mm x 170 mm. 

A color contour is employed to better visualize the maximum principal strain field, which ranges from 0.5 to 

-0.1 %. Referring to Fig. 5.16a, at a lateral drift amplitude of 1.5 % rad, the conventional ECB steel column 

experienced more than 0.2 % strain demand, which exceeded the engineering strain at yield based on uniaxial 

tensile coupon testing (see Table 5.3). The corresponding maximum principal strain demands of the steel col-

umn as part of the dissipative ECB (see Fig. 5.16b), at the same lateral drift demand (i.e., 1.5 % rad), did not 

exceed the yield strain, thereby ensuring that the column flange above the RC footing remained elastic; hence, 

energy dissipation did occur inside the embedded steel column portion in this case, as intended. 

Figure 5.16c suggests that at a 4 % rad lateral drift demand, the maximum principal strains exceeded 0.5 %, 

which confirms that the dissipative zone of the conventional ECB steel column was right above the RC footing, 

as anticipated according to capacity design. At the same lateral drift amplitude, the maximum principal strains 

on the column flange of the dissipative ECB were nearly 0.2 %, thereby indicating flexural yielding initiation 

at this location. This is consistent with the moment - column drift ratio relation (see Fig. 5.9b) where, at 4 % 

rads, the measured moment exceeded the flexural yield strength of the unreduced wide flange cross section. 
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(a) C-N-0: 2nd excursion of 1.5 % rad 

 

(b) D-M1-3: 2nd excursion of 1.5 % rad 

 

 

(c) C-N-0: 2nd excursion of 4.0 % rad 

 

(d) D-M1-3: 2nd excursion of 4.0 % rad 

Figure 5.16 Evolution of maximum principal strain fields of east flange outer surfaces. 

 

Embedded steel column portion 

The longitudinal strain demands due to flexure inside the RC footing were measured with uniaxial strain 

gauges (see Section 5.3). Two gauges were attached at the flange tips along the embedded column length at 

four different cross-sectional levels as shown in Fig. 5.3. Figure 5.17 shows the normalized longitudinal strain 

distributions of the four dissipative ECB test specimens along the depth of each RC footing at the first excur-

sion of elastic lateral loading. We underscore elastic loading since, depending on the thickness of the rubber, 

the steel profile might not have reached full bearing with the concrete. The depth is measured from the top 

surface of the RC foundation. The average longitudinal strain at each cross-sectional level is reported per side 

(i.e., east/west). The reported strain demands are normalized with respect to the average longitudinal strain 

demands of the same flange at zero-millimeter depth. The results suggest that the strain distributions are fairly 

similar between both flanges. The largest longitudinal strain demands occurred within the dissipative zone 

either at -160 mm or -690 mm from the RC foundation surface. Both locations coincide with the two ends of 

the reduced cross section. While the observed differences in the longitudinal strain demands depend on the 

thickness of the debonding layer, the strain distribution profile confirms that yielding due to flexure com-

menced within the dissipative zone of the four dissipative ECB test specimens, as anticipated. 
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Referring to Fig. 5.17, the strain demands are quite different at the bottom end of the dissipative zone (i.e., at 

-690 mm). Particularly, for ‘M1’ series, the smaller the thickness the smaller the strain at a given cross-sec-

tional level, which allows one to conclude that the axial stiffness of the rubber layer plays a significant role in 

the force distributions in the embedded columns portion. It was observed that the strain at -690 mm of the M2-

2 mm thick material specimen does not fall between the corresponding strains of the specimens M1 1 and 3 

mm thick material specimens. This may be attributed to the difference in the elastic modulus of the debonding 

material between ‘M1’ and ‘M2’ series. 

 

 

Figure 5.17 Average normalized longitudinal strains at flanges of dissipative ECBs. 

 

5.5.3 Elastic stiffness and flexural yield strength models for dissipative ECBs 

Elastic stiffness model 

Referring to Table 5.4, the initial stiffness, 𝐾𝑒, of the dissipative ECBs is somewhat dependent on the thickness 

of the debonding layer. The largest initial stiffness refers to the ECB with the thinnest rubber tape (D-M1-1). 

Conversely, the smallest stiffness was measured in the test specimen with the thickest rubber tape (D-M1-5). 

In this section we propose an analytical model that considers the effect of the debonding layer on the elastic 

stiffness of the proposed dissipative ECB concept. This model may be used for seismic design of steel MRFs 

featuring dissipative ECBs. 

Let us assume a steel column that experiences lateral load, 𝑃, and it is embedded into a dissipative ECB. This 

load is transferred to the foundation through the base plate as well as through bearing of the top end of the 

unreduced embedded portion with length 𝑒𝑑,𝑡 near the RC foundation surface as shown in Fig. 5.18. Particu-

larly, this is assumed to occur at 𝑒𝑑,𝑡/2 (50 mm) lower than the foundation’s top surface. The bending moment 

diagram of the steel column – embedded base subassembly is shown in Fig. 5.18. The concentrated bearing 
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reaction of a rubber tape on each column flange may be estimated by the product of normal displacement of 

the rubber tape, 𝑥𝑟𝑏, and the equivalent normal stiffness of the rubber tape, 𝑘𝑟𝑏. The equivalent normal stiff-

ness of the rubber tape, 𝑘𝑟𝑏 may be expressed as follows, 

𝑘𝑟𝑏 = 𝐸𝑟𝑏𝐴𝑟𝑏/𝑡𝑟𝑏 (5.3) 

and 

𝐴𝑟𝑏 = 𝑏𝑓𝑒𝑑,𝑡 (5.4) 

where 𝐸𝑟𝑏 is the elastic modulus of the debonding material; 𝐴𝑟𝑏 is the effective area of the debonding layer at 

which normal stresses act on (see Fig. 5.18); 𝑡𝑟𝑏 is the thickness of the debonding layer; and 𝑏𝑓 is the width of 

the column flanges as shown in Fig. 5.18. The effective area is assumed to have a rectangular shape (see Fig. 

5.18). Let us assume that the normal displacement of the debonding layer is 𝑥𝑟𝑏. The moment at a distance y 

away from the base plate may be computed as follows, 

𝑀(𝑦) = (2𝑘𝑟𝑏𝑥𝑟𝑏 − 𝑃)𝑦 + (𝑃𝐻 − 2𝑘𝑟𝑏𝑥𝑟𝑏𝐿𝑑)   (0 ≤ 𝑦 ≤ 𝐿𝑑) (5.5) 

where the factor of 2 represents the number of effective bearing surfaces (see Fig. 5.18); and 𝐻 and 𝐿𝑑 are 

defined accordingly in Fig. 5.18. The flexural deflection of the column, v, can be obtained by solving the 

flexure equation for an elastic beam by considering the moment diagram of Eq. 5.5 by applying the two bound-

ary conditions at the base plate, 

𝑑2𝑣(𝑦)

𝑑𝑦2
= −

𝑀(𝑦)

𝐸𝐼(𝑦)
,
𝑑𝑣(0)

𝑑𝑦
= 0, 𝑣(0) = 0 (5.6) 

The second moment of area varies along the column length due to the dissipative zone that features the reduced 

cross section inside the RC footing as shown in Fig. 5.18. To retain simplicity, let us assume that the transition 

occurs at the center of the rounded corners of the reduced cross section. 

By integrating the differential equation along 𝑦, the deflection, 𝛿𝑓,𝐿𝑑
, and rotation, 𝜃𝐿𝑑

, at the level of the con-

centrated bearing reaction force expressed with the rubber normal displacement, 𝑥𝑟𝑏 are obtained as follows, 

𝛿𝑓,𝐿𝑑
= 𝑣(𝐿𝑑) = − ∬

𝑀(𝑦)

𝐸𝐼(𝑦)
𝑑𝑦2

𝐿𝑑

0

 (5.7) 

𝜃𝐿𝑑
=

𝑑𝑣(𝐿𝑑)

𝑑𝑦
= − ∫

𝑀(𝑦)

𝐸𝐼(𝑦)
𝑑𝑦

𝐿𝑑

0

 (5.8) 

The embedded column portion deforms in shear. The deflection due to shear force at the level of the concen-

trated bearing reaction force, 𝛿𝑠,𝐿𝑑
, may be approximated as follows, 
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𝛿𝑠,𝐿𝑑
= (𝑃 − 2𝑘𝑟𝑏𝑥𝑟𝑏)/(𝐺𝐴𝑣/𝐿𝑑) (5.9) 

where 𝐺 is the elastic shear modulus of steel, and 𝐴𝑣 is the shear area of the column along the strong axis. 

Since the normal deformation of the rubber tape is equal to the lateral displacement of the column at the level 

of bearing, 𝑥𝑟𝑏 = 𝛿𝑓,𝐿𝑑 + 𝛿𝑠,𝐿𝑑. The column top lateral displacement, 𝛥, may be, then, estimated as follows, 

𝛥 =
𝑃

3𝐸𝐼/(𝐻 − 𝐿𝑑)3
+

𝑃

𝐺𝐴𝑣/(𝐻 − 𝐿𝑑)
+ 𝑥𝑟𝑏 + 𝜃𝐿𝑑(𝐻 − 𝐿𝑑) (5.10) 

thus, the lateral stiffness can be obtained by rearranging Eq. 5.10 into the applied force 𝑃 over the column top 

lateral displacement 𝛥. Table 5.4 summarizes the analytically derived initial stiffnesses. The elastic modulus 

of the debonding material, 𝐸𝑟𝑏 is assumed to be 2 MPa (Coble 2003). The difference between the measured 

and predicted 𝐾𝑒 values is 24 % at maximum. More accurate predictions may be revealed if the actual 𝐸𝑟𝑏 is 

used. However, this was not measured during the experimental program for any of the two debonding materials. 

 

 

Figure 5.18 Illustration of elastic stiffness model. 
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Flexural yield strength model 

In Section 5.5.1 the yield moment of the dissipative ECB specimens was found to be insensitive to the debond-

ing layer thickness and type. This is attributed to the fact that the top end of the dissipative zone attained first 

the yield strain as revealed from the moment diagram and strain demands in Figs. 5.18 and 5.17, respectively. 

Referring to Fig. 5.1, the yield moment of a dissipative ECB may be simply calculated as the base moment 

when 𝑀𝑟,𝑡𝑜𝑝 reaches the yield moment of the reduced cross section. Assuming, 𝑀𝑏𝑜𝑡 = 0 the yield moment is 

estimated as follows, 

𝑀𝑦 = 𝑓𝑦,𝑓𝑆𝑟 (1 −
𝑃

𝑃𝑦,𝑟
)

𝑑𝑒𝑚𝑏𝑒𝑑

𝑑𝑒𝑚𝑏𝑒𝑑 − 𝑑𝑢𝑛,𝑡
 (5.11) 

where 𝑓𝑦,𝑓 is the yield stress of the column flange, 𝑆𝑟 is the elastic section modulus of the reduced cross section, 

𝑃 is the axial load demand, and 𝑃𝑦,𝑟 is the axial yield resistance of the reduced cross section. The predicted 

values of 𝑀𝑦 are summarized in Table 5.4 for each test specimen. The results slightly vary because of the 

difference in the measured geometric properties of each cross-sectional profile. The agreement between the 

predicted and experimentally obtained values is noteworthy. 

 

5.5.4 Column axial shortening 

Previous research studies (Cravero et al. 2020; Elkady and Lignos 2018a; b; Ozkula et al. 2017; Suzuki and 

Lignos 2021) have stressed that axial shortening is a major consequence of nonlinear geometric instabilities in 

steel wide flange beam-columns under inelastic cyclic loading. This is somewhat depicted in Fig. 5.19a that 

illustrates the accumulated column axial shortening for the conventional ECB test specimen. At lateral drift 

demands larger than 3 % rad, axial shortening accumulates exponentially with the progression of local buckling. 

Conversely, axial shortening is nearly zero in steel columns featuring the proposed dissipative ECB concept 

regardless of the employed debonding layer (see Figs. 5.19b to 5.19d). The primary reason is that the formation 

of web local buckling is prohibited due to the targeted energy dissipation mechanism, which always assures a 

stable hysteretic response throughout the loading history. 
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(a) C-N-0 (b) D-M1-3 

  

(c) D-M1-5 (d) D-M2-2 

Figure 5.19 Axial shortening – column drift ratio relations. 

 

5.5.5 Stability bracing force demands 

Previous work (Elkady and Lignos 2018a) have highlighted the influence of local buckling-induced shortening 

on the stability bracing force demands of wide flange steel beam-columns. Herein, the stability bracing force 

demands, 𝐹, were estimated based on the elastic deflections of the lateral bracing beams that were measured 

throughout the imposed lateral loading history with two LVDTs as shown in Fig. 5.20a. Because the elastic 

stiffness of the bracing beams was known a priori, the stability bracing force demands were deduced based on 

a simple application of the Hooke's law. Figures 5.20b and c depict the stability bracing force demands versus 

the column drift ratio history for the conventional (C-N-0) and a dissipative ECB test specimen (D-M1-3). The 

stability bracing force demands are normalized with respect to the expected axial resistance, 𝑃𝑦 of the steel 

column (i.e., 𝑃𝑦 = 𝑅𝑦𝑓𝑦,𝑛𝐴 where 𝑅𝑦 is the ratio of the expected yield stress to the specified minimum yield 

stress, and 𝐴 is the cross-sectional area of the column). Referring to Fig. 5.20b, in the conventional ECB test 

specimen the force demands exceed the corresponding strength limit according to the AISC (2016b) provisions. 

Local buckling near the column base causes member twisting, thereby increasing the stability bracing force 

demands. This observation agrees with prior related work (Elkady and Lignos 2018a; b). The stability bracing 
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force demands may be exacerbated in deep wide flange beam-to-column connections due to the eccentricity 

arising from beam local buckling, which in turn induces additional torsional moment demands to the steel 

column (Chi and Uang 2002; Zhang and Ricles 2006a). 

Conversely, Fig. 5.20c suggests that in the dissipative ECB concept, the corresponding stability bracing force 

demands were nearly zero throughout the imposed lateral loading history because the overall hysteretic behav-

ior of the column remained stable till the end of the test. This is further corroborated in Table 5.6 that summa-

rizes the corresponding peak stability bracing force demands at a lateral drift demand of 6 % rad for comparison 

purposes. 

 

 

(a) Plan view of the test apparatus 

  

(b) C-N-0 (c) D-M1-3 

Figure 5.20 Deduced column stability bracing forces versus column drift ratio. 
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Table 5.6 Lateral deflections of the running beams and estimated stability bracing forces. 

 C-N-0 D-M1-1 D-M1-3 D-M1-5 D-M2-2 

Maximum out-of-plane deflection [mm] 1.4 0.2 0.1 0.2 0.2 

Deduced stability bracing force, 𝐹 [kN] 129 18  9 18 18 

𝐹/𝑃𝑦 3.9% 0.5% 0.3% 0.5% 0.5% 

 

5.6 Limitations and suggestions for future work 

The present study features a number of limitations. While the test specimens were subjected to lateral loading, 

the effect of axial load demand was neglected at this stage. This is essential considering the profound effect of 

compressive axial load on column axial shortening especially when deep and slender cross sections are em-

ployed (Elkady and Lignos 2018a; b; Ozkula et al. 2017). Moreover, in reality, columns may be subjected to 

biaxial bending coupled with axial load demands due to three-dimensional earthquake shaking. While this was 

not within the original scope of the present study, three-dimensional effects should be carefully addressed in 

future experimental studies for the further development of the proposed design concept. 

The experimental program was conducted in a quasi-static fashion. Prior experiments on structural members 

that featured debonding materials similar to the ones used in the present study demonstrated that butyl rubbers 

exhibit a viscoelastic behavior. As such, real-time dynamic tests should be conducted to properly quantify this 

effect and how it may impact the overall column-RC footing subassembly hysteretic behavior. 

 

5.7 Summary and conclusions 

In this chapter, a novel embedded column base (ECB) connection is proposed and validated by means of large-

scale quasi-static experiments. The dissipative ECB connection prevents local buckling near the column base 

while dissipating energy within a pre-defined zone, which is embedded into the concrete foundation, that is 

decoupled from concrete with a debonding material layer. The experimental results, which were obtained from 

reversed cyclic symmetric loading histories, were contrasted with those from a conventional non-dissipative 

ECB connection that was designed according to current practice. 

The dissipative ECBs typically exhibited a stable hysteretic behavior till relatively large lateral drift demands 

(i.e., 7-9 % rads) without experiencing (a) RC foundation cracking (excluding cover concrete, which is easily 

replaced); and (b) local buckling near the steel column base above the RC footing. The latter resulted into 

nearly zero column axial shortening, which was a prevailing feature in the conventional non-dissipative ECB 

connection. Ultimate failure modes, which consistently occur above 7 % rad lateral drift demands during a 

symmetric cyclic loading history, were mostly related to ultra-low cycle fatigue rather than nonlinear geomet-

ric instabilities, which are common in ideally fixed end wide-flange beam-columns. The drift capacities at 

fracture were mainly influenced by the thickness and type of the respective de-bonding material. However, 
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both types of butyl rubber (Japanese vs. European origin) seem to achieve relatively large lateral drift capaci-

ties with the proposed ECB concept. 

The experimental results suggest that the dissipative ECBs prevent member twisting contrary to the conven-

tional case. This is attributed to the fact that inelastic local buckling is prevented in the steel column, thereby 

retaining its elastic torsional stiffness up to relatively large lateral drift demands (i.e., 7 % rads). Conversely, 

the stability bracing force demands in the conventional steel column ECB connection, which buckled near the 

column base, typically exceeded by at least two times the strength limits outlined in the AISC (2016b) design 

provisions. 

The experiments indicate that the backbone curve of the dissipative column base connection subassembly is 

characterized by (a) a linear segment, which can be analytically derived based on first principles of structural 

mechanics; and (b) a post-yield segment that does not practically exhibit strength deterioration. In that respect, 

the flexural yield strength of the dissipative column base may be predicted with a relatively high accuracy by 

a standard mechanics-based strength model of the reduced cross section within the embedded dissipative zone. 

Interestingly, the post-yield behavior of the proposed dissipative ECB connection can be reasonably approxi-

mated by a simple bilinear model since the post-yield stiffness ratio varies by only 5 % to 10 %. This means 

that the dissipative ECB behavior can be easily modeled even at large drift demands associated with sidesway 

instability. 

The proposed concept demonstrates that the inelastic column base response is reproducible and is mostly sen-

sitive to the associated steel material uncertainty, which is fairly small, rather than geometric instabilities that 

dominate conventional bases in which inelastic deformations tend to concentrate in the steel column itself. 
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 Finite element analysis of dissipative 

embedded column base connections under cyclic 

loading 

 

6.1 Introduction 

Fixed end column base connections in steel moment resisting frames (MRFs) are designed with a strong 

base/weak-column philosophy in seismically prone regions. During an earthquake, due to the steel MRF kin-

ematics, inelastic deformations near the fixed-end column boundary tend to concentrate within the steel col-

umn, thereby leading to flexural yielding followed by local buckling (Cravero et al. 2020; Elkady and Lignos 

2018a; Ozkula et al. 2017; Suzuki and Lignos 2021) even at modest lateral drift demands (Uang and Bruneau 

2018). The main challenges in this case relate to (a) flexural strength deterioration of the steel column itself; 

(b) column twisting due to loss of the torsional rigidity near the fixed end of the member; and (c) residual axial 

shortening that is usually associated with cross-sectional flange and web local buckling. 

A potential way to alleviate the aforementioned challenges is to shift the energy dissipation mechanism within 

the column base itself. Particularly, this has been successfully demonstrated in prior work on exposed column 

bases that promote controlled yielding in ductile anchors (Inamasu et al. 2020; Lignos et al. 2013; Trautner et 

al. 2016, 2017, 2019) rather than flexural yielding/local buckling of the steel column. Others have proposed a 

similar concept by leveraging self-centering column bases (Freddi et al. 2017, 2020). The above concepts are 

applicable to low rise steel MRFs designed in seismically prone regions. 

Embedded column bases are generally more common in mid- and high-rise steel MRFs (AISC 2012; Falborski 

et al. 2020b; a; Zareian and Kanvinde 2013). Figure 6.1 schematically illustrates a typical conventional em-

bedded column base (CECB) configuration. It consists of a steel column, a base plate, face bearing plates, and 

a reinforced concrete (RC) foundation. The steel column, which is welded to the base plate, is embedded into 

the RC foundation. The face bearing plates, which are welded between the column flanges, have a twofold 

role. Particularly, they transfer the column axial load to the foundation (AISC 2012); and they prevent local 

deformation of the column due to its bearing against the foundation (AIJ 2012). As illustrated in Fig. 6.1, the 

flexural and shear resistances of the CECB are mostly provided through horizontal bearing of the column 

flanges to the RC foundation. A secondary resisting mechanism through vertical bearing of the base plate and 

the face bearing plates against concrete is often utilized to provide flexural and shear resistance. 
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Figure 6.1 Typical configuration of a conventional embedded column base and its resisting mechanisms. 

 

In a recent study, Inamasu et al. (2021a) proposed an innovative seismic design concept for dissipative em-

bedded column bases (DECBs). Particularly, a dissipative zone within the embedded portion of the steel col-

umn is designed in such a way so as to limit inelastic deformations near the fixed end of the column above the 

foundation. The beneficial consequence of this concept is that first story steel MRF columns become resilient 

to local buckling. However, several issues that may influence the hysteretic behavior of DECBs have not been 

investigated. These include, the cross-sectional characteristics, the axial load conditions (i.e., constant versus 

variable) as well as the lateral loading history. Bidirectional effects due to 3-dimensional earthquake shaking 

may also be important but have not been studied yet. 

This chapter addresses the above issues by means of simulation-based engineering. In particular, a continuum 

finite element (CFE) modeling approach is first proposed to simulate the hysteretic behavior of conventional 

and dissipative embedded column bases. The CFE approach is validated to material and subassembly experi-

ments conducted by the authors in a prior study Inamasu et al. (2021a). The validated CFE model is then used 

to (a) further improve the proposed dissipative connection detail for targeted ductility and stability character-

istics; and to (b) explore how critical geometric and loading parameters may influence the cyclic performance 

of DECBs, which is always contrasted with that of CECBs. 
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6.2 Review of dissipative embedded column base connections and their response 

This section provides a brief overview of the DECB concept. It also discusses the physical aspects of the 

connection response and the load deformation curves to establish a basis for the proposed CFE modeling ap-

proach discussed in Section 6.3. Inamasu et al. (2021a) tested four large scale cantilever experiments on iso-

lated wide flange steel columns embedded inside a RC footing. Referring to Fig. 6.2, the primary dissipative 

zone of a DECB connection is within the embedded column portion, which is intentionally designed to be 

weaker than the column above the RC foundation. This is achieved by reducing the flange width of the em-

bedded column portion. Controlled rocking of the embedded column segment is allowed through wrapping 

with a debonding material layer. The RC footing, which wraps around the dissipative zone, is designed to 

remain elastic (Inamasu et al. 2021b) and prevents any potential nonlinear geometric instabilities within the 

dissipative zone, thereby ensuring a stable hysteretic response even at relatively large lateral drift demands 

(i.e., 6 % rad). 

 

 

Figure 6.2 Schematic illustration of dissipative embedded column base connections [image adopted from In-

amasu et al. (2021a)]. 

 

Figures 6.3a and b depict the base moment, 𝑀𝑏𝑎𝑠𝑒, versus column drift ratio, 𝜃, of dissipative (Specimen D-

M1-1) and conventional (Specimen C-N-0) embedded column base test specimens that were subjected to a 

symmetric cyclic lateral loading history (Inamasu et al. 2021a). The steel column featured a European IPE400 

cross section (i.e., local web slenderness ratio, ℎ/𝑡𝑤 = 38.5 and flange slenderness ratio, 𝑏𝑓/2𝑡𝑓 = 6.7), 

which was made of S355 material (nominal yield stress, 𝑓𝑦,𝑛 = 355 MPa). It is evident that the hysteretic 

behavior of the DECB is stable throughout the loading history. The flange width within the dissipative zone 
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was reduced to 88 mm. The debonding layer, which was 1 mm thick in this case, was made of butyl rubber 

tape. Referring to Figs. 6.3c and d, the bottom end of the steel column above the RC footing of the DECB did 

not experience local buckling-induced axial shortening unlike its conventional counterpart. The concrete cover 

of the DECB only exhibited light spalling after 3 % rad lateral drift demand. While flexural strength deterio-

ration practically did not occur throughout the imposed lateral loading history, the ultimate failure mode of the 

DECB was fracture due to ultra-low cycle fatigue during the first excursion of the 8 % rad column drift ratio. 

 

  

(a) Base moment - column drift ratio of D-M1-1 (b) Base moment - column drift ratio of C-N-0 

  

(c) D-M1-1 at 7 % rad (d) C-N-0 at 7 % rad 

Figure 6.3 Test results of a dissipative (D-M1-1) and conventional (C-N-0) embedded column base connec-

tions [test results and images were reproduced from Inamasu et al. (2021a)]. 

 

In addition to the sub-assembly experiments, ancillary tests were conducted to measure pertinent material 

properties such as the concrete compressive strength, as well as distinct features of the structural steel including 

strain hardening, the Bauschinger effect and compressive stress ratcheting under uniaxial cyclic straining based 

on the experimental procedures proposed in de Castro e Sousa et al. (2020). A laser scanner machine was also 
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used to measure and extract imperfections along the steel column member in an effort to inform the CFE model 

of the DECB, which is discussed in the subsequent section. 

 

6.3 Proposed continuum finite element approach 

In this section, a general CFE modeling approach is proposed to simulate the hysteretic behavior of conven-

tional and dissipative embedded column bases. The CFE model is developed with the commercial finite ele-

ment analysis software ABAQUS (version 6.14-1) (ABAQUS 2014). The implicit ABAQUS solver 

(ABAQUS standard) is used that involves Newton’s method with double precision. The default convergence 

criteria of 0.5 % on the relative force and moment residuals are employed. The subsequent section provides 

key details regarding the development of the CFE model and its validation. Such transparency is important for 

reproducing the numerical simulation results in forthcoming finite element studies. The CFE models discussed 

herein are developed based on the measured geometric properties of the IPE400 steel profile. These properties 

were determined prior to the execution of the experimental campaign by Inamasu et al. (2021a). 

 

6.3.1 Element type and mesh size 

Referring to Fig. 6.2, the wide flange steel column, its base plate and the RC foundation are explicitly modeled 

with solid finite elements as shown in Fig. 6.4a. These are selected to properly consider contact between per-

tinent surfaces. Particularly, the steel column is modeled with quadratic reduced integration solid elements 

(C3D20R) in regions that are not in contact with the RC footing, whereas full integration quadratic solid ele-

ments (C3D20) are used otherwise as shown in Fig. 6.4b. The global mesh seed size of the steel column is 

selected to be 25 mm. The column flanges are modeled with two elements through thickness and four elements 

along the radius of the k-area of the wide flange cross section as shown in Fig. 6.4c. 

Referring to Fig. 6.4, the portion of the RC foundation, which may be in contact with the steel column, is 

modeled with incompatible-mode linear solid elements (C3D8I). Linear solid elements with reduced integra-

tion (C3D8R) are adopted elsewhere. An elastic material model is adopted in the CFE model for the RC foun-

dation because it remained elastic throughout the experimental campaign in all cases (see Section 6.2). Rein-

forcing steel bars are not modeled in the CFE model. The Young’s modulus of the elastic material was deter-

mined according to concrete cylinder tests (Inamasu et al. 2021a). Because the 70 mm concrete cover in be-

tween the column flanges of the DECB specimens experienced considerable spalling early on during the lateral 

loading history, the rectangular portion shown in Figs. 6.4b and 6.4c was disregarded in the CFE model. Note 

that ABAQUS standard does not have the capability to explicitly model concrete crack initiation and propa-

gation. Referring to Fig. 6.4, a 50 mm global mesh seed size is adopted for the RC foundation whereas near 

the column flanges a local mesh seed size of 20 mm is adopted. A hard contact formulation is considered by 
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using a penalty constraint enforcement between the steel column portions that are directly in touch with the 

concrete foundation prior to the load application. The coefficient of friction is assumed to be equal to 0.6 

(Rabbat and Russell 1985). 

 

 
 

(a) Isometric view (b) Section A-A view 

 

(c) Plan view 

Figure 6.4 Illustration of the developed CFE model for dissipative column bases. 

 

A gap is placed around the embedded steel column portion to idealize the debonding material layer between 

the steel column and the RC foundation. The gap size is assumed to be equal to the thickness of the debonding 

material layer. It was found that this idealization of the debonding layer is rational given that its modulus of 

elasticity (i.e., 1 MPa) is negligible compared to that of the adjoining members. When the embedded steel 
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column portion is in direct contact with the RC footing during the lateral load imposition, the coefficient of 

friction between the associated surfaces is assumed to be zero due to the presence of the debonding material 

layer. A hard contact is considered by using the penalty constraint enforcement. The overall modeling strategy 

of the debonding material layer agrees with prior related work by Izumita et al. (2007). 

Conventional embedded column bases are modeled by employing the same modeling principles discussed 

earlier except that the gap between the column and the RC foundation is disregarded. Moreover, the face 

bearing plates and embedded stiffeners (see Fig. 6.1) are explicitly considered in the CFE model. The 70 mm 

concrete cover between the column flanges are also present in the CECB since spalling of this part was pre-

vented due to the face bearing plates (Inamasu et al. 2021a). The considered mesh sizes, which ensure minimal 

computational effort without compromising the solution accuracy, were validated through a mesh sensitivity 

study, which is not shown herein due to brevity. 

 

6.3.2 Material testing, cyclic metal plasticity and material parameter identification 

In order to properly characterize key material parameters for nonlinear modeling of S355 steel of the IPE400 

columns, a series of ancillary tests were conducted. Particularly, ten round coupons were extracted from the 

web and flange of the IPE400 cross section of the test specimens. The round coupons were subjected to a series 

of uniaxial monotonic and cyclic loading histories. The coupon geometry and strain-based loading protocols 

were established according to the procedures proposed by de Castro e Sousa et al. (2020). Figure 6.5 shows 

characteristic test results in terms of true stress - true strain relations for two of the employed loading histories 

(i.e., loading protocols 6 and 9). The ancillary tests manifest the combined isotropic and kinematic hardening 

of S355 structural steel. The results are consistent with those reported in prior related work for nominally 

identical steel materials (de Castro e Sousa et al. 2020; Hartloper et al. 2021; OPUS 2013). 

The CFE modeling approach discussed earlier features steel material nonlinearity with a recently developed 

multiaxial constitutive law (Hartloper et al. 2021). This material model features an updated version of the Voce 

and Chaboche combined kinematic/isotropic hardening law (Armstrong and Frederick 1966; Chaboche et al. 

1979; Voce 1948), which was enhanced to capture the discontinuous yielding phenomenon. Hereinafter, this 

constitutive law is termed as the updated Voce and Chaboche (UVC) model. In brief, the material constitutive 

relationships are based on a von Mises yield surface (Von Mises 1913) within the framework of rate-independ-

ent J2 plasticity. The isotropic hardening rule is refined to account for the reduction in the size of the yield 

surface in the UVC model. Multiple backstresses may be considered to represent the overall backstress, 𝛼 , in 

the kinematic hardening rule. The nonlinear kinematic hardening law with multiple backstresses and the non-

linear modified isotropic hardening law are expressed by Eqs. 6.1 and 6.2, and Eq. 6.3, respectively. 
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𝛼�̇� = sign(𝜎 − 𝛼)𝐶𝑘휀�̇�𝑞
𝑝

− 𝛾𝑘𝛼𝑘휀�̇�𝑞
𝑝

 (6.1) 

𝛼 = ∑ 𝛼𝑘

𝑛𝐵𝑎𝑐𝑘

𝑘=1

 (6.2) 

𝜎𝑦 = 𝜎𝑦,0 + 𝑄∞ (1 − 𝑒−𝑏𝜀𝑒𝑞
𝑝

) − 𝐷∞ (1 − 𝑒−𝑎𝜀𝑒𝑞
𝑝

) (6.3) 

where 𝛼𝑘 is the backstress component k, 𝐶𝑘 and 𝛾𝑘 are the parameters associated with the magnitude and rate 

of yield surface translation of backstress component k (𝐶𝑘/𝛾𝑘 represents the maximum amount of yield surface 

translation while 𝛾𝑘 represents the rate of the yield surface translation), nBack is the number of backstreses 

components, 𝜎𝑦,0 is the equivalent yield stress at zero plastic strain, 𝑄∞ is the maximum expansion of yield 

surface, 𝑏 is the rate of the expansion of the yield surface, 𝐷∞ and 𝑎 are the parameters that define the magni-

tude and rate in the decrease in the initial yield stress, and 휀𝑒𝑞
𝑝

 is the equivalent plastic strain. These above 

input model parameters are calibrated to the material test data from the round coupons discussed earlier using 

two backstresses. The parameter identification of the UVC model is conducted based on the gradient-based 

optimization algorithm that was proposed in Hartloper et al. (2021). Figure 6.5 depicts illustrative comparisons 

between the UVC model and the test data for consistent model parameters between material-based tests. From 

this figure, the accuracy of the calibrated UVC material model in reproducing the experimental results is note-

worthy. The identified input model parameters are summarized in Table 6.1, which are fairly consistent with 

reported values in the literature for S355 structural steels (Hartloper et al. 2021). 

 

  

(a) Loading protocol 6 (b) Loading protocol 9 

Figure 6.5 Cyclic material test results with updated Voce-Chaboche model response. 
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Table 6.1 Input parameters of the UVC material model. 

 
E 

(GPa) 

𝜎𝑦,0 

(MPa) 

𝑄∞ 

(MPa) 
b 

𝐷∞ 

(MPa) 
a 

𝐶1 

(MPa) 
𝛾1 

𝐶2 

(MPa) 
𝛾2 

Flange 189 387 127 17.3 116 234 3275 35.8 21985 281 

Web 189 422 94 12.2 141 296 2123 19.7 38477 320 

 

6.3.3 Local imperfection measurements and imperfection extraction 

Prior research investigations have emphasized on the role of initial geometric imperfections in predicting the 

cyclic behavior of steel beam-columns [e.g., Cravero et al. (2020) and Elkady and Lignos (2018b)]. For this 

reason, the initial geometric imperfections of each one of the IPE400 columns, which were tested by Inamasu 

et al. (2021a), were measured with a laser scanner machine (Quantum FARO Laser ScanArm of 2008) after 

completion of fabrication work as well as concrete casting. Referring to Fig. 6.6a, measurements were con-

ducted at five cross sections that were 100 mm apart for the CECB specimen and at two cross sections that 

were 200 mm apart for the DECB specimens. 

Figure 6.6b illustrates a sample reconstructed cross section after scanning. The scanned data are imported to a 

standard CAD software (AutoCAD 2019). The flange centroids of the scanned cross-sectional geometry are 

identified as shown in Fig. 6.6b. These define a web datum axis straight line. Two perpendicular straight lines 

(i.e., flange datum lines) to the web datum line are then defined for each flange. Each one of these lines crosses 

the corresponding flange centroid. Imperfections are extracted by comparing the coordinates of the scanned 

geometry with those of the web and flange datum axes. The flange imperfections, 𝑒𝑓1,2, are measured at +/− 

80 mm and at +/− 45 mm from the web datum axis as shown in Fig. 6.6b. Assuming that that web imperfec-

tion follows a sinusoidal imperfection (ArcelorMittal Europe 2019), only the maximum imperfection, 𝑒𝑤, is 

of interest in this case. Table 6.2 summarizes the obtained initial local geometric imperfections of the five 

IPE400 cross sections that were tested. The European Specification EN-10034 (CEN 1993) specifies the roll-

ing tolerances on out-of-squareness of wide flange cross sections, which is 2 % rad for the summation of the 

flange rotations with respect to the web. No limit is imposed on the web flatness. Referring to Table 6.2, the 

extracted imperfection measurement shapes and their amplitude are within the specified limits in all the cases 

(1.58-1.97 % rad). The web imperfection amplitude ranges from 𝑑/200 − 𝑑/140 where 𝑑 is the cross-sec-

tional depth of the column. This is comparable to the limit specified for the column web imperfection in the 

US (AISC 2016b; ASTM 2017). 
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(a) Scanned cross sections for imperfection extraction 

 

(b) Schematic illustration of a scanned cross section and extracted imperfection parameters 

Figure 6.6 Illustration of column imperfection measurement. 
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Table 6.2 Geometric imperfections of the conventional and dissipative embedded column base specimens 

(Dimensions in mm). 

ID Level  𝑒𝑤  𝑒𝑓1
+80𝑚𝑚 𝑒𝑓1

+45𝑚𝑚 𝑒𝑓1
−45𝑚𝑚 𝑒𝑓1

−80𝑚𝑚 𝑒𝑓2
+80𝑚𝑚 𝑒𝑓2

+45𝑚𝑚 𝑒𝑓2
−45𝑚𝑚 𝑒𝑓2

−80𝑚𝑚 

C-N-0 

0 2.04 -1.30 -0.52 0.57 0.85 -0.34 -0.31 0.21 0.85 

+100 2.66 -1.41 -0.59 0.59 0.94 -0.17 -0.14 0.18 0.68 

+200 2.78 -1.44 -0.59 0.63 0.92 -0.06 -0.17 0.13 0.62 

+300 2.83 -1.41 -0.56 0.61 0.95 -0.03 -0.14 0.12 0.58 

+400 2.70 -1.43 -0.56 0.54 0.84 0.04 -0.08 0.12 0.53 

D-M1-1 
+200 2.07 -1.32 -0.54 0.57 0.92 -0.31 -0.24 0.23 0.94 

+400 2.61 -1.30 -0.55 0.55 0.94 -0.21 -0.19 0.17 0.69 

D-M1-3 
+200 2.17 -1.33 -0.54 0.54 0.87 -0.16 -0.22 0.21 0.69 

+400 2.10 -1.29 -0.52 0.61 0.92 -0.33 -0.25 0.21 0.90 

D-M1-5 
+200 2.05 -1.31 -0.52 0.60 0.82 -0.29 -0.22 0.26 0.95 

+400 2.60 -1.35 -0.59 0.56 0.95 -0.25 -0.18 0.19 0.70 

D-M2-2 
+200 2.17 -1.33 -0.54 0.53 0.87 -0.17 -0.23 0.21 0.60 

+400 2.13 -1.34 -0.54 0.58 0.90 -0.30 -0.24 0.23 0.95 

 

The extracted local imperfections are incorporated in the CFE model for the CECB specimen because its hys-

teretic behavior is highly sensitive to initial geometric imperfections. While imperfections for DECBs were 

measured, these were conservatively applied with standard buckling analysis according to the procedures dis-

cussed in Elkady and Lignos (2018b). However, the hysteretic response of DECBs was always found to be 

stable, thereby indicating no sensitivity to initial geometric imperfections (Inamasu et al. 2021a). 

 

6.3.4 Finite element model validation 

The proposed CFE models for CECBs and DECBs are validated with experimental data from the large-scale 

test program that was conducted by Inamasu et al. (2021a). The model validations are conducted on the basis 

of comparisons of the simulated response of the respective column bases with the measured one in terms of 

base moment versus column drift ratio relations. Figure 6.7 shows sample comparisons between the simulated 

and the experimental results of the conventional (see Fig. 6.7a) and dissipative bases (Figs. 6.7b to e). 

Referring to Fig. 6.7a, the developed CFE model simulates relatively well both the pre- and post-buckling 

behavior of the CECB under a reversed cyclic symmetric loading protocol. Minor differences may be attributed 

to the fact that the influence of residual stresses due to manufacturing and hot-rolling were not considered 

within the CFE model. Similarly, Figures 6.7b to e suggest that the proposed modeling approach successfully 

reproduces the hysteretic behavior of DECBs up until fracture due to ultra-low-cycle fatigue regardless of the 

thickness and type of the debonding material layer. Modeling of fracture is not considered though. Noteworthy 

stating that the proposed modeling approach traces reasonably well the elastic stiffness of the steel column - 

RC footing subassemblies including those of the DECB concept. 
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(a) C-N-0 (b) D-M1-1 

  

(c) D-M1-3 (d) D-M1-5 

 

(e) D-M2-2 

Figure 6.7 Comparison between simulated and test results. 

 

The general consensus from the validation studies presented herein is that the proposed modeling approach is 

fairly general and can serve for potential improvements of the dissipative design concept based on finite 
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element assisted design (see Section 6.4) as well as the parametric investigation of the effects of other loading 

and geometric parameters on the DECB hysteretic response and on that of steel columns in conventional bases, 

which are prone to cross-sectional local buckling. 

 

6.4 Refinement of dissipative embedded column base detailing through finite element analysis 

This section discusses the results of a focused finite element investigation in an effort to refine certain design 

detailing aspects of the proposed dissipative embedded column base concept. Particularly, Inamasu et al. 

(2021a) demonstrated that flange bearing against the surrounding concrete surface of the footing caused local-

ized inelastic deformations at lateral drift demands of 4 % rad. As such, in this section we explore, by means 

of simulation-assisted design, the potential use of horizontal stiffeners to minimize the aforementioned local-

ized deformations. 

Figure 6.8 illustrates the refined DECB configuration with horizontal stiffeners. The space between the stiff-

eners and the RC footing with the depth indicated in Fig. 6.8 should be filled with styrofoam, such that the 

column can freely exhibit controlled rocking under lateral drift coupled with axial load demands. Two model 

variants are developed with/without horizontal stiffeners for a cantilever DECB with one millimeter thick 

debonding material layer. The DECB, which features an IPE400 cross section, is subjected to symmetric cyclic 

lateral drift coupled with an axial load ratio, 𝑃/𝑃𝑦𝑒= 20 % (i.e., 𝑃𝑦𝑒 = 𝑅𝑦𝑓𝑦,𝑛𝐴; 𝑅𝑦 is the ratio of the expected 

yield stress to the specified minimum yield stress and it is equal to 1.28 (Braconi el al. 2013); 𝐴 is the nominal 

cross-sectional area of the column). In the CFE model with stiffeners, these are placed as shown in Fig. 6.8. 

 

 

Figure 6.8 Dissipative embedded column base connection with stiffeners. 

 

Figure 6.9 depicts the deformed shapes of the two model variants at a lateral drift demand of 4 % rad. From 

this figure, it is evident that localized flange deformations due to bearing are successfully minimized when 

horizontal stiffeners are present in the DECB.  
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(a) Without stiffeners (b) With stiffeners 

Figure 6.9 Deformed shapes of CFE model variants for dissipative embedded column bases with/without 

stiffeners at a lateral drift demand of 4 % rad. 

 

Figure 6.10 provides a quantitative comparison of the two DECB configurations in terms of moment versus 

column drift ratio (see Fig. 6.10a) and axial shortening versus column drift ratio (see Fig. 6.10b). While the 

simulated response of the two model variants is nearly identical up until a lateral drift of 4 % rad, the presence 

of horizontal stiffeners delays the flexural strength deterioration as well as the growth of axial shortening. After 

the 5 % rad lateral drift ratio, the steel column of the DECB with stiffeners experiences local buckling above 

the foundation. This is attributed to the fact that, for this specific case, the base moment exceeds the peak 

flexural resistance of the nominally identical column of a CECB. This value is superimposed with a dashed 

line in Fig. 6.10a. Referring to Fig. 6.10b, the column axial shortening of 20 mm at a column drift ratio of 4 % 

rad is due to accumulated plastic straining within the dissipative zone due to flexural yielding. 

 

  

(a) Base moment - column drift ratio (b) Axial shortening - column drift ratio 

Figure 6.10 Stiffener effect on cyclic responses of DECBs. 
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Vis-à-vis the above discussion, the parametric finite element study discussed in the following section, is con-

ducted by considering horizontal stiffeners in DECBs. 

 

6.5 Parametric finite element study 

A parametric finite element study was conducted to assess the effect of several geometric and loading param-

eters on the cyclic behavior of DECBs and contrast this to their conventional counterparts. Several parameters 

were interrogated. These are summarized in Table 6.3. The cross sections used were seismically compact and 

mostly within the limits of highly ductile members as per AISC 341-16 (AISC 2016a). The respective cross-

sectional depths represent common ones in mid- and high-rise steel frame buildings with perimeter MRFs in 

North America (Elkady and Lignos 2014; Falborski et al. 2020b; Zareian and Kanvinde 2013). For a given 

column depth, both a narrow and a wide flange width were examined. Two model variants were developed. 

These models represent conventional (CECB) and dissipative (DECB) embedded column bases, respectively. 

The RC foundation was designed to remain elastic in all cases according to the procedures in Inamasu et al. 

(2021b). As such, the corresponding embedment depth, 𝑑𝑒𝑚𝑏𝑒𝑑 varies accordingly. In DECBs, horizontal stiff-

eners are adopted at 50 mm from the top surface of the RC foundation as shown previously in Fig. 6.8. The 

dissipative zone features a reduced cross section with the minimum possible flange width (i.e., 𝑡𝑤 + 2𝑟 + 30 

mm; 𝑡𝑤 is the web thickness; 𝑟 is the radius of the cross-sectional k-area). The 30 mm distance from the k-

area of the cross section is considered to ensure stability of the steel column during the construction phase. 

The radius of the flange cut in the dissipative zone is equal to (𝑏𝑓 − 𝑏𝑓,𝑟)/2. This value minimizes stress 

concentrations in the transition from the unreduced to the reduced cross section (Pilkey et al. 2020). Moreover, 

a one millimeter debonding material layer is considered in all cases. Table 6.3 illustrates the plastic section 

modulus ratios between the reduced (i.e., 𝑍𝑟) and unreduced (i.e., 𝑍) cross sections of the respective steel 

column. 

The parametric finite element study also examined the influence of the lateral loading direction [i.e., unidirec-

tional (UD) / bidirectional (BD)] on the column base response. An example of the considered symmetric cyclic 

bidirectional loading history is shown in Fig. 6.11 based on prior work by Elkady and Lignos (2018a). 

Finally, the virtual testing matrix incorporates cases to investigate the effect of loading history on the column 

base responses. Particularly, unidirectional symmetric cyclic (UD-SYM) and collapse-consistent loading pro-

tocols representing both near fault [UD-CPS (NF)] and long duration [UD-CPS (LD)] ground motions. Both 

interior and end (exterior) column bases were considered. Figure 6.12 illustrates the collapse-consistent pro-

tocols for embedded bases featuring W30x173 columns. These protocols were adopted as proposed in Suzuki 

and Lignos (2020a). The collapse-consistent protocols are generated with a gravity-induced axial load equal 

to 0.2𝑃𝑦𝑒. In end columns the transient effect is assumed to be equal to 0.3𝑃𝑦𝑒.  
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Table 6.3 Simulation matrix. 

ID Cross section 
Column base 

type 

𝑑𝑒𝑚𝑏𝑒𝑑   

(mm) 
𝑍𝑟/𝑍 

Column  

position 

Lateral 

load 

Axial 

load 

1 W30x173 CECB 1400 - Interior UD-SYM Constant (20%) 

2 W30x173 DECB 1400 0.40 Interior UD-SYM Constant (20%) 

3 W30x148 CECB 1350 - Interior UD-SYM Constant (20%) 

4 W30x148 DECB 1350 0.49 Interior UD-SYM Constant (20%) 

5 W24x117 CECB 1000 - Interior UD-SYM Constant (20%) 

6 W24x117 DECB 1000 0.39 Interior UD-SYM Constant (20%) 

7 W24x103 CECB 1000 - Interior UD-SYM Constant (20%) 

8 W24x103 DECB 1000 0.48 Interior UD-SYM Constant (20%) 

9 W30x173 CECB 1400 - Interior BD-SYM Constant (20%) 

10 W30x173 DECB 1400 0.40 Interior BD-SYM Constant (20%) 

11 W30x148 CECB 1350 - Interior BD-SYM Constant (20%) 

12 W30x148 DECB 1350 0.49 Interior BD-SYM Constant (20%) 

13 W30x173 CECB 1400 - Interior UD-CPS (LD) Constant (20%) 

14 W30x173 DECB 1400 0.40 Interior UD-CPS (LD) Constant (20%) 

15 W30x173 CECB 1400 - End UD-CPS (LD) Variable 

16 W30x173 DECB 1400 0.40 End UD-CPS (LD) Variable 

17 W30x173 CECB 1400 - Interior UD-CPS (NF) Constant (20%) 

18 W30x173 DECB 1400 0.40 Interior UD-CPS (NF) Constant (20%) 

19 W30x173 CECB 1400 - End UD-CPS (NF) Variable 

20 W30x173 DECB 1400 0.40 End UD-CPS (NF) Variable 

 

 

Figure 6.11 Adopted bidirectional symmetric lateral loading history (Elkady and Lignos 2018a). 

 

A typical story height of 4000 mm was assumed in all cases. Prior work emphasized on the influence of the 

column top end boundary conditions to accurately capture structural response (Elkady and Lignos 2018a). 

Others (Chi and Uang 2002; Zhang and Ricles 2006a) have also demonstrated that deep and slender column 

cross sections are prone to torque demands after the formation of local buckling within the dissipative zones 

of adjoining girders. Both aspects were considered in the CFE model according to detailed procedures sum-

marized in Inamasu et al. (2019). All-in-all, the employed CFE modeling strategy generally coincides to that 

summarized in Section 6.3. 
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(a) Near fault type 

  

(b) Long-duration type 

Figure 6.12 Collapse-consistent protocols for W30x173 columns. 

 

The subsequent sections discuss in detail the dependence of the hysteretic behavior of DECBs on the afore-

mentioned loading and geometric parameters. This is achieved by examining representative moment versus 

column drift ratio and axial shortening versus column drift ratio relations from the virtual test matrix, which 

was summarized in Table 6.3. The observational trends are compared with those of CECBs to contextualize 

the benefits of the proposed DECB concept in prospective seismic designs of steel MRFs. 

 

6.5.1 Dependence on cross-sectional characteristics 

Figure 6.13 shows a comparison of column base moment versus column drift ratios for interior DECBs and 

CECBs featuring W30 and W24 cross sections. These plots are qualitatively representative of all CFE simula-

tions. Referring to Fig. 6.13, all CECBs reached their peak flexural strength at modest lateral drift demands 

(i.e., 1.5 to 2 % rad) regardless of the cross-sectional characteristics. At a lateral drift demand of 4 % rad, steel 

columns, in conventional non-dissipative bases, lost their peak flexural resistance by at least 75 % due to 
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flexural strength deterioration attributable to local buckling near the bottom of the column above the founda-

tion. In column members with a large member slenderness ratio (i.e., 𝐿𝑏/𝑟𝑦 > 79), coupled local and member 

nonlinear geometric instabilities acting synergistically compromised the overall column seismic stability (see 

Fig. 6.13d). These observations are consistent with prior work by the authors on CECBs (Inamasu et al. 2019). 

Conversely, Figure 6.13 highlights that DECBs generally yield at lower base moments than their conventional 

counterparts, as expected. Interestingly, DECBs do not exhibit any flexural strength deterioration up until a 

reference lateral drift demand of 4 % rad, which is, on average, what to be expected in steel MRFs when 

subjected to low-probability of occurrence seismic events (i.e., 2 % probability of exceedance over 50 years). 

 

  

(a) W30x173 (b) W30x148 

  

(c) W24x117 (d) W24x103 

Figure 6.13 Comparison between DECBs and CECBs under symmetric cyclic loading with compressive ax-

ial load in base moment - column drift ratio relations. 

 

Dissipative bases featuring both narrow (see Figs. 6.13b and 6.13d) and wide (see Figs. 6.13a and 6.13c) flange 

cross sections reached nearly 90 % and 75 %, respectively, of the expected peak flexural strength of the 
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unreduced cross section at a lateral drift demand of 4 % rad. Therefore, the minimum reduced flange width 

criterion (i.e., 𝑏𝑓,𝑟 = 𝑡𝑤 + 2𝑟 + 30 mm) within the dissipative zone of the embedded portion suffice in pre-

venting local buckling in the steel column regardless of the examined cross-sectional characteristics. 

Prior work has emphasized on the significance of column residual axial shortening on building demolition 

(Elkady et al. 2020; Inamasu et al. 2020). Figure 6.14 depicts characteristic comparisons between CECBs and 

DECBs in terms of column axial shortening versus column drift ratio relations. While steel columns in con-

ventional bases exhibit substantial axial shortening due to the formation of local buckling, those in dissipative 

bases denote considerably less shortening. For instance, at a lateral drift demand of 2 % rad, which is charac-

teristic of steel MRF response under design basis earthquakes (i.e., 10 % probability of exceedance over 50 

years), CECBs are likely to experience axial shortening of 10 to 30 mm depending on the cumulative plastic 

rotation demand. On the other hand, the simulation results suggest that DECBs do not experience, on average, 

more than 15 mm axial shortening for the same loading history. Noteworthy stating that at a lateral drift de-

mand of 4 % rad, CECBs featuring W30x148 (see Fig. 6.14b) and W24x103 (see Fig. 6.14d) cross sections 

lost their lateral load carrying capacity while exhibiting more than 100 mm axial shortening. On the other hand, 

DECBs experienced fairly minor shortening because they are resilient to local buckling. 

 

6.5.2 Bidirectional effects 

Steel MRF columns in buildings subjected to earthquake shaking are prone to bidirectional lateral drift de-

mands. Figure 6.15 demonstrates the effect of bi-directional lateral drifts on the hysteretic behavior of DECBs 

featuring W30x173 cross section. The simulations suggest that there is negligible influence on the flexural 

strength of the DECBs due to axial load - biaxial bending interaction. Thus, the overall moment - column drift 

ratio relation of DECBs is insensitive to bidirectional lateral loading. Same findings hold true for the evolution 

of column axial shortening as well as other cross-sectional shapes that were examined. However, the simula-

tion results are not shown due to brevity. The above findings generally agree with experimental observations 

in fixed-end wide flange columns (Elkady and Lignos 2018a). 
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(a) W30x173 (b) W30x148 

  

(c) W24x117 (d) W24x103 

Figure 6.14 Comparison between DECBs and CECBs under symmetric cyclic loading with compressive ax-

ial load in column axial shortening - column drift ratio relations. 

 

 

Figure 6.15 Dependence of dissipative embedded column base moment versus column drift ratio on bidirec-

tional and unidirectional lateral drift demands (W30x173). 
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6.5.3 Dependence on lateral loading histories 

Prior research investigations [e.g., FEMA (2009); Krawinkler (2009); Lignos et al. (2011); Maison and 

Speicher (2016); Suzuki and Lignos (2020a)] have demonstrated the influence of loading history on perfor-

mance assessment of structural members with particular emphasis at lateral drift demands associated with 

structural collapse. Moreover, the issue of hazard consistency on structural performance evaluation at incipient 

collapse has been raised (Chandramohan et al. 2016; Raghunandan et al. 2015; Suzuki and Lignos 2021). 

Figure 6.16 compares the hysteretic behavior of interior (i.e., axial load demand remains constant) CECBs and 

DECBs featuring a W30x173 cross section. when subjected to collapse-consistent protocols representing near-

fault (see Fig. 6.16a) and long duration (see Fig. 6.16b) ground motions. The simulations were conducted till 

CECBs lost their load carrying capacity due to local buckling-induced shortening. 

 

  

(a) Column base responses under collapse consistent protocols representing near-fault ground motions 

  

(b) Column base responses under collapse consistent protocols representing long duration ground motions 

Figure 6.16 Comparison of hysteretic responses between W30x173 interior columns with DECB and CECB 

under hazard-consistent collapse loading protocols. 
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Referring to Fig. 6.16a (left), the hysteretic response of both bases is fully asymmetric due to the large drift 

excursion of 7 % rad. However, the CECB experiences more than 80 % loss of its peak flexural strength at the 

end of the imposed lateral loading history due to the early onset of local buckling at a lateral drift of 2 % rad. 

This is accompanied by more than 200 mm of axial shortening (see Fig. 6.16a right), which indicates a sub-

stantial loss of the axial load carrying capacity of the steel column. Conversely, the moment - column drift 

ratio of the DECB counterpart (see Fig. 6.16a left) is fairly stable even at a lateral drift of 7 % rad. This is 

attributed to the fact that the primary energy dissipation mechanism does not rely on cross-sectional local 

buckling near the column bottom. 

Figure 6.16b depicts hysteretic response comparisons of the same interior CECB and DECB when subjected 

to a collapse-consistent lateral loading protocol that depicts ground motion duration, which is characteristic of 

subduction zone earthquakes (Raghunandan et al. 2015). The base moment - column drift ratio relation in both 

cases is fairly symmetric. Contrary to the DECB hysteretic response, the early onset of local buckling (i.e., 

lateral drift demand of 2 % rad) near the column bottom of the CECB results in considerable flexural strength 

deterioration as well as axial shortening in the steel column. The large number of inelastic cycles prior to 

primary loading excursions cause more than 50 mm of axial shortening (see Fig. 6.16b right) in the CECB 

even at modest lateral drift demands of 2 % rad. Because the compressive axial load demand remains constant, 

the change of lateral loading direction causes neutral axis shifting within the column cross section, which in 

turn causes accumulated axial shortening due to compressive stress ratcheting (Suzuki and Lignos 2021). 

 

6.5.4 Dependence on transient axial load 

Suzuki and Lignos (2015, 2021) demonstrated experimentally that the primary differences between the re-

sponse of adjacent interior versus end (exterior) steel MRF columns at incipient collapse are mostly attributed 

to the transient axial load demand. To further comprehend the influence of dynamic overturning effects on the 

cyclic behavior of DECBs and contrast this to their CECB counterparts, the W30x173 columns with both base 

types were re-analyzed by considering variable axial load demands. 

Figure 6.17 shows characteristic comparisons of the hysteretic responses for both cases when subjected to the 

hazard-consistent collapse loading protocols discussed earlier (see Fig. 6.12). From the moment - column drift 

ratio relations, CECBs exhibit fairly asymmetric moment demands due to the transition from compressive to 

tensile axial load particularly in the post-peak response, which agrees with prior work (Suzuki and Lignos 

2021). This demonstrates their dependence on the axial load bending interaction. Conversely, DECBs experi-

ence fairly symmetric flexural demands regardless of the employed lateral loading history. The influence of 

compressive axial load demands on the hysteretic response of DECBs is fairly minor because the dissipative 

zone, which is restrained against nonlinear geometric instabilities by the surrounding concrete within the em-

bedment, is under a biaxial stress state.  
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(a) 

  

(b) 

Figure 6.17 Comparison of hysteretic responses between end columns with a DECB and CECB under haz-

ard-consistent collapse loading protocols representing (a) near-fault ground motions; (b) long duration 

ground motions. 

 

Unlike interior first story columns, in which the compressive axial load remains constant, local buckling in 

CECBs does not progress as much regardless of the loading history.  The tensile axial load excursions retain 

the location of the neutral axis within the cross section that experienced local buckling even when the lateral 

drift reverses. As such, compressive stress ratcheting is not as pronounced in both flanges of the wide flange 

cross section (Suzuki and Lignos 2021). In turn the progression of local buckling in the compressed flange is 

fairly small throughout the loading history. This has a profound effect on axial shortening in this case [see Figs. 

6.17a and b (right)], which is much smaller than that of interior columns with CECBs (see Fig. 6.16). 

Suzuki and Lignos (2020b, 2021) showed that axial shortening attributable to local buckling is up to 10 times 

larger in interior than in end columns, which leads to differential axial shortening within a steel MRF story 

even at modest lateral drift demands during subduction zone events. From a collapse prevention standpoint, 

this may be a major challenge because still girders between adjustment steel MRF columns may experience 
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catenary action, which is not considered in seismic design of pre-qualified fully restrained beam-to-column 

connections according to AISC 358-16 (AISC 2016c). Figure 6.17 demonstrates that end columns in DECBs 

generally experience less axial shortening than in CECBs. Moreover, the expected axial shortening in this case 

is comparable with that in interior columns in DECBs (see Fig. 6.16), thereby minimizing potential tensile 

axial loads due to catenary action within a steel MRF’s girders. 

 

6.6 Summary and conclusions 

Mid- and high-rise steel frame buildings with moment-resisting frames (MRFs) as their primary lateral load-

resisting system usually feature embedded column base connections to realize a fixed end boundary. The cur-

rent design paradigm employs non-dissipative bases in which inelastic deformations concentrate within the 

steel column (i.e., strong base/weak column). Recent advancements in column base design suggest that an 

alternative concept, which promotes energy dissipation within the column base rather than the steel column 

itself, could potentially minimize local buckling-induced axial shortening in first story steel MRF columns 

under earthquake shaking. To enable performance-based seismic design of steel MRFs with such connections, 

which are termed dissipative embedded column bases (DECBs), a nonlinear finite element analysis approach 

was developed and verified. The proposed model enabled accurate simulations of the cyclic behavior of both 

conventional and dissipative bases. The continuum finite element model enabled parametric finite element 

simulations, thus further refining the DECB concept. Moreover, the influence of several loading and geometric 

parameters on the seismic performance of DECBs was interrogated. The primary findings of the present study 

are as follows: 

 The use of horizontal stiffeners in DECBs is encouraged in order to minimize localized flange defor-

mations attributable to bearing with the RC foundation at lateral drift demands larger than 4 % rad. At 

modest lateral drifts associated with design basis earthquake events, the above consideration is not imper-

ative. 

 The simulation results suggest that the examined steel columns in conventional bases are likely to expe-

rience axial shortening of 10 to 30 mm under a lateral drift demand of 2 % rad, which may be associated 

with a steel MRF response under design basis earthquakes. On the other hand, DECBs experience up to 

60 % less axial shortening than their conventional counterparts regardless of the employed loading history 

and lateral drift amplitude of interest because they are resilient to local buckling. 

 A minimum reduced flange width criterion within the dissipative zone of the embedded column base 

portion is proposed and validated to prevent local buckling in seismically compact column cross sections. 
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 Direct comparisons of the hysteretic behavior of DECBs under unidirectional and bidirectional loading 

underscore that DECBs are insensitive to bidirectional loading. However, the influence of vertical seismic 

excitations has not been examined in conjunction with the direction of loading. 

 Nonlinear finite element simulations with emphasis at incipient collapse suggest that the hysteretic be-

havior of DECBs is fairly stable even at lateral drift demands of 7 % rad. This is attributed to the fact that 

the primary energy dissipation mechanism does not rely on cross-sectional local buckling as in wide 

flange steel columns of conventional bases. 

 Numerical simulations reveal that axial shortening in interior columns is about 10 times larger than in end 

columns with conventional bases when duration is an important characteristic of the ground motion. This 

naturally causes differential axial shortening between adjacent columns within the same steel MRF story. 

Conversely, axial shortening in interior and end steel columns featuring DECBs is nearly the same for a 

given lateral loading history. In this case, axial shortening is mostly attributed to accumulated plastic 

strain within the dissipative zone of the DECB. 
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 Conclusions and future work 

7.1 Summary 

This doctoral thesis focused on the development and validation of novel dissipative embedded column base 

connections (ECBs) for enhancing the seismic behavior of steel moment resisting frames (MRFs). The dissi-

pative ECB concept was based on extensive numerical simulations that explored the nonlinear interaction of 

wide flange steel columns embedded into reinforced concrete (RC) footings. The developed concept, which 

was validated experimentally, shows promise in minimizing residual deformations in steel columns attributa-

ble to inelastic local buckling during earthquake loading. Other practice-oriented contributions of this thesis 

involve the further development of seismic design procedures for conventional ECB connections. 

 

7.2 Conclusions 

7.2.1 Interaction between wide flange steel columns and embedded column bases 

A mixed dimension continuum finite element (CFE) modeling approach was proposed to simulate the nonlin-

ear interaction between wide flange steel columns and ECBs in steel MRFs. The modeling approach was val-

idated to full-scale experiments. Comprehensive parametric studies using this modeling approach were con-

ducted to investigate the effects of elastic and inelastic behavior of ECBs on the seismic behavior of ECB 

connections. 

Particularly, the inherent elastic flexibility of ECBs was found to have an appreciable effect on the deformation 

capacity of ECB connections as well as the steel column axial shortening attributable to local buckling. Best 

estimates of the elastic ECB flexibility generally increased the deformation capacity at the peak flexural 

strength of the ECB connection by up to about 40 % relative to the ideally fixed case for the expected range of 

compressive axial load ratios in first-story steel MRF columns. At a reference lateral drift ratio of 2 % rad (i.e., 

corresponding to a drift amplitude associated with a design basis earthquake), axial shortening was less than 

20 mm. Further benefits in deformation capacity increase and axial shortening reduction can be achieved if a 

more flexible base is considered. 

When the hysteretic energy dissipation was balanced between the steel column and the ECB, the plastic defor-

mation due to local buckling of slender, but seismically compact, column cross sections was effectively re-

duced by up to 50 % for a given lateral drift demand. At a reference 4.0 % rad column drift ratio, the reduction 

in the accumulated plastic rotation of the steel column was 50 %, thereby minimizing axial shortening. The 
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extent of this effect was controlled by the peak flexural strength ratio between the steel column and the ECB 

as well as the plastic rotation of the ECB. The peak flexural strength ratio should be larger than one in order 

to prevent concentrating the inelastic deformations within the ECB. There is no benefit in deformation capacity 

increase and axial shortening reduction when stocky columns are employed in the seismic design of steel 

MRFs. 

 

7.2.2 Recommended seismic design procedures of conventional embedded column bases 

The adequacy of the design equations for predicting the flexural strength of conventional ECBs in steel MRFs 

was evaluated based on available experimental data from the literature. The seismic demands on conventional 

ECBs were quantified by means of nonlinear CFE analyses. 

The AISC design approach of ECB connections (AISC 2012, 2016a), unintentionally, does not prevent the 

inelastic behavior of ECBs in steel MRFs. This is attributed to the nonlinearity of the embedded bases prior to 

reaching their peak flexural strength, which is typically neglected when determining the flexural strength of 

ECBs. Moreover, the current procedures for estimating the flexural demands in ECB connections neglect the 

effects of steel material cyclic hardening, cross-sectional slenderness, and loading history. The above findings 

are substantiated by field observations in steel MRFs from past earthquakes. On the other hand, the AIJ strength 

design model (AIJ 2012) underestimates the peak flexural strength of conventional ECBs by at least a factor 

of two. The estimation of flexural resistance of conventional ECB connections should be based on 65 % of the 

ECB peak flexural strength if purely elastic behavior of the RC foundation is intended. 

Simple empirical design equations to estimate the peak flexural demands of non-dissipative ECBs were pro-

posed. The equations were expressed as a function of web local slenderness and gravity-induced axial load 

ratios of steel MRF columns. 

 

7.2.3 Development and validation of dissipative embedded column bases 

A novel ECB design concept, called dissipative ECB connection, was developed on the basis of numerical 

simulation results that investigated the nonlinear interaction of steel columns with RC footings. The proposed 

concept defies the current design paradigm in capacity-designed steel MRFs where column bases have been 

traditionally conceived as non-dissipative. In the dissipative ECB connection, the embedded column portion 

inside the RC foundation featured a dissipative zone, which was engineered such that nonlinear geometric 

instabilities are prevented while the RC foundation itself remains practically undamaged. Large-scale quasi-

static experiments were conducted to validate this concept. The experimental results, which were obtained 

from reversed symmetric cyclic loading histories, were contrasted between dissipative ECB connections and 

a conventional non-dissipative ECB connection. 
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The experimental results suggest that the developed dissipative ECB connections typically exhibited a stable 

hysteretic behavior till relatively large lateral drift demands (i.e., 7-9 % rads) without experiencing (a) RC 

foundation cracking (excluding cover concrete, which may be easily repaired); and (b) local buckling near the 

steel column base above the RC footing. The latter resulted in nearly zero column axial shortening and member 

twisting, both of which were prevailing in conventional non-dissipative ECB connections. 

The assessment of the measured moment - rotation relations and strain distributions indicated that, in dissipa-

tive ECB connections, the specified dissipative zone in the embedded column portion experienced inelastic 

deformations as intended, unlike the conventional ECB connections in which the column portion above the 

foundation was the dissipative zone. Moreover, the ultimate failure mode of dissipative ECB connections was 

fracture of a column flange within the dissipative zone, which consistently occurred above 7 % rad lateral drift 

demands. Loss of load carrying capacity of the column was mostly related to the fracture due to ultra-low cycle 

fatigue rather than strength deterioration resulting from nonlinear geometric instabilities. 

Supplemental CFE analyses of dissipative ECB connections were conducted to complement the experimental 

program. Based on the numerical analyses results, the prototype dissipative ECB connection configuration was 

further improved by means of simulation-based engineering. Several geometric and loading parameters were 

investigated. The hysteretic response of the newly developed dissipative ECB connections was contrasted to 

that of their conventional counterparts. Through simulation-based engineering, the use of horizontal stiffeners 

in dissipative ECB connections is generally encouraged in order to minimize localized flange deformations 

attributable to bearing with the RC foundation at lateral drift demands larger than 4 % rad. 

Further simulations indicate that the hysteretic behavior of dissipative ECBs was fairly stable even at lateral 

drift demands of 7 % rad regardless of the employed lateral loading history. At this drift range, steel MRFs are 

prone to structural collapse because of P-Delta effects. The relatively large drift capacities at incipient collapse 

are attributed to the fact that the primary energy dissipation mechanism does not rely on cross-sectional local 

buckling as in wide flange steel columns of conventional bases. 

Numerical simulations revealed that axial shortening was about 10 times larger in interior than in end columns 

with conventional ECBs when duration was an important characteristic of the ground motion. This naturally 

caused differential axial shortening between adjacent columns within the same steel MRF story. Conversely, 

axial shortening in interior and end columns with dissipative ECBs was nearly the same for a given lateral 

loading history and it was mostly attributed to accumulated plastic strain within the dissipative zone of the 

dissipative ECB. 

The backbone curve of dissipative ECB connections is characterized by a simple bilinear relation. The elastic 

stiffness as well as the flexural yield strength of dissipative ECB connections were analytically derived based 

on first principles of structural mechanics. The variation of the post-yield stiffness of the proposed dissipative 

ECB connections was between only 5 % and 10 % of their elastic stiffness. This indicated that the behavior of 
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dissipative ECB connections can be easily modeled even at large drift demands associated with side-sway 

global frame instability. Such models may be used for performance-based evaluation of steel MRFs equipped 

with dissipative ECBs with emphasis at collapse according to FEMA P695 (FEMA 2009). 

 

7.3 Recommendations for future research 

The following research topics are proposed for potential future research studies based on the contributions of 

this thesis: 

 While the beneficial role of the ECB flexibility on the seismic performance of steel columns was stressed, 

this is not systematically incorporated in current standards [e.g., (AISC 2016a; CEN 2004a)]. Within such 

a context, the seismic performance of steel MRFs designed by acknowledging the elastic flexibility of 

ECBs in the design phase should be investigated by placing emphasis on quantification of the risk for 

building demolition due to vertical and lateral residual deformations within the performance-based earth-

quake engineering framework. 

 The proposed dissipative ECB concept should be validated with system-level 3-dimensional shake table 

experiments to investigate the impact of viscoelastic behavior of the debonding material on the overall 

dissipative ECB connection behavior. 

 The benefits of the proposed dissipative ECB concept should be contextualized and generalized with steel 

MRF building archetypes. Vulnerability curves should be developed to demonstrate the benefits of the 

developed technology based on comprehensive life cycle analyses. 

 This PhD thesis focused on wide flange steel columns embedded into RC footings. A dissipative ECB 

configuration specifically detailed for hollow structural steel section columns should also be developed. 

 Soil-structure interaction is likely to have a strong impact on the overall behavior of dissipative ECB 

connections. Cases in which soil plastification may be expected should be examined in conjunction with 

the dissipative ECB concept. 
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Appendix: Design guideline for dissipative em-

bedded column base connections 

A.1 Step-by-step design procedure for dissipative embedded column base connections 

This annex provides a step-by-step procedure to design, detail and fabricate a dissipative embedded column 

base connection for a given steel wide flange cross section. The main parts of a dissipative embedded column 

base connection are shown in Fig. A.1 

 

 

Figure A.1 Exploded view of a dissipative embedded column base connection. 

 

A.1.1 Design guide of dissipative embedded column base connections 

Step 1: Determine the embedment depth of the column, 𝑑𝑒𝑚𝑏𝑒𝑑 

The embedment depth of the column, 𝑑𝑒𝑚𝑏𝑒𝑑, should be determined in such a way that the reinforced concrete 

(RC) foundation is designed as non-dissipative.  In that respect, concrete crushing should be prevented. Con-

ditions (A.1) and (A.2) should be satisfied in accordance with Chapter 4 as well as the AISC design equation 

(AISC 2012; AISC 2016a). 

 0.9 ∙ 0.65 ∙ 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 > 𝑀𝑚𝑎𝑥

𝐶𝑜𝑙  (A.1) 
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 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 = 4.04√𝑓𝑐

′ ∙ (
𝑏𝑤

𝑏𝑓
)

0.66

∙ 𝛽1 ∙ 𝑏𝑓 ∙ 𝑑𝑒𝑚𝑏𝑒𝑑 ∙ (
0.58−0.22∙𝛽1

0.88+
𝐿𝑐

𝑑𝑒𝑚𝑏𝑒𝑑

) ∙ 𝐿𝑐 (A.2) 

For interior columns, 𝑀𝑚𝑎𝑥
𝐶𝑜𝑙  may be estimated according to Equation (A.3), 

 𝑀𝑚𝑎𝑥
𝐶𝑜𝑙 = 𝑅𝑦𝑓𝑦,𝑛𝑍 ∙ [1.89 − 0.016 ∙ (

ℎ

𝑡𝑤
) − 0.996 ∙ (

𝑃𝑔

𝑃𝑦𝑒
)] (A.3) 

whereas for end columns, 𝑀𝑚𝑎𝑥
𝐶𝑜𝑙  may be estimated according to Equation (A.4): 

 𝑀𝑚𝑎𝑥
𝐶𝑜𝑙 = 𝑅𝑦𝑓𝑦,𝑛𝑍 ∙ [1.60 − 0.009 ∙ (

ℎ

𝑡𝑤
)] (A.4) 

where, 

𝑓𝑐
′  is the specified concrete compressive strength (in MPa);  

𝑏𝑤  is the width of the concrete foundation perpendicular to the plane of bending (in mm); 

𝑏𝑓  is the unreduced column flange width (in mm); 

𝐿𝑐  is the distance from the top surface of the RC foundation to the inflection point of the column (in 

mm);  

𝛽1  is a factor relating the depth of the equivalent rectangular compressive stress block to the neutral axis 

depth as defined in ACI (2014); 

𝑑𝑒𝑚𝑏𝑒𝑑  is the embedment depth of the steel column; 

𝑅𝑦  is the ratio of the expected yield stress to the specified minimum yield stress of the steel material of 

the column; 

𝑓𝑦,𝑛  is the specified minimum yield stress of the steel material of the column;  

𝑍  is the plastic section modulus of the unreduced column cross section; 

ℎ 𝑡𝑤⁄   is the web local slenderness of the column; 

𝑃𝑔 is the gravity-induced column axial load; 

𝑃𝑦𝑒 is the axial yield strength of the unreduced column cross section based on expected material proper-

ties, 𝑃𝑦𝑒 = 𝑅𝑦𝑓𝑦,𝑛𝐴 (𝐴 is the cross-sectional area of the unreduced column cross section). 

 

Step 2: Design of reinforcing bars 

The concrete foundation should be reinforced with longitudinal rebars placed near the top foundation surface 

and the base plate level. Transverse reinforcing bars should be used to confine the longitudinal rebars. Hoop 

reinforcing bars should be used around the steel column. The steel reinforcement should be sized and arranged 
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as per AISC (2012) and AISC (2016a). Potential concrete failure under lateral force demand, 𝑀𝑚𝑎𝑥
𝐸𝐶𝐵 /𝐿𝑐 should 

be prevented. 

 

Step 3: Determine the geometry of the embedded column portion 

Lengths 𝑒𝑑,𝑡 and 𝑒𝑑,𝑏 above and below the reduced section (see Fig. A.2) may be assumed equal to 100 mm. 

The radius of the flange cut with quadrant shape, 𝑟𝑐𝑢𝑡, may be assumed equal to (𝑏𝑓 − 𝑏𝑓,𝑟)/2 

where,  

𝑏𝑓,𝑟  is the reduced column flange width.  

 

The reduced flange width, 𝑏𝑓,𝑟, may be assumed equal to 𝑡𝑤 + 2𝑟 + 30mm to prevent local buckling above 

the RC foundation prior to a lateral story drift ratio larger than 4 %rad. Depending on the anticipated perfor-

mance, other values may be considered or the reduced flange width, 𝑏𝑓,𝑟.  

 

Figure A.2 Geometry of the embedded column portion. 

 

Step 4: Determine the thickness of horizontal stiffeners 

Horizontal stiffeners above the RC foundation should be placed 50 mm higher than the foundation top surface 

(See Fig. A.3). The thickness of the horizontal stiffeners may be determined as per AISC (2016a). The stiff-

eners may be welded through complete joint penetration (CJP) or fillet welds. The fillet weld size may be 

greater than the minimum fillet size as per AISC (2016b). Face bearing plates, deformed bar anchors, embed-

ded stiffeners and shear stud connectors shall not be installed to the embedded portion of the column. 
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Figure A.3 Welded stiffeners to the column between flanges. 

 

Step 5: Determine the base plate dimension 

The steel base plate should remain elastic when in bearing with concrete. The footprint of the base plate should 

be large enough to transfer the column axial load to the foundation.  

 

A.1.2 Fabrication sequence 

Step 1: A steel column, a base plate with holes for leveling anchor rods, stiffener plates, debonding material 

(e.g., butyl rubber tape), and soft filler material (e.g., styrofoam) should be prepared. 

 

Step 2: Column flanges should be cut into the specified shape with oxy fuel thermal cutting (see Fig. A.4). 

 

 

Figure A.4 Column flange cutting. 
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Step 3: The column should be welded to the base plate. Complete joint penetration welds may be used for this 

purpose without any particular fabrication and inspection requirements (see Fig. A.5). 

 

Figure A.5 CJP welding between column bottom and the steel base plate. 

 

Step 4: Horizontal stiffeners should be welded to the column as shown in Fig. A.3. Welds may by CJP or fillet. 

 

Step 5: The reduced flange portion should be filled with soft filler material. Blocks of soft filler material should 

be placed below the stiffeners as shown in Fig. A.6. 

 

 

Figure A.6 Welding stiffeners to the column between flanges. 

 



Appendix: Design guideline for dissipative em-bedded column base connections 

166 

Step 6: The column embedded portion should be wrapped with the debonding material. The length for wrap-

ping should be from the top surface of the base plate to the RC foundation top surface level (see Fig. A.7). 

 

 

Figure A.7 Wrapping the column with debonding material. 

 

Step 7: Build formwork for concrete casting (see Fig. A.8). 

 

 

Figure A.8 Formwork for concrete casting. 
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Step 8: A wire mesh should be placed at the bottom part of the foundation (see Fig. A.9a). A first concrete 

layer may be casted after placing the leveling anchor rods as shown in Fig. A.9b. 

 

  

(a) Placing wire mesh  (b) Placing anchor rods 

Figure A.9 Components to be embedded inside the first concrete layer. 

 

Step 9: Cast the first concrete layer (see Fig. A.10). 

 

Figure A.10 Anchor rods embedded into the first concrete layer. 

 

Step 10: The column should be erected and installed in position. The embedded anchor rods should be used to 

level the column by adjusting the leveling nuts (see Fig. A.11). 
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Figure A.11 Column installed and leveled with leveling nuts attached to anchor rods. 

 

Step 11: The reinforcing bars should be assembled prior to casting of the second concrete layer (see Fig. A.12). 

 

 

Figure A.12 Assembled reinforcing bar cage outside the formwork. 

 

Step 12: The assembled reinforcing bar cage should be installed in place as shown in Fig. A.13. 
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Figure A.13 Installation of the rebar cage inside the formwork. 

 

Step 13: The second concrete layer should be casted (see Fig. A.14). 

 

 

Figure A.14 Casted second concrete layer. 



Appendix: Design guideline for dissipative em-bedded column base connections 

170 

A.2 Simplified assessment models for nonlinear analysis 

This section provides practical recommendations for developing simplified assessment models of dissipative 

embedded column base connections. These may be modeled with a simple bilinear model as shown in Fig. 

A.15. 

 

 

Figure A.15 Simplified bilinear model of a dissipative embedded column base connection. 

 

A.2.1 Elastic stiffness 

Figure A.16 illustrates the elastic model presented in Chapter 5. The column top lateral displacement (Δ) of 

the cantilever column with a dissipative embedded column base subjected to lateral force, 𝑃, is determined as 

follows: 

 Δ =
𝑃

3𝐸𝐼 (𝐻−𝐿𝑑)3⁄
+

𝑃

𝐺𝐴𝑣 (𝐻−𝐿𝑑)⁄
+ 𝑥𝑟𝑏 + 𝜃𝐿𝑑(𝐻 − 𝐿𝑑) (A.5) 

where, 

𝐸  is the Young’s modulus of the steel material of the column;  

𝐼  is the moment of inertia of the unreduced cross section;  

𝐻  is defined in Fig. A.16; 

𝐿𝑑  is defined in Fig. A.16;  

𝐺  is the elastic shear modulus;  

𝐴𝑣  is the shear area of the column along the strong axis; 

𝜃𝐿𝑑
  is the rotation due to flexure at the level of the concentrated bearing reaction force; 

𝑥𝑟𝑏  is the normal displacement of the butyl rubber tape and is expressed with the deflection due to flexure 

 (𝛿𝑓,𝐿𝑑
) and shear (𝛿𝑠,𝐿𝑑

) at the level of the concentrated bearing reaction force: 

 𝑥𝑟𝑏 = 𝛿𝑓,𝐿𝑑 + 𝛿𝑠,𝐿𝑑
 (A.6) 
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The moment demand shown in Fig. A.16 may be considered. The second moment of area along the column 

length may be idealized into two (one with unreduced cross section and the other with reduced cross section) 

as shown in Fig. A.16. 

The rotational stiffness of the dissipative embedded column base may be computed according to Equation 

(A.7): 

 𝐾𝑒
𝐷𝐸𝐶𝐵 =

𝑃

𝛥𝐷𝐸𝐶𝐵 ∙ 𝐿𝑐
2 (A.7) 

where, 

𝐿𝑐  is the cantilever height as shown in Fig. A.16;  

Δ𝐷𝐸𝐶𝐵  is the column top displacement contribution due to the dissipative embedded column base which may 

 be determined by subtracting the elastic deflection of the column above the foundation from the total 

 column top displacement, Δ. 

A Matlab script has been made publicly available in GitHub to compute 𝐾𝑒
𝐷𝐸𝐶𝐵. 

https://github.com/RESSLab-Team/Dissipative_Embedded_Column_Base_Compute_Ke. 

 

Figure A.16 Illustration of elastic stiffness model (Identical to Figure 5.18) (𝑘𝑟𝑏 = 𝐸𝑟𝑏𝑏𝑓𝑒𝑑,𝑡 𝑡𝑟𝑏⁄ ) 

 

The deduced rotational stiffness, 𝐾𝑒
𝐷𝐸𝐶𝐵, may be assigned to a zero-length rotational spring, which should be 

placed at the bottom end of the column. Alternative modeling approaches may be used as well. 

https://github.com/RESSLab-Team/Dissipative_Embedded_Column_Base_Compute_Ke
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NOTE: The value of 𝐾𝑒
𝐷𝐸𝐶𝐵 is dependent on the cantilever height, 𝐿𝑐 because the reaction from the butyl rub-

ber tape depends on the level of lateral force.  

 

A.2.2 Flexural resistance at yield 

The flexural resistance at yield of the dissipative embedded column base connection, 𝑀𝑦
𝐷𝐸𝐶𝐵 corresponding to 

the dissipative zone inside the foundation may be determined as follows.  

 𝑀𝑏𝑎𝑠𝑒,𝑦
𝐷𝐸𝐶𝐵 = 𝑅𝑦𝑓𝑦,𝑛𝑆𝑟 ∙ (1 −

𝑃

𝑃𝑦𝑒,𝑟
) ∙

𝑑𝑒𝑚𝑏𝑒𝑑

𝑑𝑒𝑚𝑏𝑒𝑑−𝑒𝑑,𝑡−𝑟𝑐𝑢𝑡
 (A.8) 

where, 

𝑆𝑟  is the elastic section modulus of the reduced cross section;  

𝑃 is the axial load demand of the column in the seismic design situation; 

𝑃𝑦𝑒,𝑟  is the yield strength of the reduced column cross section based on expected material properties, 𝑃𝑦𝑒,𝑟 =

𝑅𝑦𝑓𝑦,𝑛𝐴𝑟 (𝐴𝑟 is the cross-sectional area of the reduced column cross section). 

 

A.2.3 Effective flexural resistance at yield 

The effective flexural resistance at yield of a dissipative embedded column base connection, 𝑀𝑏𝑎𝑠𝑒,𝑦
∗𝐷𝐸𝐶𝐵 may be 

computed as follows:  

 𝑀𝑏𝑎𝑠𝑒,𝑦
∗𝐷𝐸𝐶𝐵 = {

1.15 ∙ 𝑅𝑦𝑓𝑦,𝑛𝑍𝑟 ∙ (1 −
𝑃

2𝑃𝑦𝑒,𝑟
) ∙

𝑑𝑒𝑚𝑏𝑒𝑑

𝑑𝑒𝑚𝑏𝑒𝑑−𝑒𝑑,𝑡−𝑟𝑐𝑢𝑡
   if 

𝑃

𝑃𝑦𝑒,𝑟
< 0.20

1.15 ∙ 𝑅𝑦𝑓𝑦,𝑛𝑍𝑟 ∙
9

8
∙ (1 −

𝑃

𝑃𝑦𝑒,𝑟
) ∙

𝑑𝑒𝑚𝑏𝑒𝑑

𝑑𝑒𝑚𝑏𝑒𝑑−𝑒𝑑,𝑡−𝑟𝑐𝑢𝑡
   if 

𝑃

𝑃𝑦𝑒,𝑟
≥ 0.20

 (A.9) 

NOTE: The factor 1.15 accounts for the effects of cyclic hardening on the column flexural resistance. 

 

A.2.4 Post-yield stiffness 

The post-yield stiffness of a dissipative embedded column base connection, 𝐾𝑝
𝐷𝐸𝐶𝐵, may be assumed equal to 

7 % of its elastic stiffness. Other values may be adopted based on testing. 

 

A.2.5 Deformation at ultimate 

The chord rotation at ultimate, 𝜃𝑢𝑙𝑡
𝐷𝐸𝐶𝐵 of a dissipative embedded column base connection may be assumed 

equal to 0.07 rads. Other values may be adopted based on testing. 
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